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CHAPTER 1 
INTRODUCTION TO 
STRUCTURAL STEEL DESIGN 


Structural steel is a wonderful and versatile material for design, whether creating elegant and beautiful 
buildings or utilitarian sheds. Melting of iron for the production of tools and other small objects dates back 
to the Iron Age, more than 3,000 years ago. The iron-making process developed through ancient times, 
with blast furnaces for production of steel developing in many different parts of the world at times ranging 
from the first to the fifth centuries, though more modem and effective furnaces date from the 1500s. By 
the opening of the Iron Bridge across the Severn River in England in 1781, the production of structural 
steel was increasingly affordable and steel was increasingly used in structures throughout the Industrial 
Revolution. In Western Canada, the early use of structural steel in buildings is fundamentally tied to the 
building of the transcontinental railway, when larger railway bridge, station, and hotel structures were 
constructed of steel. Following the railway’s completion, it provided a means of transportation for getting 
the steel from the furnaces in Eastern Canada and United States to the West Coast. By the early 1900s, 
use of structural steel in buildings across Canada was common. 

Structural steel is an alloy of iron with other metal additives such as carbon. A fundamental property 
of the alloy, the carbon content in structural steel determines the material's strength but also its hardness 
and ductility, where steels with high carbon content are more brittle and more difficult to weld than those 
with a lower percentage of carbon. Addition of elements to the steel such as chromium, nickel, and tung- 
sten can improve the corrosion resistance, toughness, or strength of the steel. The chemical composition 
of the steel is of interest to metallurgists, but from a structural standpoint, we are mostly interested in the 
certified grade of the steel and its mechanical properties. 


1.1 ADVANTAGES OF STEEL AS A STRUCTURAL MATERIAL 


There are many advantages to the use of structural steel on a project. Structural steel designs with exposed 
structural elements can be elegant and often are dramatic, with long-span roofs free of columns because 
steel has a high strength-to-weight ratio and a huge capacity in both tension and compression. Steel struc- 
tures are lighter than comparable concrete structures, reducing their footing sizes and adapting them well 
to areas with poor soils. Lighter structural weight also reduces seismic loads. Further, lighter structural 
weight means that less of the area of the lower floors will be taken up by columns, making steel highly 
suitable for very tall buildings. 

The ductility of steel is a huge advantage for the designer. As a ductile material, steel generally per- 
forms well under overload conditions and dynamic loading, including seismic and blast impacts, due its 
ability to redistribute load if well detailed. Figure 1.1 shows an actual stress-strain curve from a standard 
tension test of a coupon taken from a 9.52mm (3/8-inch) thick steel plate of G40.21 Grade 350WT steel. 
The ductility of this steel can be considered typical for structural grade steels, but rupture strains some- 
times exceed 40%. The comparative proportions of the elastic and inelastic components of the tensile 
response are also evident in Figure 1.1. As a simple rule-of-thumb, the strain at the ultimate stress can be 
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1.2 CHALLENGES OF STEEL AS A STRUCTURAL MATERIAL 


Despite these many advantages, it is important for the designer to know the disadvantages of the material 
so that any drawbacks can be minimized in the design, as follows: 
¢ One of the most significant disadvantages of steel construction when compared to concrete 
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construction is that the depth of steel framed floors will often be greater than that required for 
reinforced concrete. For example, many apartment and small office structures can be constructed 
from concrete slabs of 6 to 9 inches thick, depending on the span. For similar spans in a steel- 
framed building, the floor will be 24-inch concrete topping on 1%-inch metal decking and the 
steel beams below will be 10 to 12 inches deep, leading to an overall depth of 14 to 16 inches. The 
increased structural depth increases the cladding requirements on the building and length of stair 
runs. The greater floor-to-floor heights reduce the number of floors if the height of the building is 
fixed, and the longer stair runs will reduce the available space to sell or lease and may necessitate 
a mid-storey landing. 

The second disadvantage that must be resolved in most multi-storey steel-framed buildings is that 
steel for most occupied floors is required to be fireproofed. For most cases this includes columns, 
beams, and the underside of concrete slabs supported on metal deck. In some cases if the concrete 
topping on the metal deck is sufficiently thick it may be possible not to fireproof the underside of 
the deck but beams and columns will still require fireproofing. 

The designer of a steel building must pay more attention to the design of floors for vibration. Steel- 
framed floors designed only on the basis of strength can be bouncy and can lead to complaints 
from users. A variety of analysis methods have been developed to determine if a floor will be 
unpleasantly bouncy, but these methods are much more complex than the concrete system of 
satisfying minimum span-to-depth ratios. 

Another disadvantage is that the price of steel has more variation than concrete. The most common 
structural shape used in building design is the wide-flange section, but there are no producers of 
wide-flange sections in Canada. At present, all wide-flange shapes come from the United States or 
offshore and therefore are subject to variations in the Canadian dollar. At various times shortages 
of steel due to overseas demand for steel and scrap steel have resulted in significant price increases 
in the cost of steel building material during the past year. However, the cost increases for steel 
are also reflected in the cost of steel reinforcing for concrete structures and steel nails for wood 
ones, The cost of labour in the concrete and lumber framing sectors of the construction market 
has risen much sharper than has the cost of labour for steel construction as there are not the same 
acute labour shortages in the steel industry at present. 
The Vancouver construction market is well versed in building floors from reinforced concrete. 
This means that the cycle times for concrete floors are often less than a week and this takes away 
from the traditional time advantage enjoyed by steel. As a result, structural steel floors are used 
extensively in office buildings in the United States and Eastern Canada but only occasionally in 
Vancouver. 

When considered for residential or low-rise institutional construction, the underside of structural 
steel floors will not have a flat soffit and consequently a drop ceiling will be required in most 
architectural applications. Many residential projects have conduit or ducts in the slab which are 
difficult to accommodate in steel buildings as the slab thickness in steel construction is usually in 
the range of 65mm to 115mm, which does not allow sufficient room for placing conduit or ducts 
in the slab. 

Exposed structural steel in buildings usually requires painting, and painting of steel in exterior 
conditions will result in a need to repaint at intervals, The length of time between paintings will 
depend on the environmental conditions, including exposure to abrasion, exposure to sun and 
moisture and the quality of paint. 
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1.8 WORKFLOW VARIATIONS STEEL VS. CONCRETE 


Asa material distinct from concrete, several aspects of steel need to be considered 
‘The designer must keep in mind that steel sections are thinner than concrete sectio, a doing agi 
susceptible to buckling. The designer must constantly work to provide stability in Fi and the a, 
this problem. Many of the design equations for member capacity will be controlled Structure lomitigns 
least part of their range. Steel roof diaphragms have less inherent strength and Se buckling Over 
diaphragms, and more attention must be paid to making steel roof diaphragms work Ness than concrete 
One significant advantage for the designer of a steel building is that steel be: : 
detailing and drawing time than do comparable concrete beams. While both steel “28 Usually neeg lesy 
shown in plan on design documents, it is common to elevate concrete beams. Steel weal beams are 
elevated on the structural drawings and much of the actual detailing for the ste} stry are Usually Dot 
by the steel fabricator rather than the designer. Much of this detailing is now Seiftenazal HH CAtTied oy, 
three- and four-dimensional computer programs, which build a virtual model of the stra SOphisticateg 
conflicts and challenges prior to fabrication or erection. As we will see, the modem a identify; ig 
very sophisticated use of computers. / Stee! industry makes 
In terms of structural services, the design and field services of a steel buildi 
ferent from those of a concrete building. The most fundamental difference aie ‘eae an ite dif. 
buildings come mainly from site observations of the placed reinforcing steel, white ore poy re 
much of ‘the field services are performed by review of shop drawings prior to steel lawseal a 
tural design of steel buildings can result in literally thousands of shop drawings that must ihe = 
under a tight schedule. However, for structural stee] buildings, this results in fewer field ing ane 
the designer than does reinforced concrete construction, where site visits must fall in that mH ve 
between the time the reinforcing steel is complete and the time the concrete arrives on the site, In ic, 
site visits in steel construction have a bit more timing flexibility. a 


1.4 GREEN ASPECTS OF STEEL AS A STRUCTURAL MATERIAL 


Consideration of the environmental aspects of steel as a material is important in structural design as each 
material must compete on the basis of its environmental benefits, and materials will often be chosen on 
Leadership in Energy and Environmental Design (LEED)© Green Building™ projects on the basis of 
having a smail environmental footprint. Steel is the material of choice and thus is used extensively in 
projects that reduce emissions of CO, such as wind farms and turbines for hydroelectric projects. Steel has 
multiple advantages as a green material, beginning with its manufacture and continuing on to structural 
steel fabrication and then to end-of-life and reuse or recycling. 

In the manufacture of steel, there are two types of modem steel furnaces: the basic oxygen fumnace, 
which uses 25% to 35% scrap steel combined with iron ore, and the electric arc furnace, which uses 90% 
to 100% recycled steel. Most steel produced in North America is manufactured using electric arc furnaces. 
Much of the steel produced in North America is produced using electric arc furnaces that use existing 
(post-consumer) steel as their raw material: old car bodies, dismantled buildings, abandoned appliances, 
recycled food containers, and other items that would otherwise be sent to landfills. Additionally, the manu- 
facture of steel from scrap steel is energy efficient. Recycling is cost effective and working with clean 
recycled steel in electric arc furnaces, instead of virgin iron ore in blast furnaces and then basic oxygen 
furnaces, requires less energy (because it avoids mining, processing, transporting, and transforming, which 
produce large amounts of greenhouse gasses), and cuts water usage by 40% because iron ore isn't being 
cleaned and cooled. 
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Figure 12. Steel recycling from 
building demolition is common, as 
shown in this 2007 photo taken in 
Vancouver. The steel beams, joists, 
columns, steel deck, and steel studs 
were all separated and recycled 
into new materials. With the 
exception of selective demolition at 
the start of the building removal, 
other construction materials are 
less likely to be recycled. 


Designers should be careful not to fall into the trap of trying to specify that a certain percentage of 
recycled steel be used in the construction of a structure. The percentage in recycled content is not given 
on mill certificates and it is not possible to enforce that a given quantity of recycled steci be present. At 
best, stee! mills can help with writing letters of assurance that state approximate quantities of recycled 
ste] used in the mill on a historic basis. Most large projects will have steel coming from several mills, 
and a rigorous pursuit of such letters may prove to be a challenge. 


1.5 AVAILABILITY OF STEEL STRUCTURAL MATERIAL 
Itis important when doing a design to consider the availabili 
to avoid delivery delays and additional costs because a 
of standard stee! sections are commonly available, and 
poses. Typically available section shapes and their use 
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Table 1.1. Typically available steel section shapes 


USE IN BUILDING STRUCTURES, 
Wide-flange Sections Basic beam shape 
Column sections 
Weed Wide Fane see 


Channels Stair stringers 
Short, lightly loaded beams 


Trimmer beams at mechanical openin 
Wind girts a 


HSS (Hollow Structural Sections) 
(Round, square, or rectangular) 


Angles 


Diaphragm chords 
(Equal or unequal legs) 


Trusses 

Built-up sections 

Lintels / Facade support 
Trusses 

Canopies and decorative steel 
Built-up members 
Base plates 
Connecting elements 
Built-up members 


Connector elements 
Built-up sections 
Pipe Handrails 
Rod 


Hangers 
Wind bracing in non-seismic zones 


Tees 
{Cut from wide-flange shapes) 


Sometimes the shapes that are used in design are a combination of the sections in Table 1.1; however, it 
is more economical if a single section can do the work of a combined section. 


1.6 FLAT-BAR STEEL AS A BASIC BUILDING BLOCK 


Flat-bar steel is useful in connector elements but only comes in certain sizes. Commonly available sizes 
are shown in Table 1.2. If the weight is not listed, then that flat-bar section is hard to get. 
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Table 1.2. available flat-bar steel section sizes 
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WEIGHT OF FLAT BAR IN POUNDS PER LINEAR FOOT - COMMON SIZES 


Other sizes can be cut from plate, but designers should use the sizes above where possible. The sizes with no 
weight given are not commonly available and altemate sizes should be selected. 
Material is CSA G40.21-44W or SOW (300MPa or 345MPa), 


If the least dimension of a desired piece of flat steel is to be greater than 12 inches, then a plate will be 
required. Taking a shape from a plate will require at least two cuts while a flat bar needs only one cut to 
get the size wanted. 


1.7 PLATE MATERIAL AVAILABILITY 


i i idth is between standard flat-bar 
Plates are used where flat-bar sizes are too small or where the required width is pen sta 
sizes. Plate material comes in 350W and 300W steel and is easiest to obtain in imperial thicknesses. The 
use of metric thicknesses recommended in Part 6 of the CISC Handbook may result in substitutions or 
long delivery times. Plate thicknesses from Table 1.3 should generally be used. It is advisable to obtain 
advice from local fabricators. 
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Table 1.3. Typically available steel plate sizes 


ple 


aaa 


Ss 
2° 
5S 


3 


| | [e/s/e] 


Source: Rob Third of George Third and Sons 


1.8 STEEL BEAM AVAILABILITY 


The CISC Handbook lists many steel sizes, some of which are not Teadily 
tions that were commonly availahie were highlighted in yellow in the steel manual, but this Practice w, 
dropped in the 7th edition. The 10th edition of the CISC Handbook uses a very light grey for nine axctidl 
that were once commonly available from Algoma Steel (e.g., W610x84) but are now Not readily produceg 
Some steel designers will approach the steel fabricators at the start of a Project and request a list of me 
bons that can be obtained without long pre-order delays. If the designer chooses steel sections from this 
list, then the design will result in slightly higher steel weights but will cause fewer delivery delays, 4 
possible list is shown in Table 1.4, with the caution that this list will change depending on the location in 
the country, time, size of order, and a multitude of other factors. The 11th edition of the CISC Handbook 
is expected to provide improved guidance on commonly available shapes and plates that Tecognizes the 
challenges with respect to geographic and time-dependent variables. 


available. In the Past, the seo. 


——Weight Range (kg/m) 


Usually Available Wide-flange shapes 


Table 1.4. Typically available steel beam sizes 
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20-30 
W150x22 
'wW200x27 


BES Gis os a | aeges 
55888 
g é £222= 
z\\ {4d ata 
8 Fi | 
¢ 3 
oe a = Tea| 8 
= § 3 
3 3 ie 
aes SS ra +—— 
ls 3 TT lglg 
Big 
g g 3 82 3 
3 2/88 gs é 
3 z 3s 
az : a no = x 
eee oe 
| | 8 [2] g LH LE 3 
s | es |% isslels 
2 83 | 8 82/3 | 2 
EH TE BiIEIE| | 
Fr a3 $s g 23/3 8 
ge a2 g gis 
8} | 38 | 88] 3 3 
<| Ls ge) 5 8 : i 
85| & 83 3 
sez] 32 | 48) 2 lele 
"|33| 35 $s 3 = = 


1. 


T 
| 


wi50x14 
wi50x18 
w200x15 


1020 


W250x25 


W250x28 


W250x22 


'w200 | W200%«19 


wis50 


w250 


wa60 


W530 


wa410 


weit 
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1.9 MATERIAL GRADE AVAILABILITY 


Matenal grades that are commonly available are given in Table 1.5. 


Table 1.5. Typically available material grades 


Item 230MPa | 240MPa | 300MPa | 350MPa | Made in Canada 
| Wide Flanges 
WT sections 
Welded Wide 
F xX 
langes LE | eS (Notes) _| 
Angles is ai Eh oe x | Yes (Note 2 & 10) 
Channels | x x Yes (Note 10) 
Piate { | ea EE Yes (Note 4 8 10) 
| Flat Bar | ai egy eee Se Yes (Note 10) 
Hollow Structural 
Sections a | x | Yes (Note 1) 
Stee! Deck x Yes 
T i 
Stee! Studs x x Yes 
Pipe x Yes (Note 3) 
Steel Rod x Yes a 
Notes 


1) Use HSS G40.21 350W Class C. Never use HSS Class H. Class H is difficult to source and it j 
difficult to verify if Class H sections have been used. When using round HSS use ASTM an 
sections (and the appropriate tables in the C/SC Handbook) as getting G40.21 Class C sections 
in round is difficult. The yield stress of ASTM A500 round sections is 317MPa. The new grade 
ASTM A1085 is considered equivalent to 350W and superior to A500, 

2) Some steel books contain metric-sized angles, but these are no longer produced in North America 
and should not be specified. 

3) Pipe may come with yield strengths greater than 240MPa, but with the exception of seismic 
design, it would be reasonable and conservative to assume a strength of 240MPa. 

4) Plates are available in metric or imperial thicknesses, but preference should be given to using 

imperial thicknesses due to their higher availability (10mm plate will often be 3/8 inch or 9.5mm). 

Plates are also available in 350W, but it is typical to design using 300W, as this size is more 

frequently stocked and it is usually of no consequence if the higher strength plate is substituted. 

As welded wide-flange sections are fabricated from plate, they can be specified in either 300W or 

350W. If the project uses welded wide flanges, then the general notes on the structural drawings 

should specifically give the required yield strength. 

It is not permitted to go to a higher yield stress than the specified minimum value of the material 

that steel is certified for on the mill certificate when evaluating beams. Cutting sections from a 

beam and having these sections tested as a means of increasing the rated capacity of the beam is 

not Permitted. It is also not permitted to use the yield value on the mill certificate when checking 
the capacity of the beam. If the mill certificate states that the material js 350W G40.21 then the 
designer must use Fy = 350Mpa, not the yield stress that is listed on the mill certificate. 

7) The specified minimum tensile strength, F,, of both 350W and 300W steel is 4S0MPa. This value 
is used in connection design and evaluation of sections near holes. The value of F, for sexe! 
types of steel can be found in Tahle 3-5 of the CISC Handbook. es 

8) Steel used in most building projects is specified to be W for weldable grade and to satisfy CAN/ 
CSA G40.21 (Structural Quality Steels). In addition to weldable grade steel, there are other types 
including: 
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6 


ee 
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Type WT Weldable notch Tough steel for low temperature 
eed R Atmospheric corrosion Resistant steel 
gk A Atmospheric corrosion resistant weldable stee! > 
pan AT Atmospheric corrosion resistant weldable notch Toug! 
.* — Q  Quenched and tempered low alloy steel plate bern 
. hae QT Quenched and tempered low alloy notch Tough pla' 
i in Part 6 of the CISC 
rther information on these steels, including their — oan = Leprare a nT hate 
ia are should be taken in specifying these steels as a ela berte hear 


Handbook. C 
and sizes are produ 
grade will be longer 
jobs the designer shor 


the design. ; » 
1) Stainless steel is sometimes 


some uses such as handrails may requ desi p 
ini ‘h increases its 
inimum of 10.5% chromium whic! ts re 

gates yr seitalons steel alloys, the most common of which is 304. Strength vanes by alloy 


i i limited in size and for hollow 
4 ield of 200MPa. Stainless steel sections are n ‘ ; 
sea a Sane thin walls, and the designer should check that the size we called up is 
svailabe; specifying the equivalent HSS size in stainless steel will not be mare ve atl 
2) For several years after the yield strength on ee ee eel porbatie 
les remained at J a. To € 
strength on plate, flat bar, channels and angle : : petra = 
i i i Is will now use a steel that ts ce 
tisfy the most customers with a single rolling, the mil ; c 
ponte mars including both 300MPa and 350MPa. The material has a useable yield — . 
design of 350MPa and so angles and channels should now take advantage of that strength an: 


called up as 350MPa. 


de. Del 
ced in steel other than weldable grade ver 
salad require special mill orders with a minimu 
uld seriously consider using means other than rare 5 


m 150 tonne requisition. On small 
teel types to effectively execute 


used in buildings as trim and other non-structural elements, though 
ire the designer to compute resistance capacity. Stainless 
resistance to corrosion. There are 


1.10 FIRE RATING OF STEEL STRUCTURES 


of steel design is the need to provide fire rating to occupied floors. Elevated tempera- 


An important aspect ‘ 
tures have a profound effect on the strength and stiffness of steel, including: 


* Reduction in strength (50% reduction at 600°C) 
* Reduction in stiffness (70% reduction at 600°C) 
Increase elongation (if a beam is heated by a fire from below then this may push apart columns 


and increase P-A effects) 


These physical changes can reduce the capacity of the steel to the point where it fails to carry its self- 
weight and collapses. The most dramatic example of this is the failure of the World Trade Center Towers 
in New York in 2001 where failure occurred not from impact but from fire. 

There are two types of protection for fires in buildings; these are active, which include the sprinkler 
system, and the passive, which include the use of non-combustible structural materials and fire-spray on 
the beams and columns to help them resist the fire load. Both the active and the passive fire protection 
can have an influence on the structural aspects of the building design. The active protection may require 
sprinkler holes in the webs of beams and the passive protection may require us to use members with 
higher M/D ratios and thicker topping on the metal deck than are required strictly by structural analysis. 

To protect against failure due to fire, building structures are assigned a fire rating depending on the 
type of construction and the fire-proofing and other details. These fire ratings give the structure a time to 
collapse under standard fire conditions. An occupied floor in a large building will usually be required to 
have a two-hour fire rating, while the roof in that building (which is not considered to be occupied) will 
not be required to be fire rated. Care should be taken when designing a building with unusual framing that 
the unrated roof is not holding up areas of floor that are required to be rated. 
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When it comes to fire rating the most important value in the 5 


a ti i 
M/D ratio is the mass of the structural steel element (in kg/m) divided a re tables jg the Mip 
Fe ex 


meters) of the steel section. The fire rating may h ini i 

; J y have minimum beam Posed Tati 
can be made to those sizes provided the same M/D ratios are clihdeed nae = Sizes ang a th 
of the CISC Handbook in both metric and imperial units, There MD ratios can be foe stit, 


5 are differe; Ound in pM 
assumed to have their top flange protected by the slab, and nt valves fo TP ent 
» and column: e Pe! 
8 that are 8SSUMed to py pe 


sides. M/D ratios for HSS columns are not given in the CISC Handbook and 
mi 


M/D ratios for wide-flange beams are shown in Table 1.6. 
IMPERIAL 4/D (LB/ET/iN 
ee 


Table 1.6. M/D ratios for wide-flange beams 


DESIGNATION 


The fire ratings are given in tests i 
performed b i 

base their findings on tests of standardized Heialertac-deeatti tno maar 
is given in terms of number of hours to collapse. For a steel structure si npn 
the following requirements: ne 

. Minimum MID ratios for columns and beams, 
sas fire-spray requirements for columns and beams. 

¢ thickness of concrete cover over the flutes of the deck j i i 

spray. (This is often 115mm but may vary depending mh mbes ieee =) ae 

¢ Require that the deck concrete contain reinforcement. ee 
x * If the assembly is considered “restrained” or “unrestrained.” 

Tequirements of minimum concrete thickness on the deck and minimum MD ratios wi 

enn Tatios will hi i 

ence on the structural design of the building. The weight of fire-spray should be included in fi rae 
design loads but is often considered part of the 1kPa of “Partitions / architectural finishes.” 
: Required M/D ratios should be discussed with the architect and the Code consultant at the Start of the 
job. If the HSS columns that are buried in Gyproc-covered walls need to have e minimum M/D ratio that 
depends on the number of layers of Gyproc added around the columns, it is desirable to know this early 
in the design. The most common fire-rated Gyproc is 5/8 inch (15.9mm) type X Gyproc. Extracting the 
Cover requirements from Appendix D to Division B of NBCC, we find the M/D ratio for steel columns 
as shown in Table 1.7. 


A rating of a 
the rating may contain 


Table 1.7. Fire resistance requirements for steel columns 

Fire Proofing Minimum Thickness of » THour Fire 2 Hour Fire 
Type X Gyproc Resistance Rating Resistance Rating 

Jlayer 5/8 inch 
2 layer 5/8 inch z 

3.8mm M/D = 35 M/D = 75, 

Source: Table D-2.6.15 of Appendix D to Division B for NBCC 2010 
HSS 127x127 columns have M/D ratios shown in Table 1.8. 
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Table 1.8. HSS 127x127 M/D ratios 


HSS 127x127%4.8 


HSS 127x127%6.4 


HSS 127x127x8.0 
HSS 127x127x9.5 
HSS 127x127x13 


Note that all the sections are an HSS 127 x127. This is because the comers of the HSS are rounded, with 
the rounding being more pronounced for a thicker wall. 

Combining these charts, we find the requirements for an HSS column located in a 6-inch wall with 
one or two layers of 5/8 inch Type X gypsum wall board to be as shown in Table 1.9. 


Table 1.9. Minimum wail thickness of HSS 127x127 
steel columns to satisfy fire resistance ratings 


Fire Proofing Minimum Thickness 1 Hour Fire 2 Hour Fire 
of Type X Gyproc Resistance Rating Resistance Rating 


layer 5/8 inch 15.9mm HSS 127X127 x 8.0 Not Possible 


Type X 


2 ne Sener 3.8mm HSS 127x127x4,8 HSS 127x127x13 
ype 


To bighlight the importance of fire in steel structures $16 contains Commentary K “Structural Design for 
Fire Conditions.” Included in this commentary is a very clear definition of “restrained” and “unrestrained,” 
which is an important characteristic of the floor assembly when evaluating fire assemblies. This is useful 
as many Code consultants are unsure of the difference, while most of the fire assembly ratings for floors 
refer to restrained and unrestrained construction. 


K3.2 Restrained Construction 


For floor and roof assemblies and individual beams in buildings, a restrained condition 
exists when the surrounding or supporting structure is capable of resisting actions caused 
by thermal expansion throughout the range of anticipated elevated temperatures. 

Steel beams, girders, and frames supporting concrete slabs that are welded or bolted 
to integral framing members (i.e., columns, girders) shall be considered restrained con- 
struction. 


K33 Unrestrained Construction 


Steel beams, girders, and frames that do not support a concrete slab shall be considered 
to be unrestrained unless the members are bolted or welded to the surrounding constuc- 
tion that has been specifically designed and detailed to resist actions caused by thermal 
expansion. 

Asteel member bearing on a wall in a single span or at the end span of multiple spans 
shall be considered unrestrained unless the wall has been designed and detailed to resist 
the effects of thermal expansion. 


If steel is to be exposed for architectural reasons and is needed to be fire-rated, then intumescing paint 
may be necessary. This paint expands to give a fire rating. It is, however, expensive, often more expensive 
than the steel itself, must be applied in several coats and must be tested to verify a suitable thickness is 
present. The paint leaves a heavy coating that is not as smooth as regular paint and may not be completely 
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easing to the eyes of the architect. Minimum M/D ratios will . 
[Ln with intumescing paint. Ssually be required fo Steel that ; 
MID ratios for HSS columns cannot be found directly in the CISC Handbook ' fire 

for an HSS column, use the section properties table and take the mass in kg/ and to Compute 
area in m? /m as has been done in Table 1.10. mas divide by es 


Table 1.10. M/D ratios for square HSS sections G40.21 


Nehien er chart is that for Square HSS using G40.21 we need the following: 
a a rating with 2 layers of Type X Gyproc, minimum M/D=75 ided 
or 16mm wall. ee 
b) Fora I hour rating with 1 layer of Type X Gyproc, Minimum M/D = 55 provided onl; 
thickness of 8.0mm or greater. " —_— 
©) For a 1 hour rating with 2 layers of Type X Gyproc, Minimum M/D = 35 almost all sections meet 
this with exception of those sections with walls of 3.2mm and 51x51x4.8 or 38x38x4.8 which are 
usually too small to consider as columns. 


If a one-hour fire rating is required it will be less costly to use an HSS with the required wall thickness 
than to wrap each column in two layers of Gyproc. Wrapping in two layers of Gyproc may also make the 
wrapped column not fit in the wall as columns are often only 25mm less than the stud size used for the 
wall and two layers of Type X Gyproc uses up 32mm. 


1.11 THE STRUCTURAL DESIGN PROCESS 


The aim of the structural design process is to produce a set of drawings that clearly shows how to construct 
the structural system for the building in a manner that will safely resist the loading specified by the Code. 
The drawings must be clear as they will be read and interpreted by the building authority, the contractor 
and other engineers trying to modify the building in the future and, most importantly, by the client. 
When designing a particular element or area of framing, the aim of the structural designer is to find 
a structural system that satisfies all the required structural criteria, fits the constraints imposed by the 
project, and is the most economical solution. The most economical structural solution is usually defined 
as being the one (Hit tses the least weight of structural steel — this is a very crude measure that is used by 
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urveyor ‘11 tell you, minimum 

secompar tno eiclency of exgn. asl tel febsinion WS y' 

pe are not necessarily constitute the mininsum cost. 
When doing the design we uso) TT = Ae aed 


this would be the fact” ‘ont 
member: for a beam this ama it would include combinations of marr | For a beam we will select 


-col *, 

axial loed and for a beam ST git rol 

ini element that i a 
hs en os ee ey satisfies the criterion that its factored ge cme a ead 
= pany We then must check other hae as boron a : mene te wed 
os is ing an clement 6 t 
pam tre eke. pies an economical desiga- The intent of this book is to 
vd pigeon design process for structural steel buildings. 


UCTURAL DESIGN 
1.12 THE ART OF STR , — 
neg i aaa orbs 
be ising that process itis not unusual for the entre pt of the building 
even years. 
volve interact isciplines i ing architectural, 
i ion with consultants from disciplines including 
capebbaae. WHE the aim of each of these consultants is to a 
conflict with the designer's structural aims. For example, mi 
are more economical from a st standpoint, however, 
ight to accommodate these joists may outweigh the structural 
will encounter in the structural design are not significant 
vision of the team members that must be solved with diplomacy 


pai will usually in 
The process 
ical and electrical and cost 


savings. Many of the problems the 
technical problems but are conflicts in the 


“Structural Loads,” “Mezzanine Floor Design,” 
dated and 


include a tide at the top 
“Deck Design for Mezzanine Floor” shows at a glance w! 
understand than an untitled series of seemingly random calculations. 
book information is referenced, it should be noted (e.g., “Review of tension resistance follows S 16 Clause 
13.2"). This makes future comprehension of the notes easier and shows the reader that appropriate Code 
clauses were reviewed and followed. Notes should include sketches produced during the design process 
that show the structural configuration of the items being designed. A figure with a small section of floor 
and one of the beams labelled “Beam A” makes it much easier to determine at a later date what beam was 
being designed. This kind of labelling is vital when tracing back to see if a beam has sufficient capacity 
to pick up some extra load that it may be required to carry. 

‘The actual design order of the parts designed will vary; for example, one designer may elect to design 
the lateral system before designing the columns. It is likely that the designer will have at least a concept 
design of the complete building, including a feel for approximate sizes, prior to fully completing the 
design and detailing of any of the building components. The complete design of a building may appear 
to be a daunting task, but broken into manageable pieces, the task can be tackled in an efficient manner. 

The preparation of structural drawings and the coordination of the job with the architect and other 
disciplines is usually an ongoing task and is seldom left to the end of the project. Many design issues will 
only become apparent as the drawings are prepared. 

The final review and an independent concept review are required by the Code of Ethics of the Asso- 
ciation of Professional Engineers and Geophysicists of British Columbia. An independent concept review 
will result in a better design and more readable drawings containing fewer mistakes. 
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1.18 THE BUILDING CODE 


The model building code in Canada is the National Building Code of Canada NI 
building codes are derived from that code, with minor regional differences. The (voce) 2d a 
unique charter that allows it to have its own building code, so it produces the ee) es. vale 
Apart from the City of Vancouver and areas under federal jurisdiction such as YVR Uver Building yee 
projects, the building code in effect in the rest of British Columbia is the British c a ; 
Code (BCBC), which is essentially the National Building Code of Canada adopted yoo bia Builgs 
tion. From a structural loading standpoint the differences among the three buildin, Y the locat meal 
Columbia are subtle at best. For example, the Vancouver Building Bylaw Tequires Bye’, Used in 
for bedrooms and requires that C, = 1 when doing snow load calculations. The desi ee tier 
clearly reference the correct building code for the Authority Having Jurisdiction <, “ 
wuthority in the location of the project. ‘The drawings for a project submitted for buildin, = bulk 
of Vancouver will be rejected in the permit process if structural drawings reference th , heen City 
Code “he Canada or the British Columbia Building Code. National Building 
7 National < Building Code is usually updated every five years and the iti 
addition to major Tevisions, the National Research Council mnie revisions vic sae pee is 2015, 
of Canada that are picked up slowly by the Vancouver Building Bylaw and the British Col bi 
Code. It may take from one to four years after the NBCC is published for the provincial comme Building 
a From the structural designer's standpoint, two sections in the Code are of particular 10 come our, 
first is Part 4, which sets out the structural loads and procedures for determining the forces = eee 
on aah ate will find how to compute the live loads on the floors, as well as head ‘ 7 
lures. The second part of the Code that is important is Part II, which sets out the rece 


1.14 STEEL DESIGN STANDARDS 


a (l ~ 5 fe CISC Handboo k also contains the steel design standard, CAN/CSA S16. 
ice rho ts sen s standard will be updated. The previous edition was $16-09 and the next 
asia fe 7 = ae = on out, they often take longer to be accepted by the B.C. 

; 0% 01 ; this means that the old edition of th FAD 
effect in some jurisdictions in British Columbi i i ; 4 thowghoet ee 

bia. This book will refer to the $16-14 it wi 

SA ocean 6- throughout as it will 
asthe ath ie Jurisdictions over the next 12 to 18 months. Recent editions of the steel standard 


Table 1.11. Stee! design standards for various jurisdictions 


CODE IN EFFECT 
(JANUARY 2016) 


REFERENCED STEEL 


LOCATION 
STANDARD 


CODE ADOPTED 


Vancouver Building Bylaw 
9413 (2007) (based on $16-09 
NBCC 2010) 


December 2014 


Federal Jurisdiction, 


National Buildi 
including YVR al Building Code of 


Canada 2015 Early 2016 


2012 British Columbia 
Building Code (based on 
NBCC 2010) 


All other areas in 
British Columbia 


December 2012 


In August 2014 the new steel standard § 
A cine 16-14 was released. The aim of this book is to not 
designer fumiliar with S16-14 but to highlight its application to structural whe pha ne 
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1.15 LIMIT STATES DESIGN 


standard, $16, follows Limit States L 
Leper et stel design, but it ts a, ole the foad carrying capacity 


oat ts aati design throughout 
States Design. We will sain iemgsteroor nal fimit states 


wes heron nani deel Ultimate limit states are examined 
and serviceability dtc te leads, mil serve limit tts we efacoed eae * 
nrg te npn 
by the Building Code, thus producing ae oe are hs 


is is shown as follows: 
a apieel Resistance of member 2 Factored Load on member 


i ted Loads) 
ulated Resistance) > Load Factors*(Calcula 
ae Oe 2 > (1.25*Dead Load + 1,5*Live Load) 


‘ IT STATES FOR STEEL DESIGN 
aoe of limit states that the designer must guard against. 


there are several types s th : 
ee, Peat rene limit states and serviceability limit states, as follows: 
A) Ultimate Limit States 
1) Strength 
2) Overturing 
3) Sliding ; 
4) Fracture (the fatigue limit state is a state of crack propagation) 
B) Serviceability Limit States 
1) Deflection 
2) Vibration 
3) Permanent deformation 


1.17 ULTIMATE LIMIT STATES 

In general the Building Code protects ultimate limit states by applying load factors fo increase the 
expected loads and uses capacity reduction factors (Phi or @ factors) to reduce the expected capacity. We 
then design to satisfy the most important equation in structural design: 


Factored Resistance z Factored Loads 


This is expressed graphically in Figure 1.3, which shows the desired relationship between the factored 
load and the factored resistance. Both the factored load (for example, maximum snow load per year) and 
resistance (for example, moment capacity of the beam) are bell curves with a mean value. The desire is to 
have the area where the factored load exceeds the factored resistance be sufficiently low. 
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anada is the Nat i 
ed from that code, with wi ca — 
A : 
. rege) “c re of Vancouver and areas under f 
8, the building code j : 

sifnatterd aiding code in effect in the rest of Bri 

), Which is essenti ing me a 

8 the 

| of C 
Columbia are subtle at best. Bata ae te i 


fi rt . 
Or bedrooms and requires that C, = uilding Bylaw 


Clearly refere; nce the correct buildin g 
authority in the location 


Pled by 
© buildin Med 


of the 7 ‘i a 
of ‘i ‘ Project. The ing Jurisdics ve 
Vancouver will be rejected in the permi drawings for a project submitted sy "On oF the bart houlg 
Code of Canada or the Briti Permit process if structy , Or buildin  builg; 
The National B ooen Columbia Building Code ral drawings reference th “Y it in Cie 
as uilding C; ation 
addition to Major Red Palen updated every five years and th al Builg 
¥ Canada that are picked i eeeurae wore Council issues revishons Sim a edition ig g 
ode. It may take fron: y the Vancouver Build ons 10 the National Byjja: >: ia 
y n one to four years af ing Bylaw and the B Uilding ¢, 
From the structural desionaee nee the NBCC is Titish Columbia Beye 
F s al designer’s stand Published for the pro mMbia Build 
first is Part 4, which sets out 6b wean Hepoint, two sections in the Code = te! codes to melt 


the floors, as well 


refer to the $16-14 throughout as it wil) 
ths. Recent editions of the steel standard 


Table 1, i 
11. Steel design standards for various jurisdictions 
LOCATION ae IN EFFECT REFERENCED STEEL 
JANUARY 2016) STANOARD CODE ADORTED 
Vancouver Building B 
Pen ig Bylaw 
¥ Of Vancouver 9413 (2007) (based on $16-09 
NBCC 20109 December 2014 
+~ be 
mae National Building Code of 
Canada 2015 S16-14 Early 2016 
‘Al Gitier Grees tn “as British Columbia 
British Columbia uilding Code (based on $16-09 
: Dece 
[nace tee cember 2012 


In August 2014 the new steel standard $16-14 w 
14 - ‘as released. The aim of this book is to not onl 
designer familiar with $16-14 but to highlight its application to structural steel design. — 
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1.15 LIMIT STATES DESIGN 
sign. We will discuss limit states design throughout 


6, follows Limit States Des hro 
of steel design, but itis important to know early on that several limit states 


1 of ultimate limit states that include exceeding the load carrying capacity 
t include vibration and deflection. Ultimate limit states are examined 
ity limit states use unfactored loads 

the ultimate limit state of not exceeding the load 
he serviceability limit state through deflection. 


‘The steel design standard, St 
this book in relation to aspects 
must be satisfied, These consis 
and serviceability limit states thal : i n 
using load factors applied to the loads, while serviceabil 

The majonty of design time will be spent satisfying 


ity either through yielding or buckling and t 
panel 27 Godin process involves determining the loads on the clement and multiplying these loads 


i ‘ding Code, thus producing the factored oad on the member. The 
“ peed is phate bs wareeecl by coloulasiag its nominal resistance, then multiplying by 
et : vy edoctin factor, @, to give the factored resistance. The factored resistance of the element must 
eae than its factored load The load factors represent the uncertainty and probabilistic nature of the 
loads, while the capacity reduction factors (resistance factors) represent the uncertainty and probabilistic 


nature of the resistance. 


This is shown as follows: 
Factored Resistance of member = Factored Load on member 


@*(Calculated Resistance) > Load Factors*(Calculated Loads) 
E.g.. O*(F,*Z) > (1.25*Dead Load + 1.5*Live Load) 


1.16 LIMIT STATES FOR STEEL DESIGN 


£ $16 tells us that there are several types of limit states that the designer must 
s and serviceability limit states, as follows: 


Clause 6 ol guard against. 
These can be broken into ultimate limit state: 
A) Ultimate Limit States 
1) Strength 
2) Overturning 
3) Sliding 
4) Fracture (the fatigue limit state is a state of crack propagation) 
B) Serviceability Limit States 
1) Deflection 
2) Vibration 
3) Permanent deformation 


1.17 ULTIMATE LIMIT STATES 

In general the Building Code protects ultimate limit states by applying load factors to increase the 
expected loads and uses capacity reduction factors (Phi or @ factors) to reduce the expected capacity, We 
then design to satisfy the most important equation in structural design: 


Factored Resistance 2 Factored Loads 


This is expressed graphically in Figure 1.3, which shows the desired relationship between the factored 
load and the factored resistance. Both the factored load (for example, maximum snow load per year) and 
resistance (for example, moment capacity of the beam) are bell curves with a mean value, The desire is to 
have the area where the factored toad exceeds the factored resistance be sufficiently low. 
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Figure 1.3. Desired relationship between the factored load and the factored resistance 


If the expected capacity with @ factors applied exceeds the factored loads, then the ultimate limit State 
is satisfied. However, we must be careful to determine that the capacity of the member or the structure iz 
being evaluated correctly. For example, it is necessary to take account of the lateral restraint of Cantilever 
beams if their failure method is to be correctly assessed. 

In building design, other limit states such as overturning and sliding are generally foundation issues 
to be resolved by careful interaction with the soils consultant. 

While fatigue limit states are closely analyzed in bridge construction, they are usually not studied in 
building design except where crane mails are involved. Fatigue issues are usually a function of the mag- 
nitude of the stress range and number of cycles of loading on the element during its life. Elements thar 
have a large range of tensile stress between maximum and minimum stress, and those that undergo many 
cycles of stress fluctuations, are most at risk. In building design, the real live loads are often much smaller 
than both the design live loads required by the Building Code and the permanent dead loads. This means 
that the stress ranges on the members due to fluctuations in live load are generally low. For these reasons 
fatigue criteria are seldom observed in the design of buildings. However, the steel standard is used for the 
design of several projects, including crane components where fatigue must be considered, and the reader 
is directed to those sections in the steel standard and its appendices for additional guidance. 

The development of load combinations and capacity reduction (O) factors is a complex science 
involving statistics on the mean and standard deviation of loads and resistances, as well as a judicious cali- 
bration to past experience. A lengthy review of the Building Code—mandated load factors was undertaken 
by the NBCC task force on wind and snow loads and modifications were incorporated into NBCC 2005. 

Current Canadian building codes use a “Companion Action” approach to combining loads. Under 
this format there are “principal loads” that have load factors of 1 or greater and these are combined with 
“companion loads” that have a load factor of less than or equal to 1, The companion action approach 
has made combinations involving more than one variable load more logical. What the traditional load 
combinations did was say the wind and the snow made an agreement to only go to 70% of their full value 
if the other was present and there was no consideration of wind being present when the full snow load 
was present. Under companion action we look at the full snow !oad and then add in the amount of wind 
that is going to be present in that rare circumstance when full snow is present. A load factor less than 1.0 

usually modifies the companion load. The companion action approach to load combinations is a change 


2, 
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in philosophy that reflects closer the real presence of | 
presented in Table 1,12. 
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loads on the structure. The load Combinations are 


that the maximum factored 


; 5 ion of ‘i 
snow and dead load is combined with 40% wind joss the companion loads; hence, full factored 


b) Snow load is considered as a separate load case from li 


ve load so that the columns 3 pportin; 
Uy 
and Si 4 jum of both at the same time. sites 
¢) For situations where dead load is much greater than live lond there is a1 : 
load with no live load. This would occur in a column Stetina oead nen ~ ees 
rea & 's of apartments 
is large soil overburden. Tow live load and in tunnel roofs where there 
d) NBCC contains a separate set of load combinati: i 
Ate ihn, ions for use with Cranes should there be a gantry 
In general, those load cases that do not govern can be j red, bi i i 
Joad cases are not significant. For example, wind loading is ied an oi sto is A ha 
and only the dead and live load combination is evaluated in those cases. If an el Tinto : 
load from several sources, then it is the responsibility of the designer e find ie ae = permet! 
nation. Often very crude calculations can be performed to determine if a load case j elite , 
to include. Pilla 
For seismic loading (E) the loads are simplified (Clause 7 
a) 10D+1.0E ng 
6) 1.0D + 1.0L + 1.0E for storage live toad and assembly live loadi 
c) 10D+05L+ 1.0E for other live loading y a 
These are referred to as companion loads in that there is a main load iti 
S con condition and th likely 
present are also added in with factors of 1 or less. There is no addition of temperature sina et 
effects fo seismic loading. Under companion action load combinations for seismic loads, the selamaic load 
is combined with unfactored dead load, and in most cases, 50% of the live load. Under the companion load 
approach we use 25% snow when calculating the seismic weight and 25% snow when calculating vertical 
effects occurring at the same time. The load combinations were changed under NBCC 2015; in particular, 
We are now required to combine 1.0S with factored live load and 1.0L with factored snow load. Previous 
ote had allowed a reduction for snow load when combined with factored live load. The Teason for 
in aes to oe potential underestimation of the design load when the ratio L/S is close to 1.0. 
Show more the effect of combining snow and live load when computi heading sols 
that supports both roof load and floor load. — a 
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1.48 SERVICEABILITY LIMIT STATES 


The serviceability limit is intended to reduce the number of complaints fj 
buildings you design. While as structural engineers we spend much of our tedlan nee and OWnery 
ture that is strong enough, it is the serviceability issues that will cause the rok time in proyj ing of 
Visible deflections, bouncy floors, and roofs that deflect to the point that uate st Mumber of oom, 
are all likely to result in complaints from the user and throw doubt on your cece Materials oy” 
Serviceability deflections in steel are always computed using only the variabl e design competence 
load or wind load). Permanent loads (dead load, superimposed dead load which ints. © 108d, sage 
not used in the computation of deflections. The deflection for snow or wind have fia finishes) ate 
state factor applied. For example, deftections under snow load where the SLS factor Serviceability limit 
under 0.9*Unfactored snow load. You might wonder why we generally don’t combi: ee 
computation of deflection of roof beams in Vancouver and the reason is that it is paren and wind fo 
However, if we were designing a building in Saskatchewan where snow is long salle ee TOK to do thi 
and wind act in combination, then the designer should consider combining snow and na Where an 
checks. The consequences of too large of a deflection in a roof beam under combined s (or etic 
are not as serious as the consequences of a strength failure under combined snow and eat and wing 
spend more effort on computing the strength resistance of the beam to combined wind and : Hence, we 
Vancouver, for example, we limit our concer with deflections to just looking at the inate a 
snow load or wind load. a: 
It would probably be useful for the National Building Code to include a table for allowable 
combinations but allowable stress load combinations went away with NBCC 2005 to encourage alent 
neers including geotechnical engineers and those designing masonry, to perform their design cing al 
tored load provisions. The result of this is that there are no mandated load combinations for serviceability 
calculations and the decisions are more in the hands of the design engineer. The Building Code also does 
not provide limits on the deflections produced; these limits are left to the material standards. In the cane 
of $16, the deflection limits are provided in non-mandatory Annex D . The limits are based on past per. 
formance of structures and different criteria are provided for industrial buildings and all other buildings, 
For vertical deflections in non-industrial buildings the limit is given as Span Length / 360. Deflections ay 
computed for individual beams or girders. In a typically framed floor system with beams and girders, the 
deflection in the middle of the panel is not considered. 


1.19 CAPACITY REDUCTION FACTORS 


For structural steel, the capacity reduction factor @ is given in Clause 13.1 as 0.9 unless otherwise apect, 
fied. “Otherwise specifled” would include the items shown in Table 1.13. 


‘There are also a couple of other places in $16 where the resistance factor is changed and no symbol is 
given. Examples include the first compression diagonal of trusses and OWS] where the resistance is mul- 
tiplied by 0.85 to improve the post-yield behaviour. 

Further information on load factors can be found in S16 Annex B (Margins of Safety). 
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| Table 1.13. Resistance factors for various conditions 


Reinforcing Stee! 


0.80 
0.80 


Beam web bearing interior 0.80 
Beam web bearing exterior 0.75 
Bearing of bolts on steel 0.80 


Weld metal 


Anchor Rods 


Bum) 
B» i 
| 
Dn 
Dre 
Bp 
De 0.67 
67 
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CHAPTER 2 
LOADS 


in most steel buildings several loads will be acting on the structure i 

een . both a vertical 
While it is normal for dead and live loads to act together we al: cl i 
tions such as wind and snow loads. ag Psa ie 


and lateral direce. 
8s obvious comp 


2.1 DEAD LOADS 


Dead load comprises the self weight of the structure itself along with 

during construction; for example, dead load from floor file coma mili 
typically shown on architectural drawings. Dead loads also include mechanical components a u i 
Kler lines, electrical components such as lights and wiring, and rooftop mechanical caliente ee 
units on the roof are considered part of dead load and are added in to the snow load considering Sata 
Present at the same time. The designer cannot consider that mechanical equipment replaces she! ane Fe 
or, that when the equipment runs, its wannth will melt the snow. Drawings need to show the dae 
assumptions for dead loads of both the structure and the superimposed dead load from partitions 

and mechanical and electrical components. ‘ 

The use of “green roofs” in building design is also becoming more common, and soil and vegetation 
growth should be included as dead load so that their effects are combined with the snow load, The Build- 
ing Code requires that shallow soil cover has a live {oad factor of 1.5 as there is a greater uncertainty in ity 
depth and therefore magnitude than with most dead loads. Roofs with a deliberate growing medium are q 
reasonably new aspect of building design and it will be interesting to see how the weight of the green roof 
increases over time and if dust or other particulate matter in the air settle on the green roof, becoming part 
of the growing medium and increasing the weight on the roof. 


2.2 LIVE LOADS 


Drawings need to include a table showing the live loads used in design for the various parts of the build- 
ing. Live loads are primarily vertical loads from the occupants of the building and the support of these 
loads is the reason that the building exists as shown in the example shown in Figure 2.1. Snow is not con- 
sidered to be a live load butis a unique load case, Live loads are given in the Building Code and it is up to 
the design engineer to determine what the appropriate category should be. Most structural engineers spend 
very litde time determining the appropriate live load to be used in design, preferring to devote the major 
ity of time to designing elements that will resist this load. Aspects of choosing appropriate live load are 
discussed later in this chapter. Suffice it to say here that the Building Code requires designers to consider 
the effects of pattern live loading if leaving live load off one part of the structure increases the forces on 
another part of the structure. This is less of a challenge in steel design than it is in concrete design as steel 
beams are typically considered to have simple span connections and loading in one span does not affect 
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the adjacent spans. However if there are cantilever beams or other beams that are continuous over the 
support, then the effect of pattern toading must be considered with 100% live load and 0% live loads used. 


Figure 2.1, Live load on a stadium stair at the end ofa baseball game. 
Stairs and corridors are required to be designed for 4.8kPa 


2.3 LIVE LOAD REDUCTIONS 


When designing elements such a3 girders or columns that have a large tributary area, it is often permis- 
sible to reduce the live load according to formulas given in the Building Code. This load reduction is not 
permissible for snow load or assembly occupancy loading with a load less than 4.8kPa, eliminating live 
load reductions in schools or churches. Additional information on live loed reduction can be found in the 
Building Code. If a column is supporting a large area of load subject to live load from Use and Occupancy 
as prescribed by the Building Code, there is a good probability that all of the floor area is not loaded to 
the maximum value called for in the Code. NBCC 2010 Clause 4,1.5.9 recognizes that this allows us to 
do a live load reduction if the tributary area satisfies minimum values depending on the type of loading. 
Code-permitted live load reductions are shown in Table 2.1. 


Table 2.1. Code-permitted live load reductions 


i ee ra 


Assembly use LL < 4.8kPa No Reduction 


Assembly LL>4.8kPa (Area>80m2) 
05+ | | 


Storage, Manufacturing, Retail, Garage, or Footbridge (Area>8Om2) Where A is the 
tributary area of this occupancy supported by the member under review. 


Not Assembly or snow or otherwise covered above (Area>20m2). Where B is the 
tributary area of this occupancy supported by the member under review. 
(This category would include the minimum roof live foad of 1.0kPa.) 
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EXAMPLE—DESIGN A SIMPLE COLUMN 
Find the live load reduction for a column supporting a second-floor off 
2. 4kPa and a tributary area of 63m2. fice occupancy with 4 live 


The live load without reduction would be 2.4kPa * 63m? = 151.2kN. Th, of ‘de 
51.2KN. The offi 


permits us to use the live load factor of the bottom category of Table 2.1 Ce use 
Vand the Ij 
computed as: the live load fcr 
s 98) _ 98 
LL Factor = 0 ary | =03+,|25)=0.404 


The reduced live load tributary to the column for this occupancy at this level 
Reduced Live Load = 0.694 * 151.2KN = L0SKN 


For column load takedowns it is often of more use to com, ive load 
ss, . ue) i 
the live load times one minus the live load factor. ee 


LL Reduction = (1~0.694) * 151.2kN = 46.2kN 


On, this beta 


Note that if the column supports more than one use, each use mi 

, A ust be evaluated separai 

if a columa supports a roof, an office floor, and a parking level, then the roof snow pm a 
The office floor is reduced using the mibutary area of office floor, a 
the tributary area of parking. ’ 


2.4 POINT LOADS 


The Building Code prescribes uniform loads that must be used when designing indivi 

satin | a Separate consideration of point loads. NBCC requires the tdi 2 be 

ates ‘nel cos an area of 200mm x 200mm (basically the weight of a worker standing on one 

ape r x 600mm for driveways over basements and areaways (occupied open spaces) that 

aa ames oa point load under one oF possibly a pair of wheels at the end of the axle of a 

ote j ing used to change a tire. While for the most part these point loads will not affect an 
vidual beam (unless that beam is very short) it may have an influence on the design of the decking, 


2.5 MINIMUM LIVE LOAD TO BE USED ON A ROOF 


eas loads to apply for various uses and occupancies, roofs are given ag 1.0kPa, This live load is i 
provide a minimum capacity for construction of the roof and to carry the weight ‘anna 
ers. It seldom governs except in the case of interior roofs that would occur on a kiosk in an atrium space’ 
orin roofs in regions with very low snow loads. The minimum roof live load requirement should be read 
in conjunction with NBCC, which states: 


roofs shall be designed for either the uniform live loads specified i 

‘ for eit specified in Table 4.1.5.3, the 
concentrated live loads listed in Table 4.1.5.9, or the snow and rain loads prescribed in 
Subsection 4.1.6, whichever produces the most critical effects in the members concerned. 


Ib other words, the live load from construction and maintenance activities need not be considered at the 
same time as the snow load. Under NBCC, snow is a separate load case distinct from li \ond and 
designers contend that the minimum live load should be considered when doin; a it takedo oe 
combining it with the companion action snow effects. This is not the intent arise sie i 
requirement and companion load. Instead the aim is as stated in NBCC, which requires th roe igners 
take the most critical loading when determining the axial load in acolumn. In at ‘ ennai 
beams are not designed for snow load combined with the companion action pr sbapre igre: bhatt 
Joad, the columns that support the roof are not subject to the companion action effect the ell 


1 


and the parking level is red; } 
| 


now. It should be noted for most columns the tributary area 15 large enough that 


load combined with the si 
jucing the minimum live oad. 


the live load reduction can assist in red 


EXAMPLE—FIND MINIMUM LIVE LOAD : 
Find the effective minimum live load to be considered when designing @ column supporting a roof occu- 


pancy wiih a live load of 1.0kPa and a tributary area of 63m, 
‘The live load reduction fails into the bottom category shown in Table 2.1 


02+ (22) 
racer =03+ [28] w02+f35}=060s 


The reduced live toad tributary to the columa for this occupancy at this level 


and can be computed as: 


Reduced Live Load = 0.694 * 1kPa = 0.69kPa. 


‘The column supporting this roof Joading this would nat be combined with snow loading in the formula: 


125D + 15L+ 1.08 or 1.25D + 15S + 1.0L 


inthe same way tat we do not combine the minimum live load as a companion ond with snow, when we 
ne the snow with minimum live load for the roof 


design the beams for the roof we do not need to combil 


when we design the columns. : 
Oe ee raat remember tat tbe Code is minimum standard. Wf the designer Rows DO 


mitigating factors and there is probability of having some live load present at the time of the snow, then 
the design should reflect this. Consider the case of a car dealership where cars are stored on the roof. The 


cars are a live load, and with a strict interpretation of the Code, might not be added to the snow load on 
least some cars on the roof at all times and some of the cars are likely 


to be on the roof at the time of the snow load. In this case the designer would be prudent to consider the 


cars ag a storage load and include the 
the columns supporting that roof. This is especially true in those parts of Canada, including Greater Van- 
covver, where snow loading is the result of a single storm and not an accumulation from several storms. 


EXAMPLE DESIGN A SQUARE HSS COLUMN 
Design a square HSS column supporting the roof of a warehouse type building located in Vancouver Ss, 
= 1.8 and S, = 0.2. The roof is essentially flat and has n0 snow drifting or ponding issues. The columns 
are spaced at 9m in one direction and 10m in the other direction. The overall size of the roof is 120m by 
100m. Deck is 38mm with an allowance of 0.9kPa for roofing materials, ceiling, and suspended mechani 
cal and electrical. The column supports a 530mm deep girder in one direction and 400 deep joists in the 
other direction. 

Determine the appropriate snow loading for the building. 

Roof size gives C, = 1.00 (flat roof no projections or overhangs) 

NBCC 2010 Cy: 

L, = 2w ~ wf =2*100 — 1007/120 = 117m 

Cy = 1.0- G0, =0.93 

Roof snow = {(Cy = 0.93) * (C, = 1.00) * (C, = 1.0) * (Cy = 1.0)" (S,= 18)} + (S, # 02) 

=1.87kPa 


EE 
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Check minimum live loed. 


98) . 38 
Misi vlad = 108034 (22) 1.0kPa * (03+ = ) 


Minimum service live load = 1.0kPa * 0.63 = 0.63kPa 


The minimum live load is less than the service snow load and wil! not be considered to be ack; 
same time as the snow load (even as a companion live load). Acting at the 


2.6 CONCENTRATED LOADS AND THEIR EFFECT ON ROOF DESIGN 


Under the Building Code we are required to design roofs for a concentrated load of 1.3kN spread 

750mm x 750mm to produce the maximum effects. A concentrated load of 1.3KN represents the wel er 
of a worker with tools and will seldom govern unless there is a very short beam, and even then, it w ve 
be difficult to have either the beam and its connections not satisfy |.3kN. As discussed above in Seat ld 
25 on minimum roof loading, the concentrated load is considered to act alone and need not be comb; ‘on 
with either minimum uniform roof load or snow loads. If there are large mechanical units on the roof. 

the loading for these should be considered as point loads, including the effect of any housekeeping padg 


2.7 DETERMINING THE SNOW LOADING ON THE ROOF 


‘We will start our determination of the loads on roofs by determining the snow load for a flat roof which 
is determined from Clause 4.1.6.2 of the Building Code. 


‘The basic roof snow load equation is: S =I, * (S,* (C, * Cy *C, * C) +5) 


Is is the importance factor to be used with snow load. As with wind load there is an importance factor to 
be used with ultimate limit state (ULS) for strength design and another to be used with the serviceability 
limit state (SLS) for deflection design. The serviceability limit state factors for snow load are shown in 
Table 22. 


Table 22. Serviceability limit state factors for snow load 


BUILDING IMPORTANCE CATEGORY ULS I, (STRENGTH) SLS ts (DEFLECTION) 
10 09 
09 
1.25 09 


Normal importance 
S, and S, are the snow and rain parameters set by the building authority and under NBCC are based on a 
return period of 50 years. For Vancouver the values are given in the Vancouver Building Bylaw to be S,= 
1.8 and S, = 0.2. (See current edition of Vancouver Building Bylaw.) For other areas the values of S, and 
S, are found in the Building Code; however, these values may be increased by the local jurisdiction, and 
when doing a project in a jurisdiction that the designer is not familiar with, it is worth checking the snow 
load with the local building department. The S, and S, values for one municipality can be quite different 
from that of its neighbours. Note that the values of S, and S, were computed from work done in the 1970s 
prior to any global warming effects. Recalculation of snow loads occurs with each Code. 


High importance 
Post Disaster 


Cy is the basic roof snow load multiplier. C, = 0.8 for small roofs (maximum dimension less that 
70m). Previous to NBCC 2005, C, was always a coustant of 0.8, which took account of the observed facta 
that the snow on the roof of a heated building is less than snow on the ground, partly because the snow 
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can drift off the roof. However under NBCC 2005, C, increased to reflect the fact that with large roofs 
snow can drift from one location to another. For large roofs with Cw = I (see discussion on Cw below), 
the value of Cb will be: 


2 
g=10-(%} (applies to roofs with 1>70m) 
1, = characteristic length = J, = aw where w = shorter roof dimension and | = longer roof 
dimension 


C, is the slope factor and is 1 for roof slopes less than 15 degrees regardless of the roof being slippery 
or not. Above this slope there are variations depending on whether the slope is classed as being slippery 
or not. For slippery roofs C, = 0 at 60 degrees while for non-slippery roofs C, = 0.0. When the roof slope 
exceeds 70 degrees, a value of C, = 0 means that the Building Code considers that there is no snow on 
the roof. This is shown in Figure 2.2. 


Stops factor C, 2s « function of roof angle 
2 Figure 22. 
Slope factor C, at 
various roof angles 


—Unobstructed Normal Root 


----Unobstructed Slippery Roof 


a 10 F) a) so o ~ ao 9 © 10 
Root Sipe (Degrees) 


C, is a wind factor that should be taken as 1.0 in the Vancouver area. C,, may only be used to reduce 
snow load if the building is in open terrain on all sides and will remain so for the remainder of its life. C, 
may not be used to reduce the snow load on Post Disaster buildings. C,, should also not be used in areas 
where there is not much wind in the winter, this includes some mountain valleys in British Columbia and 
some northern locations of the province where the wind loads are similarly low, In 1995 the Association 
of Professional Engineers and Geoscientists of British Columbia formed a committee on Part 4 of the 
Building Code comprised of consultants, academics, and building officials. One of the recommendations 
of that committee was a code interpretation as follows: 

Code Interpretation: Sentence 4.1.4(1) and (3) for the effect of wind exposure factor C, on roof snow 
loads: 

Values of C, less than 1.0 should normally not be used for evaluation of roof loads on buildings 
particularly in urban areas, and in coastal regions of British Columbia. 


Reasons: 
There is a possibility that obstructions higher than the roof may be constructed in the future resulting in 
4 potentially unsafe condition. 

Snowfalls in coastal areas of British Columbia are often very wet and occur under calm conditions. 
Reductions of roof snow loads due to wind are unlikely to occur. 

The City of Vancouver currently does not permit the use of a C, less tban 1.0. 


EXAMPLE—FIND THE ROOF SNOW LOAD 
Find the roof snow load for a normal importance building in Vancouver with a flat roof with dimensions 
100m x 120m. 

Determine the characteristic length 
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ews; — 100m)? _ 
al.=2w L 7 X100m) 120m =116.7m 


2 2 
30) _,_{ 30 
cnt {P} =1-{75] -08 
Sel, * SMC * Cy * C,* G) + S,= 1.0%(1.8kPA*0.93 * 1.04 1.0) 4.0.5 a 
= 1 87kp, 


EXAMPLE—FIND THE SNOW LOAD ON A SMALLER ROOF 
Find the roof snow load for a normal importance building in Vanco i 
70mm x 70m. : iver with & fat root with dimen 


2 
Determine the characteristic length = |, = 2w- = (20m) 
30) -. a 1 tea in 
-1-(34) = 1-(2) = 
G=l-[F ay} “082 Sayo8 


ce 


S=1,* (SC, * C, * C,* C.) +S, = 1.0°(1.8kPat(0.8 * 1.0 * 1.0) +0.2kPa) = 1.64kp, 


Note that 1.64kPa will be the flat roof snow load for all normal importance buildi 
; di 
70m x 70m in Vancouver unless there are roof Projections or steps causing snow buildaip, Tess thay 


2.8 SNOW DRIFTING 


Snow drifting can be a significant problem requiring changes to the framing such as the addition of} 
Or joists around roof projections such as penthouses to prevent overstress of the roof deck. While 
drifting in the Lower Mainland of British Columbia is often regarded as a phenomena that occurs 
Climates colder and dryer than Vancouver the following should be kept in mind: 
1) During a particularly bad snowstorm in December 1996, an aircraft hangar collapsed at 
airport even though it had been in existence for more than 50 years. Photographs taken in 
shortly after that storm clearly show drifting of snow had occurred in some locations. 


2) During the Christmas snowstorm of 1997, drifting snow in Chilliwack was remarkably — 


pronounced. 

3) Even if drifting snow in Vancouver is a rare event, we are still required to design for rare eveats. 
such as extreme winds and seismic events, 

4) Many buildings are designed in Vancouver for areas where snow drifting does occur. 

5) Designers are required by Code to design for snow drifting and the engineer of record will be 
sealing the drawings to state that they comply completely with the Code not just the parts af the 
Code the designer agrees with. 


Figure 2.3 gives snow drifting adjacent to higher roof such as would occur adjacent to a mechanical — 
house or adjacent to a building setback. The figure covers a large number of snow drifting cases where. 
step in the roof occurs or where the roof is adjacent to a mechanical penthouse. 
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He = B(SY7) (F - Ce) 
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lesser 

C,f0) = (rHWCeS) 
end 

C,(0} = F/G 
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Figure 2.3. Figure G-4 from Commentary G of the the NBCC Code 


Commentaries (Part 4). Similar figures are now included directly in 


Let's simplify Figure 2.3 further for one of the more common situations restricted to the following condi- 
ay) Located in Vancouver or Lower Mainland or a ree where C, = 1. 

2) Upper and lower roofs are essentially flat (<0 degree slope). : 

3 od and lower roofs have dimensions small enough to give Cp = 0.8 (Le., less than 70m on a 


side if square, longer if oblong). ' 
4) Upper roof has a parapet that is small enough to ignore (hy = 0). 


The first equation to be solved is F. 


w 
where |, = characteristic length of upper roof = 2w -—- 
C, here refers to lower roof (take as 1.0 for roofs with dimension less than 80m) 


h, = height of parapet of upper roof. 
‘y = density of snow 
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The value of y varies considerably depending on the 
snow, and the time of the season. NBCC Commen 
(fresh snow) can be 0.SkN/m? to 1.0kN/m? 
land a value of 3.0kN/m? would be appro; 


geographical location, i 

n nt ‘ 
and i tary G, item 6, states that aa a the 
Ane increases to 2.0kN/m? to $.0kNjn3 vt SMe Of toate 
priate to use in the snow drift calcy ate 


higher elevations a value closer to 1.0kN/m? t lations wh 
; { 0 2.0kN/m? woul ene While in driers 

‘We find that F is dependent on the size of the roof but it is mt Fs ¢ — 
speed up hand calculations, resulting in the following equation, "* © {BROT the Poe al 

Use F=035* [(%4) 4c, 220 

Sew 
Now: C,(0) is lesser of: BiaY =- Bree 
i , GS, ” 0s, (small step cut-off) 

or ro = oa (G is 0.8 for roofs smalier than 70m) 
The upper of the two equations onl: i conse! 
i : 'Y gOverns in small steps and it is i i 
in at calculations. In the case of a 10m x 10m upper roof in Vancouver, page d quicker to ignore x 
Or less to allow the small step equations govern, resulting in the following equliene s a 12m 

. 
C= 
* 08 


The snow at the step will be: 
pie 
0.8 


Eliminating the terms that equal unity and simplifying get: 
Sain es. plifying g 


S=S,*(C, =0.8) *(C, = 1.0) *(C,=10)*(CG= +5, 


Xq is the lesser of: 5* (28) = se(4-08°5, (small step cut-off) 
Y 


or5* (=) +(F-C,)=5* (5) *(F-08) 


Again the upper equation governs only in the case of small steps and it is conservative and quicker to 
ignore this equation when doing hand calculations. 
For Vancouver snow loads, the second equation will govem unless h is less than 1m to 2m. Againit 
is conservative to ignore the first equation. Using only 
Xy=5* [=] *(F -0.8) for hand calculations is quicker and is only slightly conservative for most 
Y reasonable steps, provided the following restrictions are met: 


a) Located in Code mandated or wind sheltered areas where C,, = 1.0. 

b) Upper and lower roofs are essentially flat (<10 degree slope). 

c) Upper and lower roofs have dimensions small enough to give C, = 0.8 (c., less than 70m 00.8 
side if square, longer if oblong). 

d) Upper roof has a pariyc% that is small enough to ignore (hp = 0). 

ce) Roof step is at least 1 metre. If the roof step is less than 1 metre, the results are conservative as 
the small step cut-off is not evaluated. 


————— = a = 
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‘These simplifications result in the simplified loading diagram shown in Figure 2.4 as follows: 
w cae 
1) Compute characteristic length of upper roof =], = 20 -—- (w =short dimension of upper roof) 


Tt 
2) Compute F = 0.35* [i -6 (4 +C, 220 use y =3.0KN/m if the snow is going to drift. 
Fi 7 


S=(S,"F}S, 


— 


Figure 2.4. Simplified snowdrift loading diagram 


EXAMPLE—DETERMINE SNOW DRIFT AROUND A PENTHOUSE ~~ 
A4m high mechanical penthouse sits on the 40m x 40m roof of a normal importance building (1, = 1.0) to 
be Jocated where S,= 1.8,S,=0.2, and C, = 1.0. The mechanical penthouse is 7m x 5m. Draw the snow 


load diagram adjacent to the penthouse. 


Snow away from obstruction = 1.0 *(1.8 * 0.8 + 0.2) = 1.64kPa 
Using our simplified assumptions for build-up area: 


pee ie ony 
ke 2w- 22*5m—-— T= 64m 


2 
F=035* (t-«(%) +C,220 


F=0.35 - pares +0.8 = 1.94 (Use minimum value of 2.0) 
(0) = S, * F +S, = 1.8kPa*2,00 + 0.2kPa = 3.80kN/m? 
X4(0) = Xq= 5* [2}-7-08) =5*(12}-e-on- 3.6m 


Result: 
These simplifications result in the computed snow load diagram shown in Figure 2.5. 


(1.8kPa‘2) +0.2kPa = 3.6 kPa 


Regutar Roof Snow = 1.64 kPa Figure 2.5. 
Penteouns | Computed snow 
naam load diagram 
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A computer program or spreadsheet fo assist in calculating snow dri 
such programs are not available commercially, 90 the designer will ne. 
that has a library of such programs. 


ft is of great Value U 


ed to write j nf 
LOE Wor = } 
“team 


2.9 MINIMUM ROOF LOADING 


Under Building Code Table 4.1.5.3, Specified Uniformly Distributed Live loads 
On an 


Roof, the use and occupancy of roofs are listed with a load of 1.0kPa. We rected Area 
we should probably be directed to 4.1.5.5.2, which states: ge mug 


roofs shall be designed for either the uniform live loads specified ; 
3 : : pecified in Ts 
concentrated live loads listed in Table 4.1 5.10, or the snow and nin Vlas the 
Subsection 4.1.6, whichever produces the most critical effect on the members “a 
concemed, | 


‘The intent of the minimum roof load clause was to provide a live load 

and to provide minimum levels of rigidity. For most roofs subject to ae for Workers on thy 
minimum live load will usually not govern the design of the roof. The sidan rim a 
will govern for interior roofs such as the roof over a retail unit in a high interior 5 we loading of 1g 
The minimum roof live load of 1.0kPa has been taken into account, perhaps hc Such aan 
putation of columa loads of multi-level buildings when using the companion wctiva mee in the 
discuss this further when we discuss loading on columns in Chapter 9. “PProach and we 


2.10 WIND LOADING ON A BUILDING WITH A FLAT ROOF 


iis Jey worth keeping in mind when doing wind design: 
¢ basic wind pressure is the value of the qso value that is the wi 
wGalailepalicaled qredie’Gan SO yun. ind Presse due to mean boul 

2) For Vancouver: 459 = 0.48kPa (Used for structural design for buildings and for cladding) 

3) The qgo pressures must be adjusted by the multiplying by several coefficients to give thes | 
on the roof surface that are used in design. These factors include the importance factor, Low 
depends on the importance classification of the building. The uplift pressure on the roof ig 
combination of interior pressure and exterior pressure and both must be calculated. i 


2.11 INTERIOR PRESSURE 

The Building Code in Clause 4.1.7.1.3 gives the interior pressure as: 
p=LtatceC,*C, 
1, = Importance factor to be used for wind strength design and is shown in Table 2.3, 


Table 2.3. Interior pressure 


BUILDING IMPORTANCE SLS t, (DEFLEC- 


CATEGORY TION) 


Post Disaster 


To find the values of Cy & C,, we have to go to Commentary | of the User's Guide — NBCC Structural 
Commentaries (Part 4 of Division B). There is guidance as to the values of C, for internal pressure aod 
the Cy coefficient. If there are very few openings in the building, then it may be beneficial to compute G | 


———- | 
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using the procedure outlined in commentary Item 22, bat the size and number of openings in the building 
skin has to be unreasonably smail for this to be worthwhile and in most circumstances Cy will be 20. 

The exposure factor, C,, for computing the effect of interior pressure is taken at the mid-height of the 
building. The interior pressure is a function of the background leakage of the skin of the building, possibly 
through openings for windows, vents, and doors. It is assumed that these are uniformly distributed over the 
height of the building and hence the wind speed of concem is the one at mid-height of the building. There 
is lots of opportunity for debate as to which category the building fits into. Some design offices consider 
that Gll-up warehouses fit into Category 1, but if all the loading dock doors are on one side, it would be 
fair to say that the background leakage would not be evenly distributed and this type of tilt-up building 
should fit into Category 2. There may also be future modifications to the building where a windowless 
building is modified to have a more storefront appearance resulting in increased background leakage. 

Under NBCC provisions, the interior gust factor reflects the difference in pressure that occurs inside 
and outside the building. The wind pressures qsy are based on a one-hour average wind speed measured 
in open terrain at a height of 10m. The gust factor accounts for increases in pressures above the pressure 
derived from the one-hour average wind speed. Under NBCC provisions it is difficult to get a Cy of less 
than 2.0 and Table 2.4 showing interior pressure coefficients has been modified to reflect this. 


Table 2.4. Categories of interlor pressure coefficients 
CATEGORY ca 


DESCRIPTION 


Buildings without large openings and having 
small uniformly distributed openings. Applies to 
mechanically ventilated high-rises and window- 
less warehouses with door systems not prone 
to storm damage. 


-0.15 to +0.0 20 


Buildings in which significant openings can be 
relied on to be closed but in which background 
leakage may not be uniformly distributed. Most 
low buildings fit into this category provided 

all elements (shipping door especially) are 
designed to be fully wind resistant, 


0.45 to +03 2.0 


Buildings in which large or significant exist 
which can transmit gusts to the interlor includ- 
ing sheds and buildings where shipping doors 
and ventilators may be open in the storm. 


Source: NBCC 2005 Commentary [-31 


-0.7 to +0.7 20 


C, the exposure coefficient is taken at mid-beight of the building. For computing the internal pressure the 
value of the exposure factor for various heights is given in NBCC 4.1.7.1(5), resulting in the following 
formulas: 


oa 
Open Terrain: C, = ( 4) but not less than 0.9 


03 
Rough Terrain: C, = 0.7 (3) but not less than 0.7 


Rough terrain is suburban or urban landscape or trees and is free of open areas, including large parking 
lots, large playing fields, open agricultural land, or bodies of water. The NBCC Structural Commentaries 
includes photos of rough terrain and open terrain and there will often be some engineering judgment will 
be involved. Rough terrain should not be assumed if the roughness is derived from trees that are to be 
cleared during the life of the structure. This may be difficult to predict for a structural engineer. 


3A exmocronat Svesi por CANADIAN BUILDINGS 


The rough terrain and exposed terrain conditions were i 
cems that the higher wind loads for cladding would have hoagie Bre 
Inj 


many buildings are in cities and large towns and would th PAC. The 
can be realized from the rough terrain that exists there. stain from the r re fetng pe ad 


ee rae ene ts Pletty CEacatterin the testis See stan gy 

. ¢ NBC 

A 208 inthe upareg IC 
Bite, 


Ted " 
Wind tag } 
mentaries for cases near hills and a transition formula where there 


For low buildings the C, coefficients can be simplified as shown in Table 2 
e 25, 


Fi oe " 
igure 2.6. Positive external wind loads compared with positive internal wind loads 


ein INTERIOR PRESSURE 
Lae easing eee to be used for cladding and individual element design on an 18m hi ] 

4 sc co Lows “x, et ee and is located in open terrain, The building 
ae midlets baikecnoman ae to resist storms and are expected to be closed during 


Solution: 
basic equation for internal pressure is taken from NBCC 4.1.7.1(3) and is as follows: 


Internal Pressure = p, = L*q°C,*Cy"Cy 


q Rodel eth oan bord NBCC 2005 = 0.48kPa for Vancouver (these values can be 
obtained Ppendix C for communities throughout Canada), Cities such as Vancouver : 


that have their own building code list i 
ining cama the Qso value in Part 2 of the Code (see current edition of 


C, = Exposure factor at mid-height = 18m /2.= 9m gives C, = 1.0 
fy = Importance factor to be used for wind strength design = 1.0 for normal importance 
ica ne oh sty *q*C,*C, * Cy (Clause 4.1.7.1(3)) 
Height of building = 18.0m Reference Pressure dso = 0.48kPa 


> | 
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Open Terrain: 

C, = (H/10)° but not less than 0.9: 

C, at mid-height of building = (9mn/10)?? = 0.98 (mid-height of building = 18m /2 = 9m) 

g Category I - Normal Building Significant openings closed but not uniformly distributed 
= -0.45 to 0.3 (See NBCC Structural Commentaries, Part I) 

0 * 0.48 * 0.98 * 2.00 * 0.45 =-042kPa (— = Down- 


Buildin; 
Cy = 2.0 Range of Cy 
Minimum Interior Building Pressure = 1 
ward Load on Roof) 

Maximum Interior Building Pressure = 1 
Load on Roof) 


0 * 0.48 * 0.98 * 2.00 * 0.30 = 0.28kPa (+ = Upward 


2.12 EXTERIOR PRESSURE 
The Building Code in Clause 4.1.8.1.1 gives the exterior pressure as: 


Pel, *q*C,*C,*G . 
The and gust factors to be used for most low-rise buildings are included in figures in Commen- 
tary I of the NBCC Stroctural Commentaries. 

‘The exposure factor, C,, for computing the effect of exterior pressure is taken at the level of the roof 
of concern. If the building has one roof level, take that level. If the building has two roof leveis, then 
evaluate at each level separately. The effect af the wind gusts on the roof are a function of the wind speed 
at that level and hence the need to know the exposure factor appropriate for the roof level. 

Figure 2.7 reproduces NBCC Structural Commentaries Figure I-9, External peak pressure coeffi- 
cients, C,C,, on roofs with a slope of 7 degrees or less for the design of structural components and clad- 
ding. This figure uses qsq values for structural actions for both exterior and interior wind calculations. For 
the roof area, area r, and assuming a tributary area of 10m? or more this figure would give a maximum 
suction CC, value of -1.5. 

Determine Exterior Building Pressure = P= 1, * q * C, * (C,C,) (Clause 4.1.8.1.1) 

Range of C,C, =—1 50 to 0.30 (Commentary Figure 1-9) 

C, at roof of building = (18m/10) = 1.12 

Exterior Pressure at roof (- = up) = 1.0 * 0.48 * 1.12 * -150=-081kPa 

(= upward load on roof) 

Exterior pressure at roof (+ = down) = 1.0 * 0.48 * 1.12 * 0.30 0.16kPa 

(+ = downward load on roof) 

Some e engineers 3 will debate that Figure I-7 from the commentary should be used for the coefficients used 
in this calculation. The intent however is to use Figure 1-7 when looking at the complete structure (for 
example, for determi ining wind overturning) and use Figure 1-9 when looking at only an individual pert of 
the structure in the case of wind girts or parts of the roof under wind pressure. Structural Commentaries 


Figure 1-9 (cladding design pressures) should therefore be used for computing the wind uplift load on 
individual beams, joists, or girders. 
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ees= rool with overhang 


10 20 50 100 
Area, m= 


Figare +9 ‘ 
Gamal 
Desk compouhe preaaure-guet coefctants, CyCy on roots with a slope of 7° or les for the design of struc ‘ 
Figure 2.7. From Commentary | of the User's Guide — NBCC Structural Commentaries (P; 
Figure on the right ts Figure I-9 for the design of cladding and cladding support ia 
the wind loading on a typical roof beam should use this figure 7 


Care should be taken when determining the dead load that resists wind uplift, Most designers wil] ; 
conservative value of the roof dead load for design as this allows for some re-roofing late in the lea 
the building and future dead load but use of this load will not be conservative when computing resi 
to wind uplift. 
° As gt load helps to resist wind uplift, snow load is never considered in conjunction with wing 
uplift. 
¢ Structural drawings should state design wind uplift used in design. This is particularly true 
other designers will be working on the project. In particular, the Open Web Steel Joist desigity 
will require this information. If wind uplift is present additional lines of bottom chord bracing — 
will be required for the OWSIs. " 


EXAMPLE—NET FACTORED WIND UPLIFT 

Determine the net factored wind uplift that should be used for joist uplift calculations on an 18m, | 
building with a steel roof located in Vancouver in open terrain. The true weight of roofing, deck, and, 

at time of construction is estimated to be 0.5kPa. The building is considered Category 2 for interior, 

sure as storm doors are designed for storm loading but are not evenly distributed. 


Maximum Wind Pressures on Roof = P, ~ P; (Clause 4.1.8.1.1) 
From earlier parts of this example we have found: 
The range of exterior pressure on the roof = -0.81kPa to +0.16kPa | 
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‘The range of interior pressure = —0.42kPa to +0,28kPa 
Maximum Suction Pressure on Roof = P, — P; = -O.81 ~ (+0.28) = -1.09kPa (~ = Upward load on 
Roof) 
Maximum Downward Pressure on Roof = P, — P, = 0.16 - (-042) = 0.58kPa (+ = Downward load 
on Roof) 
Dead load of roofing and roof beam structure = 0.50kPa 
Factored Net Uplift =0.9D ~ 14W = (0.9 * 0.50) + (1A * -1.09) =—1.08kPa (- = Upward load on 
roof) 
‘This would be the factored uplift that beams in the building would be designed to meet. A 
note should added to the general notes section of the structural drawings: “Open Web Steel 
Joists shall be designed to resist « net factored wind uplift of 1.1&Pa.” 
Given the load combinations for use with NBCC discussed earlier, the loads for roofs require consider- 
ation of principal loads (dead load and snow load) and companion foads (wind loads). ; 
Companion loads are oaly used with the principal loads if they make the situation worse in the case 
of wind uplift the 1.0S would not be used as it helps to counteract the wind force as snow cannot be relied 
on to be present when the wind is acting on the structure. 


2.13 DOWNWARD WIND LOADING 


For flat roofs the wind loading can exert a downward force on the roof. Prior to NBCC 2005 this was often 
ignored as the snow load was normally considerably larger than the downward load due to wind forces. 
The Code requires that wind be considered as a companion action to snow loading to the principal action 
dead load and snow. This gives the following load combination: 1.25D + 15S + 04W 


EXAMPLE—DETEARMINE THE SERVICE WIND DOWNWARD LOAD 
Determine the service wind downward load that would occur on an 18m high normal importance building 
with a steel roaf located in Vancouver in open terrain. The design weight of roofing, deck, and joists is 
estimated to be 0 SkPa. The building is considered a low-rise building and is Category 2 for interior pres- 
sure (access doors designed for wind load but not evenly distributed). Roof dimensions are 100m x 120m. 
Maximum Downward Pressure on Roof = P, — P; = 0.16 — (-042) = 058kPa (+ = Downward load 
on Roof) 
Maximum Wind Pressures on Roof = P, — P; (Clause 4.1.8.1.1) 
From earlier parts of this example we have found: 
The range of exterior pressure on the roof is: —0.81kPa to +0.16kPa 
The range of interior pressure is: ~0.42kPa to +0.28kPa 
Maximum Suction Pressure on Roof = P, — P, = -0.81 - (+028) =-1.09kPa (— = Upwant load on 
Roof) 
Maximum Downward Pressure on Roof = P, — P; = 0.16 ~ (0.42) = 0.58kPa (+ = Downward load 
on Roof) 
Dead load of roofing and roof beam structure = 0.50kPa 
Downward Load for Roof Design = 125D+ 15S +0AW 


Factored Downward Load = (1.25 * 0.50) + (15 * 1.88) + (04 * 0.58)= 0.63 +2.82+023 = 
3.68kPa (+= Downward) 
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This would be the factored downward load that the joists would be designed to 
the general notes section of the structural drawings: “Open Web Stee] Joists a; Anote . 
simoltaneous downward wind load of 0.4*0.58kPa = 0.2kPa wben computing bel be desig a 
‘Ored loads = 
Me ty 


For normal wind loading in Canada the downward wind loading i 4 
ing combination by about 7% in the case of light roofs and less in the a wee : the factoreg - 
Yoad (3.45kPa goes to 3.68kPa). Many structural designers in Vancouver mmiguehae Toofs of henry 
able but the Building Code is a document intended to cover snow loading coum that this ig 
where wind occurs more often and where the snow remains on the roof for Ionigactied 
increasing the probability of having snow on the roof when the wind occurs, Periods of tims, 

Figure 2.8 shows two load cases to consider depending on whether evaluatin 
downward load or for the effects of wind uplift. 8 the beam for facy | 


SS Fe 


a _— 


Maximum roof beam downward load Maximum roof beam upward load 
Factored load =1.25D + 1.58 +0.4W Use this for unbraced| bean nana 
Factored load = 0.9D - 1.4W 
a) 5) 
Figure 2.8. Maximum roof beam a) downward and b) upward load ' 


EXAMPLE — DESIGN A ROOF BEAM FOR A NORMAL IMPORTANCE BUILDING 
Design a roof beam for a normal importance building located in Vancouver in open terrain, Building is 
18m high and is considered Category 2 as storm doors are designed for wind loading and will be closed 
during storms but are not uniformly distributed. Consider vertical snow load and wind forces. Design 
dead load from roofing, deck, and beams is 05kPa.The beams are spaced 2.5m apart and have an 8m 
span. The true weight of roofing, joists, and deck at time of construction is estimated to be 05kPa. Roof 
dimensions are 100m x 120m. 

Factored dead and snow and wind loading: 


Factored Downward Load = (1.25 * 0.50) + (1.5 * 1.88) + (0.4 * 0.58) = 0.63 + 2.82 +023 = 
3.68kPa (+ = Downward) 


Load on beam = 3.68kPa * 25m =92kN/m 


92KN [m*(8my 


Factored D+L Moment = M, = 7 


= 73.6kNm 


cand 
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The factored net wind uplift is computed from the previous example as 1.08kPa 
Factored Net Uplift = 0.9D - 14W = (0.9 * 0.50) + (1.4 * -1.09) =—-1.08kPa 
= Upward load on roof) 

Factored uplift = wy = {1.08kPa}* 2.5m = 2.7kNim 


Factored Uplift Moment = 4, = 
(Note that the factored uplift moment is only 30% of the factored dead and live moment; nevertheless it 
is significant as the compression flange is unsupported.) 

= 320 D Try W310. 

Sen OF ah ikNm (OK snes factored DSL) 

at 8.0m using «= 1.13 M,’ is 8.49°1.13 = 9.6kNm (Not OK does not satisfy wind uplift). 

Have to go to W310x39 section before we get an M,’ of greater than 25kNm. 

(M,' of W310x39 = 51.8kNm) A W410x39 would also be appropriate with M,' of 36.6kNm. 


2IEN Im* (on) = 21.64Nm 


Note that W310 x31 would work but this section is in light type (unique Canadian section no longer rolled 
so go to next size that works). 
Check deflection using W310x39 
‘ 5°w.*L!  5*(1.88kPa%0.9*25m)*8.0' *1000 _ = L/603(OK) 
LL deflection= A= oope7"—_984°200°85.1—=~*«~* 13mm ( 


Minimum I to satisfy deflection criteria = (360 / 603) * 85.1 x 10%mm* = 50.8 x 10°mm* 


Note that there are no sections with less depth and weight than the W310x39 that meet the three criteria: 
> M,273.6kNm 
> M,(8m)z21.6kNm 
> T250.8x10'mm* 


Use W310x39 size controlled by wind uplift. 


Of course, not all roof beams are governed by wind uplift especially as the weight of the roofing gets tos 
more reasonable weight allowance of 1.0kPa plus decking, beams, and suspended mechanical for a tial 
of 1.4kPa. Let’s look at a small roof in a built-up area of Vancouver that can be considered to be rough 
terrain. We will look at a beam with a span of 8.0m and with a tributary width of 2.75m. 


EXAMPLE—DESIGN A ROOF BEAM FOR A COMMERCIAL BUILDING 

Design a roof beam for a normal importance commercial builili'g located in Vancouver (S, = 1.8, 
S, = 0.2, dso = 0.48kPa) in rough terrain. Building is 10m high and is considered Category 2 as storm doors 
are designed for wind loading and will be closed during storms but not uniformly distributed. Consider 
vertical snow load and wind forces. Design dead load from roofing, deck, and beams is 1.4kPa and the 
beams are spaced at 2.75m apart and have an 8.0m span. Roof dimensions are 30m x 40m. There are av 
ponding or snow drift issues. 


Basic roof snow according to NBCC 2005 / BCBC 2006 Clause 4.1.6.2(1) to (8) 


Ground Snow Properties: S, = 1.8 S,=0.2 
Dimensions in metres of roof: Length = 40.0m Width = 30.0m 
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Building is Normal Importance. Importance factors: Snow 1, = 00 Wina leah ra 
C, = 1.0.Cs = 1.0 Roof is low slope and wind does not blow Snow off roof J 
Compute charactenstic length and basic snow for roof 

L. = 2*W4{W* WIL) = 2 * 30.0 — (30.0°30.0 / 40.0) = 37.5m 

Characteristic Length of Roof = 37.5m 

C, for roof using C, = 1 formula C, = 1-(30/L,)) = 1 ~(30 /37.5)2) = 0.36 
Minimum value of 0.8 shall be used for C, of roof 

Snow load on roof = 1,*(S,*C,*C,*C,*C, + S,) 

Basic Snow load on roof = 1.00 * (1.8 * 0.80 * 1.0* 1.0*10)+02= 1.64kPa 
Determine Interior Building Pressure = P, = 1, *q* C,* C,* C,; (Clause 417.13) 
Height of building = 10.0m Reference Pressure goo = 0.48kPa 

| perl C, = 0.7*(H/10)” but not less than 0.7: C, at mid-height of building = 0.76 | 


Building Category Il ~ Normal Building Significant openings closed but not uniformly di sti 


Cg = 2.0 Range of C, =~05 to 03 (See NBCC Commentary Part I) wed ; 
Minimum Interior Building Pressure = 1.0 * 0.48 * 0.70 * 2.00 * 0.45 =~030kPa (= | 


Load on Roof) Down i 
Maximum Interior Building Pressure = 1.0 * 0.48 * 0.70 * 2.00 * 0.30 = 
Load on Roof) 0.20KPa (+ = Upwang . 


q] 


Determine Exterior Building Pressure = P= ly * q * C, * (C,C,) (Clause 4.1.8.1.1) | 
Range of C,C, =—1.50 to 0.30 (Commentary Figure 1-9) 


Exterior Pressure at roof (— = upward) = 1.0 * 0.48 * 0.70 * -1.50 = -0 50kPa (- = Upward load on 
Toof) 


Exterior Preasure at roof (+ = Downward) = 1.0 * 0.48 * 0.70 * 0.30 = 0.10kPa (+= Downward 
load on roof) 


Maximum Wind Pressures on Roof = P, — P, (Clause 4.1.8.1.1) 
Maximum Suction Pressure on Roof = P, — P; =~0.50 - (40.20 ) = -0.71kPa (- = Upward load on 


wher ae Pressure on Roof = P, — P; = 0.10 — (0.30 ) = 0.40kPa (+ = Downward load, 
on 


Dead load of roofing and roof beam structure = 1.40kPa 

Factored Net Uplift =0.9D -14W=09"140+14*-071 = 0.27kPa (+ = Downward load on 
As the above result is positive, no net uplift on roof and uplift design are required | 
Downward Load for Roof Design = 125D +155 +0.4W 


Downward Load = (1.25 * 1.40) +(15* 164)+0.4* = = 
Dovsirand) ) + 0.4 * 0.40) = 1.75 + 2.46 + 0.16 = 4.37kPa (+= 


Use above Values for Beam Design: Trial Beam: W310x24 
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Beam Span = 8.0m Beam Tributary width = 2.75m 

Maximum positive moment on beam = 4.37kPa * 2.75m * (800m) / 8 = 96.2kNm 

Beam F, = 345 Beam Class = 1 M, = @*F,*Z, = 0.90 * 345.0 * 328.0 *0.001 = 102kNm 
Beam Moment Resistance of 101.8kNm exceeds maximum positive moment of 96 2kNm OK 
No net uplift. Do not need to check for negative moment bending. 

Compute Deflection using 0.9 * basic snow load: 0.9 * 1.64 = 1.48kPa 

Beam Load = (0.9 / 1.00) * 1.64 * 2.75 = 4.06kN/m 

W310x24 Moment of Inertia = 42.7 x10%mm* 

Deflection = 5 * 0.9 * 1.64 * 2.75 * 8.000% / (384 * 200 * 42.7) =0.025m 
Service Load Deflection on beam = 253mm = L/316 NO GO 


The required moment of inertia of the beam is (360/3 16) * 42.7 = 48.6 x10%mm* 
Go to W310x28 M, = 126kNm (OK > 96.2kNm) 
1=543 x 10°mm4 (OK > 48.6 x 10°mm*) 


EXAMPLE—DESIGN A ROOF BEAM FOR A FIREHALL 

For a firehall in Chilliwack, find the roof loading parameters and size a beam to span 7m and have a tribu- 
tary width of 2.5m, The building is 9m high and 25m x 35m in plan and the fire bay doors may be opened 
under windy conditions. The qs value is 0.72kPa, snow coefficients are S, = 2.2kPa and S, = 0.3kPa.Asa 
fire hall the building is a post-disaster facility. Dead load of beams, deck roofing, and suspended electrical 
and mechanical is 1.35kPa. Try W310x24 at first. Maximum deflection permitted is 1/360. 


Loading calculations: 
Basic roof snow according to NBCC 2005 / BCBC 2006 Clause 4.1.6.2(1) to (8) 
Ground Snow Properties: S, = 2.2 S,=0.3 
Dimensions in meters of roof: Length = 35.0m Width = 25.0m 
Building is Post Disaster Importance factors: Snow I, = 1.25 Wind I, = 125 
C, = 1.0 Cs = 1.0 Roof is low slope and wind does not blow snow off roof 
Compute characteristic length and basic snow for roof 
L, = 2*W-(W* WIL) = 2 * 25.0 — (25.0°25.0/ 35.0) =32.1m 
Characteristic Length of Roof = 32.1m 
C, for roof using C, = 1 formula C, = 1-((30/L,)4) = 1 -((30 /32.1) 2) = 0.13 
Minimum value of 08 shall be used for C;, of roof 
Snow load on roof = 1,*(S,*C,*C,*C,*C, + S,) 
Basic Snow load on roof = 1.25 * (22 * 0.80* 1.0* 1.0* 1.0) +03 =2.58kPa 
Determine Interior Building Pressure = P, = I, *q * C, * C,* Cyj (Clause 4.1.7.1(3)) 
Height of building = 9.0m Reference Pressure qs . 0.72kPa 


42.0 srructuraL STEEL por CANATIA® Bem 
Terrain: C, = FU/10) © but not Jess than 0.9: C, at mid-height of bailing =p : 

C, a Rod = 0.98 
Baiidiag Cxtegory It ~ Large or significant openings in building, including open sige 


C4027 00.7 (See NBCC Commentary Part 1:22) Shera 


Cy a 20 Range of 

Minimum Interior Building Pressure = 1.3 * 0.72 * 0.90 * 2.00 *-0.70 =~} 13kP a 

Load on Roof) * Downy 
Maximum Interior Building Pressure = 1.3 * 0.72 * 0.90 * 2.00 * 0.70 = 1.13kPy wat 

Load on Roof) Pwarg 


Determine Exterior Building Pressure = Pel, *q* C,*(C,C,) (Clause 4.18.11) 
Range of C,C, 2 -1.50 to 0.30 (Commentary Figure I-9) 
Exterior Pressure at roof (- = upward) = 1.3 * 0.72 * 0.98 * -150 =-1 32kPa (= up 


roof) 

Exterior Pressure at roof (+ = Downward) = 1.3 * 0.72 * 0.98 * 0.30 = 0.26kPa (4. = 

load on roof) Dowawa 
Maximum Wind Pressures on Roof = P, — P; (Clause 4.1,8.1.1) 


load on 


Maximum Suction Pressure on Roof = P, — Pj =—1.32 - (+1.13 ) =-2.46kPa(— = Upward Fe 
cy 


Roof) 
Maximum Downward Pressure on Roof = P, - P; = 0.26 - (-1.13 ) = 1 40KPa (+= Downward ad 


on Roof) 
Dead load of roofing and roof beam structure = 1.35kPa 


Factored Net Uplift = 0.9D-1.4W = 0.9 *1.35 + 1.4 * -2.46 =—2.22kPa (~ = Upward load on Toof) 
Downward Load for Roof Design = 1.25D + 158 +0.4W 


Factored Downward Load = (125 *1.35) + (15 * 2.58) + (0.4 * 1.40) = 1.69 + 386+056= 
6.11kPa (+ = Downward) 


Loading Results 
Factored Net Uplift = (0.9 * Dead) — (1.4 * Up Wind) = -2.22kPa 
Factored Downward Load = (1.25 * Dead) + (i5 * Snow) + (0.4 * Down Wind) = 6.11kPa 
Now check selected beam: Trial Beam: W310x24 
Check Positive moment (tension in bottom flange) 
Beam Spen = 7.0m. Beam tributary width = 25m 
Maximum positive moment on beam = 6.11kPa * 2.50m * (7.0m)?/ 8 = 93.5kNm 

Beam F, = 345 Beam Class = 1 M, = O*F,*Z, = 0.90 * 345.0 * 328.0 *0.001 

= 102kNm 

Beam Moment Resistance of 101.8kNm exceeds maximum positive moment of 93.5kNm OK 
Check Negative moment (unsupported bottom flange in compression) 

Maximum negative moment on beam = 2.50m * -2.22kN/m * (7.0m / 8 = -34.0kNm 
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Compute M,’ using «2 = 1.13 Beam unsupported length = 7.00m 


M, = 14.43kNm 
Beam Moment Resistance of 14.4kNm is exceeded by maximum negative moment of -34.0kNm 


NOGO 
Check Deflection using service snow loading: 
Compute Deflection using 0.9 * basic snow load: (0.9 / 1.25) * 2.58 = 1.86kPa 


Original Snow Importance factor of: 1.25 has been removed from above equation 


Beam Load = 1.86kPa © 250m = 4.64kN/m 
W310x24 Beam Inertia = 42.7 x 10°mm* 
Deflection = 5 * 4.64kN/im * (7.0m)*/ (384 * 200 * 42.7) =0017m 


Service Load Deflection on beam = 17.0mm = L/ 413 OK 


Result: rare ’ 
i roposed rks for positive moment and deflection, it does not have sufficient 
prin ris ees flange distance of 7.0m. We will now try 


ity for uplift wind loads with ao unsupported compression 2 
Fea bcan til has a M/’ of 34.0/ 1.13 = 30.0kNm in the beam selection tables (blue pages) of the CISC 


Handbook with 0 of 1.00. Try W250x33. 
Check Positive moment (tension in bottom flange) 
Beam Span = 7.0m Beam Tributary width = 2.5m 
Maximum positive moment on beam = 6.11 * 250m * (7.0m)? /8 = 93 5kNm 
Beam Fy = 345 Beam Class = 2M, = @*F,*Z, = 0.90 * 345.0 * 424.0 *0.001 = 132kNm 
Beam Moment Resistance of 131.7kNm exceeds maximum positive moment of 93.5kNm OK 
Check Negative moment (unsupported bottom flange in compression) 
Maximum negative moment on beam = 2.50m * -2.22kPa * (7.0m)? / 8 =-34.0kNm 
Compute M,’ using «2 = 1.13 Beam unsupported length = 7.00m 
M,’ = 45.56kNm 
Beam Moment Resistance of 45.6kNm exceeds maximum negative moment of -34.0kNm OK 
Check Deflection using service snow loading: 
Compute Deflection using 0.9 * basic snow load: (0.9 / 1.25) * 258 = 1.86kPa 
Original Snow Importance factor of 1.25 removed from above equation 
Beam Load = 1.86kPa * 2.50m = 4.64kN/m 
W250x33 Beam Inertia = 48.9 x 105mm* 
Deflection = 5 * 0.9 * 2.58 * 2.50 * 7.000* / (384 * 200 * 48.9) =0.015m 
Service Load Deflection on beam = 14.8mm = L/472 OK 
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Result: - 
The W250x33 works for all three criteria: (1) supported compression flange positive m, cole 
(2) 


i ; , and (3) deflection under seryi 
ported compression flange negative moment ae 
capacities and beam inertias given in the beam selection tables (blue pages) of the CISC eMew ok 
show that the W250x33 is the lightest beam that will meet all three criteria, “dbo 


2.14 PONDING 


Ponding is the excessive accumulation of water at low-lying areas of a roof. Pondin, 
of a roof in a sudden and dramatic manner, as shown in Figure 2.9, B CAN lead to fai 


Figure 2.9 Failure of L.A. Matheson Secondary School 
gym roof due to accumulation of water on the 

the drains Aad become clogged. Fortunately the omy 
unoccupied at the time of collapse i 


2.15 DETERMINING THE LOAD TO BE USED IN DESIGN 


The loads to be used by the designer are specified by the Building Code Table 4.1.5.3 but often judgment 
calls need to be made about which loading to use. For example, a room in a below ground level at a 
library that is used for meetings and seminars could fit into any one of the following categories ‘oti 
Table 4.1.5.3: 
> Assembly areas: Auditoria 4.8kPa 
» Assembly areas: Classrooms with or without fixed seats 2.4kPa 
» Libraries: Stacks 72kPa 
» Libraries: Reading and study rooms 2.9kPa 
The designer wishes to satisfy Code requirements but also wishes to make the desi go economical. 
It should be noted that many of these loadings have historic origins end are often very conservative 
when evaluated on # day-to-day basis. Assuming the average dressed person with normal accessories 
weighs 200 Ibs (0.9KN) (see Table 2.6 for Transport Canada airline regulations related to calculating pes 
senger weight) and assuming that each person will feel very uncomfortable with a space of less than Im 
X% Im We get a maximum load of 0.9kPa, 


| 
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Some loadings are much more likely to be achieved in practice; for example, offices above the ground 
floor that may under present Code provisions be designed for 2.4kPa live load will often be exceeded in 
“gormal” filing areas that are present in most offices. Particular attention should be made to compact file 
storage areas when reviewing buildings that have been designed to low uniform live loads as areas of 
rolling file storage measured loading can go as high as 14kPa (300 Psf). ‘ 

Snow and wind loading values are given in Appendix C for locations in Canada based on a return 
period of 1 in 50 years. This means that in any one year there is a probability of exceedance of 1/50 = 0.02 
or 2%. The probability that the load given in the supplement will not be exceeded in any one year is there- 
fore (1-0.02 = 0.98) or 98%. For series of n years the probability of not being exceeded can be defined as 
(1-0.02)". If we expect a 75-year life on our building, there is therefore a probability of (10.02) =0.22 
or 22% probability that the snow or wind load will nor be exceeded. In other words there is a 78% chance 
that it will be exceeded. The foregoing discussion assumes that the snow and wind loads are independent 
from one year to the next and the loads given in Appendix C are correct. Unfortunately most of the val- 
ues in Appendix C were derived from studies done in the 1960s and 1970s and predate any influences of 
global warming. 

Environmental loads given in the Code are not the maximum credible load on the structure. Instead, 
the Building Code defines a return period that is deemed to provide an expected level of safety. There 
is a very good chance that this load will be exceeded during the life of the structure. For example, take 
Table 2.7 for wind, which shows that there is an 87% probability of exceedance for the Code-defined qs 
wind load in 100 years. Similarly, the Code says we are to design buildings for a 1 in 50 year snow load. 


Table 2.7, Wind load and probability of being exceeded 


The Purpose of the load factor is to take account of overtoads that occur beyond the Code-mandated load. 
pe We will discuss the retum periods for seismic loading in Chapter 14 during our introduction to seismic 
ign. 
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2.16 CONSIDER USING A MINIMUM FORCE AND AVOIDING 
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When considering svnall items of framing, the designer should consider the eff AMAGe 

dental loading during construction and use and apply a point load of 1kN ect of 


. : Bervice (| ‘Sky lism ow 2.18 DESIGN OF ROOF BEAMS 
point on the structure. This would apply to miscellaneous metal for signs and struc fe ) Mey, Z of roof beams is more complex than for floor beams as there are three criteria to satisfy: 
structural engineering firms that design industrial structures, a 20kN (5 Kip) (ove Pieces Inage? Toes beaxiennm factored resistance of the beam must be greater than the ni — moment 
location is a design requirement. Point long con the beam. The factored positive moment puts compression st the top flange, w h is usually 
a i i of dead 
terall ed by the roof deck. As we will see, the load on the beam is 2 combination 
7 em cee ball shared wind effects, 
2.17 LOAD SHEETS 


2) Deflection of the beam under “service” snow load conditions. 


3) Maximum factored resistance of the beam under upward wind. This produces a negative moment 
One way to make the design notes and calculations easier to produce and f, : 


ults in the unsupported bottom flange of the beam being in compression. The 
: : follow later is ‘on the beam and res ae = aan 
i to eli; i t on the roof beam must be less tham the M,' resistance of the beam, 
aa a by reference back to calculations that are common to several elements, An factored CO apenegelie’ over its full length. While the wind uplift load may be less 
of this is the preparation of foad sheets to provide the design loads for specific area of the my its compression flange 


load sheets it is very quick to determine the live load and factored loading for 


ie half of the factored gravity load, the unsupported length of the beam bas often reduced the 
ora column by multiplying the loading from the load sheet by the tributary 


an element Such ag i 


Often too much of the design effort is devoted fo designing the resistance of the system without sufficient 
consideration of the loads that are present. ; 
The beam self-weight is added directly in the load sheet to alleviate the need to add it in Separately 

to cach beam calculation. This procedure supposes that the self-weight of the beams is estimated using a 
trial design or on the basis of experience with similar designs. If desired, the estimate of beam weight can } 
be checked following the design of several elements, with the calculations for these elements modified if | 
necessary. However, the beam self-weight is usually only a smal! percentage of the total load carried by 
the beam, and as long as some estimate of beam self-weight has been included in the beam design, then 
the variations in the beam self-weight will usually not result in beam size changes. Beam self-weight 
will be a more significant portion of the total beam loading where spans are longer or in cases where the 
superimposed dead and live load are low. 


on the central beam (Beam A) from snow loading and ponding. 


ty of the beam to less than half its supported capacity, and this criterion will often govern 
are: capacity 

are several ways to produce load sheets, but one of the most effective seattle iliteon the design of roof beams. 

approach and summarize the loading from each source and compute subtotals that apply | ign roof beams, we need 0 demonstrate how to find the snow and wind loads on the roof. We will 
beams, and girders. An example of this type of load sheet is shown in Table 2.8, The dead Lael deck, To design aan typical case of steel roof, which is a flat roof. 

load are kept separately, as it will be necessary to have both the factored loading and the live leeahaal do this for 

designing elements such as beams, where both forces due to factored loads and deflections due oe Mes : EXAMPLE—DETERMINE THE LOAD ON THE CENTRAL — a Aik, <0 tee 
live loads are checked. The load sheets show very clearly what items have been included in the aan ‘20m x 24m roof is illustrated in Figure 2.10. The roof See as aaagl Tait fo provide 
the structural system. It is worthwhile considering carefully if the loading is reasonable and if all a day rain = 112mm) and its use is — The a0 3 = es — pee eae rein aed 
have been considered. Ignoring the weight of housekeeping pads on mechanical floors or the Weight of | , the tops of the cwo columns are ay cepuaks kiccbe niet tie! (at Riga. Diieanias ie lbed 
a raised floor can make it difficult to rationalize the safety of the structure to carry these loads later on ¢ at the roof edge. There are Scuppers OT CY 


Table 2.8. Classroom block floor loading {except corridors) 
LOAD SOURCE 


Figure 2.10, Central beam snow loading and ponding 


Total load for Girder Design 


In addition to being helpful when designing for vertical loading, the load sheets can be used for detenit~ 
ing the weight of the building for seismic analysis. 


- 6 
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Solution: 

The environmental properties are as follows: 
S,= 1.8kPa S, = 0.2kPa One-day rain = 112mm 
The building is retuil use and is therefore Considered to be Normaj im 
The size is such that the snow accumulation fac’ = i 
such that C, = 1,0 wr Cy = 0.8 and there are 6 po 9 

Fections op 
Set," (S.(Cy*C,*C*C)+5S,_.1.0°(1 8kPat(0.8 * 1.9.6 1 


00) + 0.2kpy 6 
Beam A has a tributary width of 10m and therefore the loading is; ee 
Snow Load: 10m * 1.64kPa = 16.4kN/m 
Ponding: 
Determine the volume of rain that falis on the i 
i roof in one day = 0.112m * 
“ en volume of water must be retained on the roof. The volume <aiee : ze = 33.88 
x Ping Porton up to the edge line will ill frst, and (2) the remaindes crt it two Porton, 
Tectangle on top of this. The problem is made manageable by assumin, : vi ee 20m x 
beams and the joists do not deflect. coins . 


PPToach 
Determine the volume of rain that is contained i that he 
R ned in the slopi i A 
ibetweea the valley of the roof and the botiom ofthe parapet)" TOO tat pill 


Each of the four end comers (8m x 10m in plan) volume contains 


V« (Petre) 6 at —ont 20/2) 


*8m = 4m) 


The central volume contains 


*8m = 16m 
The total volume i i 
lume in the undeflected roof sloping portion up to the edge line is 
V=4* (4.0m') + 16m3=32m3 


Width * (Maxi 
ean 1om*2*(0.2m) 


‘The remaining volume is the i 
volume of one-day rain less the volume Contained in the sloping portion 
V = 538m} - 32m} = 21 gn3 


bpp sappy Petion is 21 8/(20m*24m) = 0.045m = AS (Note thet isis 

~ One-day rain is retained on the roof and ropa required by 4.1.6.4(4) for a total of 105mm 

st va hs Rot escape from the Scuppers.) Thus 45mm will be the 
Now take aprornean, amt ther 0.200m + 0.045m = 0.245m 

ome te approximate accoun deflection of the beam and the resulting extra depth of water 


for L/360 deflection of 
se ee 
an ting deflection, 
Total depth of water directly over the beam < gee i asonable and quick.) 
Depth of water at the parapet = 45mm ain 
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r F 
tre of the roof the water depth is 267mm, giving a load of 2.67kPa (about 60% higher than 

At ted), while at the edges the water depth is 4Smm witha load of 0ASkPa. By doing free body 

joists it can be shown than the live load oa the central beam is shown in Figure 2.11. 


PONDING LOAD ON BEAM © 9.6552 = 19.3 Kim 


Figure 2.11. Resulting loads on sample roof due to ponding 


Load on “Beam A” due to ponding = 193kN/m 
Load on “Beam A” due to snow = 16,.4kN/m 


i i i i F roof slopes were 
this case ponding load is about 18% higher on the beam than the snow load. If the 

vecper (bringing more ofthe one-day rain tothe centre of the roof), then the ponding effect would have 
been greater. When designing the roof deck in the valley area, the ponding load of 2.67kPa should be used 
rather than the snow load of 1.64kPa (an increase of over 60%). 


Sample Output from a Snow Drift Calculation Program 


‘Snow drifting calculation according to NBCC 

Ground Snow Properties: Ss = 1.8 Sr = 02 

Dimensions in meters of upper roof: Length = 7.0m Width = 5.0m 
Dimensions in meters of lower roof: Length = 40.0m Width = 40.0m 
Height in meters of roof step = 4.0m Upper Roof Parapet Height = 0.0m 
Snow density to be used in calculations = 3,0kN/cubic meter 

Building is Normal Importance: Importance factor for Snow = 1.00 

Cw =1.0 Cs (Upper Roof) = 1.0 Cs (Lower Roof) = 1.0 


Basic roof snow according to NBCC 

‘Compute characteristic length and basic snow of upper roof 

Lc = 2°W4W'WAL) 

Le = 2°50 - (5.0°5.0 / 7.0) = 6.4 Characteristic Length Upper Roof = 6.4m 

Compute Cb for upper roof using Cw = 1 formula Cb = I-(Gd/1.c)*2) 

Co =1 ~(30 /6.4) *2) = -20.8 Minimum valve of 0.8 shall be used for Cb of upper root 
‘Snow load on upper root = Is*(Ss*Cb"Cw"Cs"Ca + Sr) 

Snow load on upper roof = 100 ° (1.8 * 0.8" LO" LO* 10 + 0.2) = 164kPa 


‘Compute characteristic length and basic snow of lower root 
Le = 2°w-Wew/L) 

Lc=2 "40.0 ~ (40.0°40.0 / 40.0) = 40.0 Characteristic Length Lower Roof = 40.0m 
‘Compute Cb for kawer roof using Cw = 1 formula Cb = 1-((30/L¢)"2} 

Ch = 1 {G0 /40.0) *2) = 0.44Mininum value of 0.8 shall be used for Cb 
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© for Lower roof = 0.80 
‘Snow load on Lower roo! = fs*(Ss"Cb"Cw*Cs*Ca + Sr) 
‘Snow foad on Lower roof # 1.00 ° (.8 * 0.80 *1.0° 1.0 °1.0 + 0.2) « 1.6akRa 


‘Caicuation of snow drift factor F (using NBCC provisions) 

F = Q.35°Sqrt((Gamma‘Lc/Ss - 6(Gamma*hp/Ss)"2))+Cb 

FE OL3S ° Sqnt(0.71 ~ 6 * 0.00) + 0.80 = 1.946 

‘This value is less than 2.0 Use minimum value of 2.00 for F 

CaCO) Is lesser of: 

GaqO} = Garmma’h / (Ch°Ss) = 3.0 * 4.0 / (0.80°18) = 8.33 

CaO) © F / Cb = 200/080=250 

‘Governing CaO) = 2.50 

‘Snow load on lower roof adjacent to step = Is*(Ss*Cb*Cw°Cs*Ca(0) + Sr) 

‘Snow fond en lower roof adjacent to step = 100 * (18 "0.80" 10° 1.025 +0.2)=3.80kPa 


(heck Small step cut-off equation from NBCC 

a0) = Gammarh / (Cb°Ss) = 8.33 

This value exceeds Ca(0) calculated above and small step does not govern 
Drift Distance from step = Xd = 5(Ss/Garnma)*(F-Cb) 

R= S(Ss/Gammna)*(F-Cb) = 5°18 / 3.0) * (2.000 - 0.80) = 3.6 


SUMMARY OF RESULTS: 

‘Snow toad on upper roof = Is*(Ss*Cb*Cw’Cs*Ca + Sr) = 1.64kPa 

‘Snow foad on lower roof away trom step = is*(Ss"Cb°Cw°Cs"Ca + Sr) = 164kPa 
‘Snow loading on lower roof adjacent to buiiding step = 3.8kPa 

Distance on tower roof from step to uniform snow Xd = 3.6m 


Notes: This output shows several desirable features: 
1) Input data is given back in the output 
2) Output contains a title 
3) Output shows calculation date 
4) The formulas used iu the calculation form part of the output 
5) The source of the formulas used is provided (Code references) 
6) The numbers used in the formula are shown 
7) Asummary of results is provided 


CHAPTER 3 
BEAMS 


on element in any building is the beam. Understanding the principles of steel beam design 
The most C ntal skill for aby successful steel building designer. Not only is it important to design beams 
isa ore efficiently, but the structural engineer must also design them in a way that uses our time 
to use 


efficiently. Fortunately, the two aspects of designing efficiently are related. 
most J 


1 PRINCIPLES AND EFFICIENCY OF BEAM DESIGN 


all floor beams for steel buildings will be designed using wideflange beams, as this is the most 
ee of the steel material. The majority of the weight of the beam is at the extremities where it is 
cman in resisting the applied moments and giving the beam its greatest stiffness, 
most ef ange beams are often designed using steel with a nominel yield stress of 34SMPa rather than 
Religecgel we would initially expect. Using 34S5MPa reflects that most of the steel sections we use 
—— ced in or for the U.S. market using American standards based on 50ksi material. 
= ists yield stress used in beam selection tables (blue pages) in the CISC Handbook has changed twice 
jn the past 20 years. In 1996, the standard beams went from 300MPa to 350MPa, and this was followed 
in 2000 by the tables adopting SOksi (345MPa) when computing the resistance of wideflange sections. 
This change is illustrated in Table 3.1. 


Table 3.1. Yield stress comparison over various editions of the CISC Handbook 


CISC, 6th edition (1995) = 1450kNm (F, = 300MPa) 

CISC, 7th edition (1997) = 1690kNm (F, = 3S0MPa) 
y= 
= 


CISC, 9th edition (2006) = 1660kNm (F, = 345MPa) 
CISC, 10th edition (2010) M, = 1660kNm (F, = 345MPa) 


There is little difference between the Fy = 350MPa and Fy = 345MPa values, and designs using either 
would usually be acceptable. If a beam factored moment is just equal to the factored resistance using 
Fy = 350MPa, then consider going to a larger beam, as stee] purchased by the fabricator may have been 
produced for the American market with a certified yield of 345MPa. 5 

Most beams that are not part of a frame are sized as simple span beams, with the beam length being 
taken equal to the span between the centrelines of supporting elements, although the actual beam may be 
shorter. For normal rectangular framing using simple span members, the loading is computed using the 
assumption that all beams and deck segments are simply supported and have a constant tributary width 
throughout the span as shown in Figure 3.1. 


M, 
M,= 

CISC, 7th edition, 2nd printing (2000) M, = 1660kNm (F, = 345MPa) 
M, = 
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Figure 3.1. Typical tributary areas: a) beam b) girder 


Beams should be selected by first using the beam resistance tables (blue pages) of the CISC 

shown in Table 3.2) and finding the minimum weight beam that satisfies the factored moment 

While it is passible to compute beam capacities from requirements of the Standard and fret is 

this is seldom done in practice. princi 
Where possible, select the beam at the top of each group, as these beams will Benerally have the 

weight for the desired capacity. For example, a laterally braced beam is desired with a moment 

ity of 145kNm. Selecting a W360x33 with a moment capacity, M,, of 168kNm is more efficient en 

W250x39 with an M, of 159kNm as it saves 6kg/m. Selecting the beam from the top of the grow Foe! 

case W360x33) will usually produce a more efficient design. P Cin this 


Table 3.2. Portion of beam resistance table 
Vr 


In some cases it will be necessary to adjust the beam capacity to match the restraint conditions, For 
most floor beams, the deck diaphragm is attached to the compression flange and we use M,, the factored 
moment resistance for a fully supported beam. If the compression flange is not fully supported, then we 
Deed to use the reduced M,' based on the unbraced length. The compression flange will not be fully py 
ported in the following cases: 

* Floor beams that support joists use L, = joist spacing. Similar situations may exist where 
layer of sloping beams is added over the main roof beams to provide support to a slopi 
ont while separating the roof deck diaphragm from the compression flange of the meia 

¢ Cantilever beams where decking is attached to the top flange. (This will be covered in more 
later in the chapter.) 

* Beam depth may be governed by architectural constraints and to minimize structural depth. This 
requirement may result in beams of heavier weight and lower depth being used. For example, if 
there is a maximum of 250mm available for beam depth, then W250 beams would be used eved 
if W310 beams with less weight were structurally acceptable. 
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it is preferable and more cost effective to have several similar sized beams on a job rather than 

choosing each beam to be minimum weight. If the design has only a few W310x24, but several 
W310x28 beams, then convert the W310x24 beams to W310x28. 

¢ Flanges of beams that are to be located in walls should in general be a minimum of 25mm less 
than the stud size to be used for the wall. 


Beams are to satisfy the deflection criteria given in Annex D of the Standard. Deflections are serviceabil- 
ity limit states and are therefore computed using unfactored loads and generally examine only individual 
load cases, not load combinations. For non-industrial buildings, floor and roof beams have a maximum 
deflection under live load = Span / 360. (Supposedly it is possible to go to 1/300 for construction and 
finishes not susceptible to cracking, but it is suggested that this may be too flexible except in the case of 


some roof beams.) F 
Some engineers designing for snow conditions in areas of metro Vancouver, where it is recognized 


that the majority of the snow is wet and resistant to drifting, will concentrate on designing beams subject 
to snow drifting on the basis of strength, When doing serviceability checks, they will make sure that the 
deflection requirements for uniform snow have been addressed. Often, however, they are less concerned 
if the deflection of the beam under mandated drifting does not fully satisfy the deflection recommenda- 


tions of Annex D. ‘ ; . .. 
Where large areas of floor are involved, or wbere the floor use is particularly sensitive to vibration, 


vibration analysis sbould be performed. 


Generally for vibration and serviceability the beam will follow minimum span-to-depth ratios and 
these can be used as a check on the design: 


Roof Beams: Span / 25 
Floor Beams: Span / 20 


This is a rule of thumb; it is not a hard and fast rule. There are some conditions, such as very lightly or 
heavily loaded beams, where this rule of thumb does not provide accurate guidance. In these cases, 
results of accurate analysis should not be rejected based only on span-to-depth ratios. Girders supportin 
beams should be of a depth equal to or greater the depth of the supported beam. For example, it is vod 
able to have W250 girder supporting W360 beams. 


EXAMPLE —DESIGN A BEAM IN A HIGH SCHOOL 
USING HANDBOOK DESIGN AIDS 
Using data in Table 3.3 and Figure 3.2, design Beam A for strength and deflection. 


Table 3.3, High school classroom loading 


High school classroom loading - 65mm concrete on 38 deck 


‘Total toad for Girder Design 


$4) grrucrurat STest FOR CANADIAN BUILDINGS 


‘with 100M wt 300 EW ot mid Conch 
of ele 


Denia fr stremglh nnd Selection (1/960 mss) boom A. (Benen = WITT x 777) 


Figure 32, Design for strength and deflection (L/360 max) beam A 


This should be a quick and easy calculation: 


Compute the tributary width for the beam. 
‘Trib. Width = (10m + 15m)/2 


Trib. Width = 125m 


Using the factored area load for girders from the load-sheet, compute the factored moment. 


2 * 2 
M,- = ~The se erh Sm)” _ 667kNm 


Go to the beam selection tables (blue pages) in the CISC Handbook (as shown in Table 3.4) and find the 
most efficient beam that satisfies the required factored moment of 667kNm. 


Tabie 3.4. Choosing a beam that satisfies the minimum moment requirement 


BEAM SELECTION TABLE CSA G40.21 350W 
WWF and W Shapes ASTM A992, AS72 Grade 50 
v [ b 
hewa 
Desinstion kN 10°mm* =—s mm 

360x122 967 365 257 

‘W610x82 1170 560 178 

W460x97 1090 445 193 

W310x128 854 308 308 4 
W410x100 850 398 260 

WS30x85, 1130 485 166 

W530x82 2030 477 209 

W360x110 841 331 256 

Weildxes 94a 603 226 

W460x89 996 410 192 

‘W310x118, 766 275 307 

W360x101 768 301 aS 
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i i jteria is a W310x129, which has a moment 
beam in the table that satisfies the moment criteria is a 5 z 
a 671kNmi, Rather than choose that beam we go to the top of the grouping where a W610x8 


The lowe: 
t resistance of 683kNm, but is substantially lighter. Select W610x82 as our trial beam si7e- 


resistance 
has a momen 
the deflection criterion (usually 
beam. If the deflection criterion 
lection tables (blue pages) 


j beam size, compute the deflections under live load. If 
1/360) is satisfied then select that beam and go on to designing the next : 
jg not satisfied then chose a beam at the top of the next grouping in the beam se 
of the CISC Handbook and try it for deflection. 


Using the trial 


sew te 
Am 3944E*T 
5*(2.4kPa*12.5m)7.5°* 1000 
5* Q.4kPa*125m)7-5°* 1000 
A= “394 * 200x10° * 560x10° 


A=l10mm = L/680 
Deflection and moment criteria are satisfied. Use W610x82. 


i isi i i ined conditions of 

i blem was given to 44 mostly practising engineers to do under the time constrain 
wee apaell design we are also subject to time constraints. Of the 44 engineers, 38 achieved the 
answer of W610x82. The remaining six had answers ranging from W610x91 (beam weight 11% higher 
than it needs to be) to W610x147 (beam weight 80% higher than it needs to be. 


We can plot the most efficient beam size in the Figure 33. 


Lowest weight beam that meets both strength and defection 


i criteria T 
rd 
ry 
Gg inn Miri 
2 a Seem wig Weigh Minium 
= daeating «Weight. 
2m aden Ui nkeeting| 
fined) Seana) |e 
z = or Deflection Creerte. 
— Crere 
a a m0 Bt iv 16? 
© 319 129 12 BY) 
0 m2 im am 
= a10 1a ry a4 
° aso 106 er 108 
mo ms hm 8m OD 0) ¥en ps a pa ‘€ 
Beam Depth (mm) i ke = = 
760 Ty im 33a 


Figure 3.3. Beam economy for one particular beam 


Vie o engineers who did not get W610x82 as their selected beam achieved beams that met the strength 
= aes criteria. In an academic sense they had designed the beam correctly, but in a design office 
ord their answers were “disappointing” since they had used more material than was necessary, which 


is neither acceptable from a “ = 3 i a “ ; 
in heehee meceeear aie , a business competitive position. The typical oversights that result 
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+ Picking a beam at random or possibly solely from span-to-depth mtiag 
serviceability criteria. Designing this way takes longer, because and 
checked if a heavy section is not selected early in the process. The 
the deflection check should be the most efficient beam that meets the 

+ Doing the deflection check using combined dead and live load. While tinea 

and wood design as this best represents creep deflection, it is not ie 

design. For floor beams we compare the deflection computed using on! 

comparing that to the deflection criteria. y 


Ctice in 


i 


EXAMPLE—DESIGN A BEAM iN A HOTEL USING HANDBOOK DES! 

Using data in Table 3.5, design a steel beam located in a hotel lobby floor, The hares 
tributary width is 2.5m. The deck is 76mm deep with 65mm concrete to; pping. Th 3 
restrictions as to beam depth. The maximum permitted deflection is L/360, _ a 


N Alpg 
Panis 85 
archi 


are no 


Table 3.5. Assembly live joad 


LOAD SOURCE | DEAD | 
ae 


65 topping on 76 deck 
Total load for Deck Design 
W410 beam at 2500 o/c 
Total load for Beam Design 
W610 beam at 8500 o/c 
Total load for Girder Design 


= Factored area loading * Tributary width 
= 11 3kN/m? * 2.5m = 28.25kKN/m 


Factored Beam Load 


2 
Factored Beam Moment = M,= ME , 2S mt Sm = 255kNm 


Using the beam selection tables (blue pages) from the CISC Handbook (as shown in Table 3,6), we ci 
select the most efficient beam that will resist the moment. 


Table 3.6. Beam selection tables from the CISC Handbook 


Designation . 
[rot [mm [mm [sty | 
wos [sae [im seo fae 
a 


il 
fi 


W3I0x52 [a5 | 


W200x71 76.6 
a 


W360x45 
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‘The lowest beam in the table that has a factored moment resistance of 255kNm is a W310x52 with a 
moment resistance of 261kNm. Rather than trying the W310x52 we will try the beam at the top of the 
group (W410x46) that is highlighted in bold, as this will give the most efficient beam size from a weight 


int. ‘ 
eae W410 x 46, M, = Z7SkNm when the top flange is fally supported or supported at a spacing of 
Jess than Ly. We will look at unsupported beams later in the chapter. 


We will now check that the beam meets serviceability criteria by checking that its deflection under 
live load is less than the span of the beam divided by 360. 


sewels 5*(4.8kPa*2.5m)*8.5**1000 326.1nee 325 


Aw 3g E*l 384 *200* 156 
i der live load of L/325 is too exible and we will have to increase the size of the beam such 
oes aera d deflections are lower. Deflections are a linear function of the inertia and we 


Coutd use W410x54 (1, = 186) or W460x52 d, =212) 
As there is no architectural depth limitation, select the lower weight beam and use W460x52. 


Now the beam is checked for shear: 

V; = Factored Area load * Tributary Width * (Span Length / 2) 

Vy_11.3kPa * 2.5m * (8.5m / 2) = 120KN (V, = 680kKN) OK 

Note: V, need seldom be checked for most uniformly loaded wide-flange sections. 
Final Check: Span / Depth = 8500mm / 460mm = 18.5 (OK — should be about 20). 


RESULT: Use W460x52. 


DESIGN A GIRDER USING HANDBOOK DESIGN AIDS 

Using data in Table 3.7, design a girder that supports OWSIs for a school classroom that has 76mm deej 
steel deck with 65mm of concrete topping. The girder spans 10m and supports joists at 2.5m o/c. The top 
flange of the beam is restrained only at joist locations. The joist span is 9m on one side and 8m on the 
other side of the girder. Architectural restrictions give a maximum beam depth as 550mm. The maximum 


permitted deflection is L/360. 


EXAMPLE— 


Table 3.7. Classroom live load 


LOAD SOURCE 


Classroom Live load (Code Table 4.1.5.3) 
Partition load / finishes / suspended mech, & elect. 
65 topping on 76 deck 


en ea 
4 
[Totalioadforsostoesen | 8 Tne 
[wss0 gideratasoooe | 2 | 
[TotalloadtorGirder Design| Te 
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‘Tributary Width = (Span Left + Span Right) /2= (8.0m + 9.0m )/2= 8.5m seams 59 


Factored Beam Load = Factored area loading * Tributary width 
plastic moments without local buckling. Conversely, the design rules associated with Class 4 sections can 


= 7.9kN/n? * 8.5m = 67.1kN/m 

lomen' 2 be lengthy to apply. j 

Jota oo a ee kN m2 Om = 839kNm a Nag wide-flange beam, the rules are set ouf in the Commentary to the Standard as shown in 
igure 34. 


Try a W530x109, with M, at L, = 2.5m = 879kNm 
(Note; W610x101, with M,= 900kNm at L, = 2.5m, is more efficient but violates archined 
Criteria.) 

Compute deflection under servioe live load. 


WAL! _5*(24KPa*8.Sm)*10.0' *1000 
S*W,tL! _ S*(2AKPa*8.Sm)*10.0'*1000 jo 4 7 50, 


Au 3ueE*T 384 * 200 * 667 
Check Sheat: V;= Factored Area load * Tributary Width * (Span Length / 2) 


Vj, = 7.9kPa* 8.5m * (10,0m / 2) = 336KN (V, = 1300KN) 


Final Check: Span / Depth = 10,000mm / 530mm = 18.9 (OK — should be about 20). 


Figure 3.4. Design rules, Jor a wide-flange beam 


beams and tees, the width, b,, is taken as 0 


RESULT: Use W530x109. 
t the distance the flan 


Note that Clause 1]3.1(c) of S16 states that for flanges of 1 
half of the full nominal dimension. This means we take the flange width / 2, no! 


Note: It could be argued that the loading should have been treated as point loads from the joists 
projects beyond the web. 


than a uniform load; however, using a uniform load is computationally easier, especially when co; 
deflections. The accuracy of this simplification improves as the number of beams or joists picked 
the girder increases — three or more point loads on a girder will produce essentially identical rennig 
either a point loaded or uniform loaded model. 
The next few sections discuss the design of beams in more detail and from first principles. Beams 
falls into two categories from a design standpoint: those with their compression flanges supported lateraliij 
and those with unsupported compression flanges. In both cases, we start by determining the “Class” of 


EXAMPLE—DETERMINE THE BENDING CLASS 


Determine the class in bending of a W410x3? made of steel with F, = 345MPa, as shown in Figure: 


Solution 1: 
Flange width, by. 140; Flange thickness, t= 8.8 


the wide-flange beam that we will be using for typical beams, as the class of beam has an impact on the =| = 
resistance of both supported and unsupported beams. Dene Br 2a) 

by /t= 70/88 = 7.95 

For Class 1: by /t= 145 WF, = 145 /V345 =7.81 (Does not 
3.2. SECTION CLASSES FOR WIDE-FLANGE MEMBERS a) ~ 

For Class 2, by /t=170/./F, = 170 W345 =9.15 (OK) 


The definitions of section classes are given in $16 Clause 11.1.1 and shown in Table 3.8. 
Table 3.8. Objectives for the various beam classes GReCEI ED ee meinen 

OBJECTIVE Web thickness = w = 6.4mm Clear distance = d-2t =h = 381mm 
Permit attainment of the plastic moment and subsequent redistribution of the bending moment. 
(Sometimes referred to as “plastic design sections.”) 


Permit attainment of the plastic moment but need not allow for subsequent moment redistribution’) ’ 
{Sometimes referred to as “compact sections.”) 


b/w =381 /6.4=595 
For Class 1:h/ w= 1100 WF, = 1100 /¥345 =59.2 


(close, but web does not satisfy Class 1) 


For Class 2: h/ w = 1700 AF, = 1700 / ¥345 =915 (OK) Figure 3.5. Flange 
width and thickness 


In this case, the section class is governed by both the web and 
flange condition; the section is 

when Class 2. If the classes of the flanges and web are different, the over- 
earn vel0o all section is classified by the more slender classification. 

gable 


Generally have elastic focal buckling of elements in compression as the limit state of structural 
resistance. (Sometimes referred to as “slender sections.") 


Many clauses in $16 rely on the class of member involved and will give the designer 
designing with members that exhibit good behaviour. Good behaviour is defined as bein; 
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Solution 2: P , 
7 SC Handbook, W410x39 for this grade of steel is 
Consult Table 5 1 of the CI. lets 2 for beng 


3.3 BENDING CAPACITY OF LATERALLY SUPPORTED BEaMs 


The bending capacity of laterally supported beams is covered in Clause 13.5 of S16. The Fe. 

can be expressed by the flowchart in Figure 3.6. gn 
S, is the effective section modulus for the beam, neglecting the portions of the 

are too far away from the web to be effective. If you need to follow this path, you wil need es ey 

in much more detail. @ is the resistance factor, which for this purpose is 0.9. We will cover My Tead Sig 

more depth. fact 


Figure 3.6. Flowchart to determine bending capacity of lateraity supported beams 


The flowchart shows the advantage of Class 1 or 2 over Class 3 or 4. Because Class 4 can lead to 
calculations and reference to other standards, it is generally advantageous for the designer to sta 

from Class 4 beams. These rules are accounted for in the beam resistance tables (blue pages) wa - 
Handbook, with M, for various classes of beams being computed using the appropriate elastic of 
section modulus. Two examples from the tables are shown here. 


EXAMPLE-FLEXURAL DESIGN OF A CLASS 2 LATERALLY S 

i UPPORTED BEAM 
‘We have determined that a W410x39 section with Fy = 345MPa steel is a Class 2 section, Determine th 
moment capacity for this beam if the compression flange is laterally restrained. 


Solution 1: 
Determine from first Principles. 
As a Class 2 section, M, = @ Fy Z, which is equal to M, =  M,, 
We get Z= 730x10°mm? from the W-shapes table in Part 6 of the CISC Handbook. 
Z=730x10mm * 10%mm3/m> 
Z=730x10-4m3 
M, = 0.9 * 345 000kN/m? * 730x10-4m3 
M, =227kNm 
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Solution 2 
Consult the moment capacity 
book and find M, = 227kNm. 


tables set out in the beam resistance tables (blue pages) of the CISC Hand- 


LATERALLY SUPPORTED BEAM 


Ss 3 é 
EXAMPLE FLEXURAL See Bh Class 3 if using 345MPa steel, Determine 


W250x18 is 
5-1 of the C/SC Handbook shows us that a K 
cant capacity for this beam if it is laterally restrained. 


Solution 1: a 
ine from first principles. _ 
babe Class 3 section, M, > F, S, which is equal to M, = @ My, 


We get S'= |79x10°mm* from the W-shapes table in Part 6 of the CISC Handbook. 


$= 179x10°mm' * 10%mm*/m* 

= 179x10-m? 

M,=0.9* 345,000kN/m? * 179x10-m? 
M,=55.6kNm 


Solution 2: 
Obtain the capacity from the moment capacity tables (blue pages) of the CISC Handbook and find M, = 
55.6kNm. (Note that in these tables Class 3 sections are identified by dagger symbol [t}.) 


3.4 BENDING CAPACITY OF LATERALLY UNSUPPORTED BEAMS 


Beams that have their compression flange unsupported are prone to lateral-torsional buckling, and the 
bending capacity of laterally unsupported beams reduces rapidly as the unsupported length of the beam 
increases. Ly is defined in $16 as the “longest unbraced length with which a beam will reach either M, = 
M, or M, = @ M,, depending on the class of the cross-section.” This implies that as long as the unbraced 
length L<L,, there is no reduction in the factored moment resistance M.. This is shown in Figure 3.7, 
which shows the moment resistance of an unsupported W410x39. The capacity drops rapidly when the 
unsupported length exceeds the L, value for the beam. 


W410 x39 Unsupported Moment 
Resistance Mr . 

Wz = 1,00 (same ap beam tables) Figure 3.7. Moment 

resistance of an unsupported 


W410x39 


ert Resitance (KNm) 


Mom 


The unsupported length of the beam must be identified H 
flv cae eee iden correctly to get the correct bending moment. The 


* Ina beam with reversing curvature, the poi 
b J » the points where the moment changes fro: iti 
negative (points of contraflexure) are not support points unless the flange obyical racinaed 
at that point cither by a brace or attachment to a diaphragm. 


62 sTRUCTURAL STEEL FOR CANADIAN BUILDINGS 


« Incantilever beams, the unsupported length can be several times the length of the 
will cover this important topic [ater in the chaptef). Cantilo 
+ Insimple span beams where there is no support to the compression flange (¢.g., roog, 
wind uplift), the ansupported length of the beam will often be the entire | engi et 
The bending capacity of laterally unsupported beams (M,’ in the beam selection tables of the cj 
hook) is covered in Clause 13.6. The design process can be expressed for doubly-s CISC Hag 
the flowchart shown in Figure 3.8. Ymettic bears < 


CAUTION — WATCH OUT FOR 
CANTILEVER BEAMS — la may be 
higher than you think! 


Determine section class & shape 


fe some canes cat wwe Clause 13.60. Ia 
other cases wil need to mse 8 “rstona) 


Figure 3.8. Flowchart to determine bending capacity of laterally unsupported beams 


The value of «2, depends on the moment gradient and is defined as follows: 
4M, 


@, = aie rae 
M2 +4 + 7M; + 4M 
where: = i i 
Mog = maximum factored bending moment magnitude in the unbraced segment 


we Peoeate bending moment at one-quarter point of the unbraced segment 
a = Boge bending moment at midpoint of the of the unbraced segment 
= bending moment at three-quarter point in the unbraced segment 
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y loaded, simply supported beam, the valae of mz can be shown to be 1.13, as shown in 


For a uniform! 
the following example. 
LE-DETERMINATION OF 
apes this on a simply ed beam with oniform joad and unbraced betweea the beam ends, 


Let's ex: 
as shown in Figure 39. 
— 


Max = Mex 2 = 0.12507 —— 
ui Mz = 0.093 Swf (from fee boy fend ee Figme 2 —_) 
WE 


at right) 


4M, 7 
On” Tag 4M + 7M, + 4Me we2@- 
L= 0937s 
440.125 {7 
_ Bist 4 00937514 190.125" + 4*0.0937: Vout) } Figure 3.9 ‘ 


05 Oe 


05 
© 2" Tprpyasee 009375" | VO125+0.0N5 OAsz 


Note that the value of @, depends only on the distribution of the moment (shape of the bend 
diagram), not on its magnitude. 

The beam selection tables (blue pages) in the CISC Handbook contein vaines of N 
unsupported lengths; however, these tables use ©2 to 1.0 and therefore a modifica 
when using the tables. For the most part this modification will be multiplying the M,’ valt 
by «2, while being careful not fo exceed the moment capacity of the beam in the fully'si 
The equation for w, assumes that the load is applied at the shear centre (conservative 
below the shear centre). If the load is applied above the shear centre, then a “rational ap 
performed, though in the case of loads applied at the top (compression flange) level, S16 
an effective length of 1.2L for pin-ended beams and 1.4L for other cases on in-plane fi 
(with w= 1.0). 

‘The use of a @, value of 1.13 produces 4 slight increase in capacity, provided that the. unsy 
length of the beam is sufficiently high that we are away from the region where the plastic or yield 
govems. This is shown in Figure 3.10, which shows the results for a W410x46 with two 0, values. 


Un-braced Length ia matert 


Figure 3.10. Moment capacities for an unbraced W410x46 with two a, values 
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GN OF LATERALLY UNSUPPORTED BEAM 

rmly loaded W410x46 using 345MPa steel and with 

‘of 8m, The load is applied at the shear centre or on the he COMprese: 
NSion g 


wera 


EXAMPLE—DES! 
Determine M,’ of a unifol 
unsupported over a length 
centre of the beam. Use (2 of 1.13. 


Solution 1: 
Go to the beam selection tables (blue pages) of the CISC Handbook and A 
then multiply this by 1,13 to get 58.5kNm. Confirm that this does not coeod Mt = SL8kNmy 
+= Mp = 275k, + We 
Mm, 


Solution 2: 


Apply the S16 provisions: 
Table 5-1 gives the class of section in bending. W410x46 in 345MPa steel is aC 
‘ Sa Class 1 beam 


As 8m is a long unsupported length, we will assume (and check later) that M,<0.6 
11<0.67M,. 


M,= oot EI,G) + (#2) xe. 


As the beam is uniformly loaded, wis 1.13. 
Substitute values for the W410x46 beam using values from the W-shapes tabl 
le: 


I, = 5.14x10°mm4 


J =192x10?mm* 


Cy = 197x109mm® 
E = 200kN/mm?2, G = 77kN/mm? 


;. 1.13 for uniformly loaded beams 


Place these values in the equation. 


113*2% 200 
M, =09* = }200* ‘ #*200)" 
{ 5.14210 “mreisaai0 +( ] *5.14.x10° *197x10° 


8000 


M, = 3.99x10-* V1.52x10" +0.625x10" = 3.99x104* 1 46x10* 


M, = 58.3x103kNmm = 58.3kNm. 
Check if this is less than 0.67*M, 
0.67M, = 0.67*(345 ,000kN/m?)*(885x103mm3)(x10-) = 205kNm 


OK - correct formula used ; 
ia ed. Note that the calculation agrees with the value of 51.8kNm found in the 


Note the long-form methoc 
’ thod of calculati i only done 
; eer ating the unbraced moment capacity is only dor in the following 
* We are working with a i i 
a section that is not listed in the tables. Such a section may occur ifac 
section is desired for architectural reasons = 8 _ 
* We are using a section such as a chani wi 
. S hann a Omm or rectangular HSS 
bea rs acces el with greater depth than 25 gull 
* Weare writing a computer pro; rn oO! ve of problem 
ao a . ter program or spreadsheet to solve this type of pr | 
+ We are trying to illustrate how the S16 provisions work for a case where the answer is known. 


igure 3.11 shows the unbrace e! W410x46 various un supported length 
Fi 3 raced moment capaci 

2 ioe pacity of a 10x46 beam at vari 4 
The moment resistance curve is in three parts — at short unsupported lengths the material capacity govel 
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BEAMS 


¢ elastic buckling capacity governs (solid curved line); 
d by inelastic Jateral- 


upported iengths th 
urve (dashed line) characterize 


at OF,); at large uns 
: ansition Cl 


(solid line 
rmediate values there is a tri 


and at inte 
torsional buckling. ‘ _ > 
‘Unbraced moment Capacity 
W410x46 


300 


0 


Unbraced moment Capacity (kNm) 
| y 


——Phi 
s0 c SS 
° ~ 
o 2 4 6 8 10 
Unbraced Langth in meters 
Unbraced moment capacity of a W4 10x46 beam at various unsupported lengths 


Figure 3.11. 
subjected predominantly to end 


permitted (although the previous 
ent diagrams with the shape 


For beams that have their compression flange unsupported and that are 
Jer formulation for «2 is 


moments at the points of lateral restraint, & simp! 
| have essentially linear mom 


equation is also acceptable). These members wil 
d moments and, if the end moments are opposile, then the 


of the diagram defined exclusively by the en 
section will have a point of inflection in the beam. 

The equation for 2 for a beam with predominantly end moments is: 
a, = 1.75 + 1.05K« + 0.3K° s 2.5 


M. roa 4 
waite (Positive for double curvature — Negative for single curvature. 


Where * = 


larger 


Double curvature has an inflection point within the span.) 


M. 
If Memait = 0-5*Miarge then X= M wie. 0,5 (Positive, as point of inflection in span.) 


areer 
@, =1.75+1 .05(0.5) +0.3(0.5)' = 2.3 (OK <25) 
The relationship between Kk and tw is shown in Figure 3.12. As the largest magnitude of Mgmai C4 only 


be equal to Miarge (02 therefore has the range of values of -1.0 (constant moment along member) to +1.0 
(equal and opposite moments with a point of inflection in the centre of the unbraced length). 


w, for values of Msmau / Mi 
small large 
for single curvature, positive for 
double curvature) 


x = Msmall / Mlarge (Negative 
3.00- <= 
| [ 
| 260-4 
| —_ 


wre 


+00—+— 


= 
>—0:00-—-+ Cc = hee] 


Figure 3.12. Relationship between x and w 
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If we compare the moment capacity for an unbraced beam with sin 
capacity with double curvature (k = 0.5), we can see that the unb 

dramatically by having an inflection point in the span, as show; oe 
curvature diminishes as the unbraced length decreases, . 


gle Curvature (k 4 


S)t 
Paci a 


“em 


. Ment 
in Figure 3.13, ny 


Unbraced Length in meters 10 


Figure 3.13. Unbraced moment Capacity for W410x46 


3.5 LATERALLY UNSUPPORTED PLATES UNDER UNIFORM LOA 
D 


One case that is worth examining i 
g is the case of the bendi i 
BEAR NO cas Ng capacity of i 
ge 2 os when examining architectural” steel i mane iL’ ee 
ican SRY to think of a tee section as a single vertical pray 
8 ound acceptable for a fin plate of thickness 
s i equal ti 

owe sesh sections that pass through a single point (including “2 fe 

. Having C, =0 considerably simplifies the equations. 


-022 | xe)" 
M,=¢6 7 Buyer + (22) hyCw = (in the case of C,, = 0) 


On 
M,=¢ ae ElyGi 
3 
J for =e i i 
a plate 3 where t is the smaller dimension, 


: laterally unsy 

ported fin plates ma 

and to design the i eg 

web acting without the fi 

gles and tees), the Single plate hasaC. 
‘. 


bt’ 

l,=— 

oO 
Applying these we get: 


MOM, 02 Gy 202 [ph Ge 
2 = 


M,=0 22 pam ag Ott ber EG 
L 36 L 36 


The value must be checked t i 
z lo venft a : ‘ 
valid fr snomosats Iona Yhaaiisie nfy that we are not greater than 0.67M,, as the equation above is only 


EXAMPLE— 

Deteniez aa beta enay UNSUPPORTED PLATE (LOADED IN-PLANE) 

The plate is uniformly loaded in +S ery : 104mm plate that is laterally unsupported over 3500mm. 
yerucé e | . . i 

reaches this moment resistance. The plate is S29 pe ape egg stress in the plate when it 


ty gj 


neams 67 


’ 
ae o,n*b*t EG 
Pe L 36 


ot "104mm *(12.7 mm) OOKN J mm? © T7KN | mm? 
= 300mm 36 
M, = OM, = @ (4469kNmm) =  (4.469kNm) = 4.02kNm 


Determine if this is >0.67My 


x ? mmm * 12.7) 
My =F) ¢S=F,¢ 2! =0.00 kN mma * ORES = 6868kNmm 


0.67 M, = 0.67 * 6.868kNm = 4.602kNm OK 
The stress at maximum moment = 


M____402kNm ___175500kN / m'=175MPa 
5 ~ Oi04m*(0012Tm) 
6 


3.6 BENDING CAPACITY OF LATERALLY UNSUPPORTED 
BEAMS WITH SINGLY-SYMMETRIC CROSS-SECTIONS 


While steel beams with doubly-symmetric cross-sections are by far the most common in typical steel- 


frame construction, beams with singly-symmetric (monosymmetric) cross-sections arise regularly. $16 
treats the two cases similarly, but the lack of cross-section symmetry creates some complexity. The first 
thing to realize is that the treatment depends on which axis is the axis of symmetry with respect to the 
bending axis, Singly-symmetric beams that bend about the axis of symmetry (¢.g., 4 channel bent about 
the strong axis or a wideflange shape with unequal flange widths bent about the weak axis), are dealt with 
in the same way as doubly-symmetric shapes. Singly-symmetric beams that bend in the plane of the axis 
of symmetry must account for the difference in lateral-torsional buckling behaviour due to the asymmetry, 
The elastic LTB equation contains mostly the same parameters as the one for doubly-symmetric shapes, 
but introduces a cross-sectional property, B,, which is sometimes referred to as the “coefficient of mono- 


symmetry.” The elastic buckling equation is: 


2, 
MTEL, - 5 (SE | 
yb 


:. wer I 


The + sign before the radical indicates that due to the asymmetry, there are two critical moments, one 
positive C\_*) and one negative (~~). Thus the value of the critical moment depends on the direction 
in which the moment acts. Note that the value under the radical is always greater than 1.0, so the value in 
the square brackets will give a larger positive value than negative, 

The value of B, depends only on the cross-sectional proportions of the beam and the sign depends on 
the direction of the applied moment. In general, take the sign to be positive if the (laterally) stiffer flange 
is in compression and negative if it is in tension. For example, for a T-section (written for positive bending 


in the plane of symmetry and shown in Figure 3.14). 


Figure 3.14. T-section 
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seer braless ba) 


y= +4 = coordinate of shear centre (negative) 


$16 includes an approximate equation that may be used to determ; 
as follows: 


1) all _cep 
peo of? if | 


which for a T-section collapses to (sign depending on whether the flange o 
r 


ine B, in liey ofa 


Stem ig in com 
pe sast-{i-d “a 


but the approximate equation is less accurate for T-sections than f beams wj 
__ By accounting for the sign of B, as described above, the Temes cay cma flanges, 

nitude, larget if the stiffer flange is in compression and smaller if it is ni "TY Obtained ig simply 

more intuitive to consider B, simply as a cross-sectional property (without Some deg el! : 

Moment capacity magnitudes with opposite signs, where the positive (larger) sie » Which will 

when the stiffer flange is in compression as is usually the case. If it is not the ae 

value is used. It is helpful to note that for doubly-symmetric sections £,=0 oer os 

above collapses to the more familiar one presented in Section 3.4. 
For beams with singly-symmetric cross-sections, ®3 Serves an anali 

symmetric sections. For beams bent in single curvature, ®3 = @» for sections with tw 

as 1.0 for T-sections. For all other cases, 0; = w,(05 + 2(1,/ly)), but not greater fa 

where I, is the moment of inertia of the compression flange about the y-axis, bee 
In design, the boundary between clastic and inelastic LTB is delineated for beams with gi 

metric cross-sections by the quantity My, = 0.7S,Fy (the length at which this capacity occurs j 

by L,,), with S, taken as the smaller of the two potential values. Therefore, for M, <M: 7 


clastic ya 


ogous Function t «3,44 


M, = $M, 


For M, > My;: 


mdfu-o4-my-(2 oom, 


4 


with M, replaced by M, for Class 3 sections and Class 1 and 2 T-sections where at any point wi 
unbraced Segment the stem tip is in compression. The equation is a simple linear transition to accom 
partial yielding Of the cross-section prior to buckling, including the effect of residual stresses, The quasi 
L,, which is conveniently tabulated for standard shapes in the C/SC Handbook, must be estimated 
$16 provides an approximate equation to do so. 


3.7 BRACING OF INDIVIDUAL MEMBERS 


a) 
Figure 3.15. a) A deck diaphragm that is assumed to provide continuous 
support to the top flange; each flute of the deck has been connected to the beam. 
5) A deck diaphragm that is fastened to the joists, which are separated from the top 
flange of the beam by the joist seat. The diaphragm is therefore only stabilizing 
the top flange of the beam at the joist seat locations (see circled sections) 


The stability of individual members can be assessed and the bracing forces necessary to provide lateral 
restraint calculated in two ways, one easy and straightforward and the other more logical but more com- 


plex. 
To determine what forces are needed to stabilize members so that they do not buckle, two methods 


of calculating bracing forces are now given in Clause 9 of S16. The first is given in Clause 9.2.5 as the 
simplified method. This requires that the brace be capable of resisting 2% of the compression force being 
braced. 

The second method of computing bracing forces is the direct method, and is given in Clause 9.2.6.2 
as follows: 


Ao = Initial misalignment, taken as the tolerance for sweep or camber from Clause 28.6; a table show- 
ing the sweep and camber information can be found in Part 6 of the CISC Handbook. The variation in 
straightness for W-shapes with flanges greater than 150mm is L / 1000. 

A, = Displacement of the bracing system assumed to be equal to Ap for first-order analysis. 

£ =a number dependent on the number of braces, as shown in Table 3.9. 


Table 3.9. Number of brace points 


NUMBER OF BRACE POINTS 


Greater than 4 


C;= Compression force being braced. In a beam, it would typically be the force in the compression Range. 
Ina column, it would be the axial force in the column. 
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L= Length between bracing points. 


This seems overly complex for determining normal brace forces and may 
i Y in gq, 


Me Cages 
EXAMPLE—DETERMINE DISCRETE BRACE FORCE be 


For a 10m long W530x66 beam made from 350W Steel, if it is 
top flange) find the corresponding force in the braces, 


braced at thi 
*d points ¢ 
two bree 
by 


Solution: 
Design the brace to resist the maximum compression force 
Flange force = 165 * 11.4 * 350 * 0.9 * 103 = 593kN 


in the flange. 


Initial sweep of beam = 0.001 * L= 0.001 * 10,000mm = 10mm 


Braced at third points: P, = (5=3.0)*(0.010m+0.010m)"(Cf = 593 
(L=10m/3=3.33m) 


=10.7ky 


10.7KN / 593kKN = 1.8% of com 
by the S16 simplified method. 

Most designers will elect to use the S16 simplified Procedure 
essary to brace 2% of the compression force, For our 10m long 
0.02*593KkN = 11.9kN. 

Clause 9.2.7 requires that beams stabilized by a slab or deck be si 
the flange force distributed over the length of the beam. As the flange 
the stabilization of short beams may be more difficult. 


pression flange force, This is slightly less than the 2% fo, 
ree 


(Clause 9.2.5 wh 
W530x66, the braci 


ere it ig 
ng force =a 


tabilized by a force to $q 
force is independent Of beam ‘ 


EXAMPLE — DETERMINE DISTRIBUTED BRACE FORCE 
A0.9I1mm steel roof deck is used to stabilize the top flange of a W410x67 steel beam made 


steel. Determine the force required to stabilize the bea i Wes 
arta m and the approximate number of puddle 
Solution: 


The W410x67 beam has a flange force of: 
(b=0.179m) x (w = 0.0144m) x (F, = 350,000kN/m2) x (> = 0.9) = 812kN 
When using deck the stabilizing force = 0.05 * 812kN = 40.6kN 


With a factored resistance of 6, 
6.8KN = 5.9, say six puddle we! 
by any beam 1.4m or longer. 


8 KN for each puddle weld in 0.91mm deck, this requires 40,6kN/ 
Ids. If puddle welds are at 200mm on centre, this would be achieved 


dvantage of the low probability that the random out- 
ame direction. The suggested approach is to follow $16 
htness value for the group of members that can then be 
uidance provided for the accumulation of forces in the 
brace forces is used For joists, an examination of Clause 


, an Initial out-of-straig! 
Put into the direct method. There is not much gi 


brace when the simplified method of calculating 
16.7 (Bridging) is required, 


There will be som 
be a “floor” of steel be, 
floor beams often with cli 


re. To be considered 
@ competent load path from the flange th 


seams $71 


supported ends of the beam. To reduce the unbraced length of the beams and 


to ass er ‘orces acting on the floor from eneral use, a bracing system 
i fi B " ing Sy’ ‘ 
in resi ing seismic forces and lateral fe 8 4 2 - 
: ute pe aT is is shown in the building plans shown in ‘Tgure 3.16, where bracing 1s provi 
shoul idered. Thi show: WI Fi vided 


by a mix of L102x102x6.4 braces and C150x12 braces. 
+ 


cannot move relative to the 


38243 GALVANIZED BAR 
GRATING C/W EDGE KICK 
PLATE SEE DETAIL 10/452 
ANO HANDRAIL SEE DETAIL 
18/452, REFER TO ARCH 
DRAWINGS FOR EXTENT 


L102x102x6.4 DIAGONAL 
TRUSSING TYP. 


W4 10x46 


€150x12 BRACING TYP. mS 


~ 


W4 10x60 


Figure 3.16. Bracing provided by mix of L102x102x6.4 braces and C150x12 braces 


3.8 SHEAR RESISTANCE OF BEAMS 


The shear resistance of beams is covered in $16 Clause 13.4. This clause gives the shear resistances both 
for thin-webbed beams with stiffeners added perpendicular to the axis of the beam and for beams without 
these stiffeners. ; 

The results for beams without stiffeners can be derived from the equations that apply to the stiffened 
beams providing the following assumptions are made: 

* a=distance between web stiffeners = large or infinite if no stiffeners, 


* a/h= aspect ratio considered as being infinite when computing k, and k, 
. 1 1 
* ky =aspect coefficient=0,  *a = Tinta? (a Thy + Gree t 

4 


k, = shear buckling coefficient = 5.34 


k= 534+ 


= 534+ x = 534 

%) 3 

For members analyzed elastically (i.e., the normal way to do the analysis), the factored shear resistance, 
Ves developed by the web of a flexural member having two flanges shall be taken as: 


V.=OA,F, 
where: 
A, = shear area (d*w for rolled shapes h*w for WWF, 2*h*t for rectangular HSS). 
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F, = ultimate shear stress determined as follows: 


h 1014 
When —*s—— F,=0.66F, (For F, = 34SMPa, 1014 | 1014 
w F ‘ 


IF” Frag 7 54: 
1014 h | 1435 5%! IF. ae F, "tne s) 
When ‘a Saree ‘or Fy = 345MpP,; 1435 
F Jr ; ’ a 
Vrow JF, (h/w) F ” Jag=73) 


h_ 1435 F = 201200 y 


For those members that are analyzed plastically with redistribution of mo: 

of plastic hinges, the shear capacity is reduced by 20%, as there wil] be van ene following 

those locations and reducing the permitted shear by 20% results in no Ted mad and 

For members with web stiffeners, see Clause 13.4. wetion in the Aexugy et 
For beams without web stiffeners, Figure 3.17 shows the factored resista 

As with curves for bending capacity of unsupported beams and axial capacit INCE Stress in beam 

part curve comprising: Y of columns, there g 
* A flat portion where the material is fully plastic and cannot take 4 
+ A portion at high slenderness where elastic buckling governs, 
« A transition curve between the two. 


More load, 


Shear resistance stress F, 
(345 MPa G40.21 Steel) 


250 

200 I 

1 

! 
w 150 4 ? 

2 1 
a ! 
= 1 1 
* 100 t 
a 1 ' 
; i 
~ ; 
< a F 

Controlled by yielding of theweb =! + Controlled by web buckling 
0 
0 20 40 60 80 100 120 


Aspect ratio of the web h/w 


Figure 3.17. Factored resistance stress in the beam web 


EXAMPLE—SHEAR DESIGN 
Design the shear for a W410x39 beam with F, = 345MPa 


Solution 1: 
The shear capacity can be determined from the beam selection tables (blue pages) of the CISC Handbook 
as V, = 480kN 


Solution 2: 
Using the simplified provisions used in S16 for unstiffened beams. 


The W410 x39 is a rolled sbape and has the following properties: 
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d = 399mm; h = d-2t = 381mm; w = 6.4mm 
b/w = 381/6.4 = 59.5 
Web area = 6.4mm * 399mm = 2554mm? (Note that d*w is used for rolled shapes) 


ine where each of the three equations is appropriate: ; 
Oe ie value of h/w of 59.5 is greater than 54.6 that if less would require the use of the first equation, but 


less than 77.3 that if greater would require use of the third equation, so we will therefore use the middle 


(transition) equation: 
pn ede, gO «00m 
‘ (hlw) (59.53) 
V, = OA, *Fs = 0.992554 x 10“m?*209,000kN/m? = 481kN 


(Again agrees with value in the beam selection tables of the CISC Handbook.) 


Solution 3: ¥ ' : : 
Using the equations in S16 for stiffened beams and realizing that with most beams there will be no verti- 


cal stiffeners added to increase shear capacity use the formulas for a stiffened beam, the shear resistance 
can be computed. (We would never do this, but it is included to illustrate that the answer does come out 


to the same value.) 
The W410 x39 is a rolled beam and has the following properties: 
d= 399mm; h = d-2t = 381mm; w = 6.4mm 


a/h = Infinite as there are no stiffeners 

h/w = 381/6.4 = 59.53 

Web area = 6.4mm * 399mm = 2554mm? 
k, = 0 as there are no stiffeners 

Calculate k,: using the formula when a/h>1 


K, er el 


4 
Gin = 5.34 * Cini) 5.34 


Compute cut-off points appropriate for the yield stress of the steel: 


k 5.34 k 5.34 
39 j— = = S482 621. |— = 621, /— = 77.26 
439 i 439, SS 5 iS Pe 


As b/w of 59.5 is > 54.6 and < 77.3, then F, = F.4, 
Fk * 
, = 200. 999 VSS | 
(hiw) (59.5) 


V,=@* A, * Fs =0.9 * 2554 x 10m? * 209,000kN/m? = 481kN 
(Agrees with value in the beam selection tables of the C/SC Handbook.) 


209MPa 


Shear is seldom a governing criterion where beam load is uniform for the selection of wide-flange beams. 
For wide-flange beams that support columns and for wide-flange girders with point loads near the ends, 
shear should be checked. Where design shear exceeds the shear that would be expected if the beam were 
loaded with the uniform load necessary to produce M,, the shear to be used hy the connection designer 
should be included on the drawings. 
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It is possible to prove that for most normal simple span bea; 
resistance. Take a simple span beam of length Land with sathohia d Sessary 
: oa : 
W; Wr as shown inet 
"Ruy 


itis NOt ne 


foe 
Jy, 


-—. 
Figure 3.18. Simple span beam 


The shear on this beam at the end is V,= AS 
2 


The moment on the beam is M,= bid ons 
& 


Manipulating this we get M, = ee [| [-] =V (4) 
8 ra Le es 


Further manipulation yields My we 
Vv, 4 


f 


pind we see from this calculation is that the shear on a uniformly loaded beam i i 
o t e beam and, as the span increases, the beam design is more likely t be mi ston eg 
Tesistance than it is by the shear resistance. ee 
Our next step is to examine seve i 
ral beam sizes and see if there is relati i 

: ‘ . elationsh: 
resistance of the beam and its moment resistance. We can then took at several cue pi ee 
beams and compare their moment resistance as shown in Table 3.10 a 


Table 3.10, Commonly available W410 beams 


eae MR | VR MR/VR 
(KNM) | (KN) 
W410x39 227 480 047 
5 
W410x46 275 578 0.48 
Wwa410x54 326 619 Ty 053 
—— —— 
|_W410x60 | 369 642 rat heel 
wal 
1Ox67 | 422 739 0.57 
W410x74 469 821 0.S7 
waioxes | 537 931 a) 0.58 


pea se Paty = sane resistance rises faster than the shear resistance as the weight of the 
the lighter beams at the same aicrean: = shear capacity controlling for the heavier beams than 

Pah rege bi cd gee 0-depth ratio of 20 for a floor beam, we would expect a W410x85 to spit 
moment capacity is reached dort ment of 537kNm, the factored shear at the point where the bea 


Via M4 537kNm*4 
mS 8.2m = aR 
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8% of the factored shear resistance of 931kNm and the design of the beam is controlled 
ty rather than by shear. If we repeat the above calculation for various beam spans, using 
410x85 beam, and graph how much of the shear capacity is used when we the moment 
ed, we get the graph shown in Figure 3.19. 


This represents 2 
by moment capaci 
the example of aw 
resistance js achiev 

% of shear capacity when moment capacity 


achieved (W410x85) 


Shear Governs 
above dashed line 


| | Me 


' 

| li a, — 

o~ +++ — $$} = 
.0 12.5 15.0 17.5 20.0 22.5 25.0 27.5 300 32.5 35.0 37.5 400 


00 25 $0 7.5 10. 
Span / Depth 


Figure 3.19. Percentage of shear capacity when moment capacity achieved 


‘% of Shear capacity when Moment 
Capacity is fully utilized 


t we can see in Figure 3.19 is that, for a uniformly loaded simple span beam in the normal 
shear load is less than 50% of the factored shear resistance at the time that 
hed. This gives us a clear indication of regions where shear starts to govern 


What 
range of span-to-depth, the 
the factored moment is reac 


the design: 
« Stocky beams with span-to-depth ratios of 5 or less. 


+ Beams with point loads, particularly if the point load is near the end. This occurs during column 


transfers. 
* Beams with thin webs such as those for WWFs. 


While it has been shown that there are many cases for which shear will not govern the design of a beam, 
it is clearly the responsibility of the structural engineer to make sure that the shear capacity is sufficient 


to resist the design loads. 


3.9 HOLES IN BEAM WEBS 


Requests from the site for holes through the webs of beams often occur after the erection of the structure 
and often must be reviewed in a short timeframe. A computer program to assist in this task is of great value 
and sample outputs from such a program follow. 

Beam holes are covered in $16 Clause 14.3.3, which states that circular holes are permitted in the 
web of beams without reinforcing provided ALL the following conditions are satisfied: 


1) Hole is circular in shape (rectangular holes must be analyzed). 

2) Beam section must be Class 1 or 2. (Class 3 and 4 beams must be analyzed.) The ability to provide 
holes in the webs of Class | and 2 beam sections is one advantage of avoiding Class 3 and 4 beams 
when designing floors and roofs. 

3) Beam load must be uniformly distributed. (This eliminates beams with point loads so that girders 
picking up beams and beams or girders supporting joist loads would, in theory, be eliminated, but 
in practice the same methods are used to review holes through the webs of these beams provided 
the hole is located longitudinally a beam depth away from the point load.) 

4) Section has an axis of symmetry in the plane of bending. (Wide-flange beam sections comply, 


but channels do not.) 


Tree ae SY Wa Ce MMe third 


nearer to the flanges or the beam ends m tH 
eee lust be anal 
2 a2 longitudinal centre-to-centre Spacing betwee: < seams 77 
diameter of the larger opening. N adjacent OPenin, 
7) The maximum factored shear 
: at the support is no 
of the section. (This criterion will be easy to Rick anciaeh 
a very thin web compared to its moment Capacity, or in mh f 
, 3 of i 
While these seven criteria mi ; 
‘ ight seem to be restricti 
sprinkler lines or condui ve, they are 
duit can pass through the beam as shown in acne Sai 
5 Seaietaemg scans meet 
times dia: Yield of 
of argesthole An cst of Hoe Ms $96.4 
peepee teh aaleie erate ners Hevesi ne #3 been centering 
- Hol umenofoe Yeriea = 200, em 
eer <a Horlzontalm400. mm 
ee = Boum fs WE10 x 205 Input to program 


Geum Properties: 
deG08 rm Ax 19000. r= 764, 2em2800, tye B0. ZyedO. Jo 781. Com2S50. 
Geum Is Section Casa: 1 


1243 Aphet43 
i reaartrclty of hole ts Zero we expect hal =Aérha2 


Compara WV1/r ratio Is acceptable: 


V1 /Wr= 276 
‘yr=1097.KN ¥1= 302. KN 
49 KN) ig < V1 (302 KM) OR 


‘Check If M1/Mr ratio +s acceptable: 


Mi /Mr= 4151 Mrx 914 Keim Ml= 379. 
Mo/Mrs,9213 Moa841.633 Xen C2=1 837 
MXSQEKNen) fs < Maximum Mf (767 Km) OK 


Chack Web Stability: 
Check: (2a/2H) + Ef2H/d) <= 8.6 
2a/2H © 400, / 00.213 


Hole pennitted act 
Zone 


Figure 3.20. Circular holes permitted in beam design 


For other cases, including the 
i Placement of rectangular holes, beam hole analysis j deseri 
. ‘i = i : 
a CISC Handbook. The procedure includes worked examples and a flow aa ifit is desired 
o mputer program to perform the task. In general, beam holes are acceptable if certain con x 
sfy stability are satisfied as well as conditions to satisfy strength requirements of the remaining 


including the requirement to provide rounded comers for the holes Se 
: The method in the CISC Handbook applies only to Class 1 or Class 2 beams. If a Class 3 beamis ee, 
countered it would seem reasonable to perform the calculations outlined in the Handbook but us a 
a yield point for the Steel that is low enough to convert the Class 3 beam to a Class 2 beam. If the beam iene Oar 
hole and the beam section work with the use of a theoretically lower yield point in the presence af ‘ Shusonwesiad = 
hole, it would be reasonable to accept the hole. In some cases it may be necessary to reinforce the hole ornpression Zone stability 
by adding horizontal plates top and bottom or horizontal and vertical plates, as shown in Figure 3.21 anf Ee aerl 
as described in Figure 3.22. Sister Omen of oles 400, Ata 4° 252. = 608. 
‘Stustion is asthefied es 2a <= dct 


Note-Hole to hive 4 comer radias at teest equal to 16mm or teece web theckrents 
Beam Web =10.5 mm Twice Beer wab= 22. mm 
Beam Wed requirements govern use 2) mm Radius st comers 


Figure 3.22. Sample input and output from beam hole analysis program 


Figure 3.21. Reinforcing 
beam web openings by adding 
horizontal and vertical plates to 
stiffen the beam web 


3.10 TORSIONAL CAPACITY OF WIDE-FLANGE BEAMS 


Open sections such as wide-flange beams, channels, and angles are weak in torsion and tend to act ina 
manner similar to a group of individual plates, as shown in Figure 3.23. 


Ege Figure 323. Torsional 
= + behaviour of open sections 


TYPICAL 650«300 OPENING - NOTED @ ON PLAN 


na Vwa-” 


sg weakness in two things: ; 
i woud much to twist the open section and resultin 
A) cee iy for something cantilevering from the twisting beam. 
The rm sral capacity of the section itself is low and it does not take my 
2) exceed the allowable stresses of an open section. 


8 deflections may 4g, 


ch torsiona 


‘ bee F 
‘The St, Venamt torsional constant of a plate is approximately “77 Where tis the smaller di 


EXAMPLE— RMINE TORSIONAL CONSTANT OF OPEN SECTION 
aes hoc torsional constant for a W410x39 beam. 


jon 1: A i 
a aeet hapes in the CISC Handbook lists the torsional constant, J, as 111x105mm4. 


Solution 2: : 
Use the equation for a plate and sum the properties for the flanges and web. 
The flange width is 140mm and the flange thickness is 8.8mm. 
The web height is 381mm and the web thickness is 6.4mm 
3 3 #993 
Jn 140°88" | 381*64 140988 
3 3 3. 
J=%9x 10mm* 


= 31802mm? + 33292mm? + 31802mm? 


| 

The results is 12.7% lower than the value of 111 x 10°mm‘in the CISC Handbook, in part due to neglect. | 

ing the presence of the fillets. : 

The torsional capacity of closed sections is much higher as the torsional constant is dependent on, } 

area caclosed by the centreline of the section. Note that this is not the gross area of the section, It re | 
case of HSS sections, the area inside a line drawn at the centreline of the tube wail. 


EXAMPLE—DETERMINE TORSIONAL CONSTANT OF CLOSED SECTION 
Determine the approximate torsional constant for an HSS 203x203x6.4 section, 


Solution 1: 


The table of HSS shapes set out in Part 6 of the 
49300x10°mo*. The weight of the 203x203x6.4 (3 
(39kg/m), but its torsional constant is almost 450 


CISC Handbook lists the torsional constant Jas 
8.4kp/m) is slightly less than that of the W410x39 
limes as great as the open section of the wide flange. 
Solution 2: 

Use the formula for the 


Ia ions) t 
_ nnlayran 

Acacicans = area enclosed by a line through the ce 

Acecioecs = (203-64) * (203-64) = 38652mm2 


LesciosngPats = length of line through the centreli 
the section & 4 * (203-64) = 786mm ge of the 


t= thickness of wall 6.4mm 


torsional constant of a closed section. 


ftre of the walls of the HSS 


Plates (shown in Figure 3.24) that encloses 


5 = Aiea «4 *(3865t00n) * 6.400 


ieee 186mm = 48634 x103mm4 | 


The result is within 1.4% of that listed in the CISC Handbook. | 


a> | 


£—DETERMINE TORSIONAL CONSTANT OF CLOSED SECTION 
eel from a sign is attached at the centreline of a 10m long W410x39 beam, The load is eccentric 
051 


beam by 750mm. Compute the approximate deflection at the centreline of the sign shown in Figure 
to the : 
425. ie 

7500 
0.5kKN 
a) 

Figure 3.24. | : : 

ee ae, a Figure 3.25. a) Sign to be designed. b) Centreline calculation 
The vertical bending deflection is: 


PE? _OSKN *(0m)’ 4493 

ne iis beam due to the torque 
i tre of the beam, the rotation at the centreline of the c to 

pale ee by finding the rotation from half the torque acting on a beam of half 


mm / m= 0.41mm 


‘As the load is loc 

from the eccentric 

the full length. 
(O5KN *0.75m 12)" 5m. 


- i 3 de - visible) 
$0 = Fig lGEN Tm *O.L10H107 0.110 radians (6.3 degrees ~ very 


Deflection at centre of sign = 0.110 redians * 750mm = 825mm 
Total deflection at sign centreline = 04mm + 82.5mm = 82.9mm 


epeatin i i ion = 0.18Semm = 
i i 3x203x6.4 gives, vertical deflection = 1.7mm +0.1 

ing these calculations using an HSS 20: x203 : : pitt 

os The deflection for the HSS-supported sign is approximately one fortieth that for the 

wide-flange section. 


3.11. CANTILEVER BEAM STABILITY 


igh capacity i i compressi makes it weil- 
ee Gugino ete ae Tete Seay aoe hispael against. 
suited to carrying loads, but the buckling amas and Com errant ET 

i beams ji kling, and this was dramatically : 
Cantilever can be subject to lateral buc! 8 mle 
i i here a roof with Gerber framing colla 
the Save-On Foods roof in Burnaby in 1989 w! ee ersten warts Ke 
Gerber framing system is popular for roofs where gi x T columns: “ 

posta be viewed woumg hig box warehouses. The framing method is shown schematically in Figure 
3.26. 


Figure 326, Gerber framing system 


¢ columns. reducing the positive moment ay Mids 
e 
‘Pan 


ts 8 jer 
oy span gir ad to span the full di 
v ould © if it hae is ace betw, 


the deflections on this beam. 


sme than does a series of simple Span beams 
gis and desi€" "she cantilever beam Is Not properly dass, 
a era instabilities ift sas designeg 


he beam cantilevers over the column, fn 
ver more than one floor to avoid the y 


re therefore framed into the sides of the colum 
n 


Multi. 


‘ae two Joad cases: 


ge C, fecrs applied: . 
of 100% and 50% snow load to give the most Unfavoy 
ir 


Case 2: 100% now on interior 
spans only 50% mow on 
remaining spans 


Case 3: 100% snow non-interior 
apans only S0%mnow on 
remaining pans 


Figure 3.27. Variations in snow loads to be evaluated for a Gerber roof system 


ww load on the interior span, as this gives the longest unsup- 
‘ported effective length. The interior span should also be checked with 50% snow load on the cantilever 
spans, It 1s possible to have the configuration such that the interior span is under negative moment (bottom 
flange in compression) through its entire length. This is an undesirable situation and must be accounted 
for in the design by the use of appropriate unsupported Jengths when sizing the beam, 


‘The cantilever should be sized with 50% sno 


3.12 DETERMINING THE UNSUPPORTED 
LENGTH OF THE CANTILEVER BEAM 


Re peaetaey pL sat beams is determining the appropriate unsupported length to 
et Sirens, “lsat length appropriate for design will depend on the type of 
a restraint lieth Sone ae also at the cantilever tip. To some degree, it also depends on 
ae se A a mom < ~ Laced have expressed frustration at the lack of specific guid- 
PR a the 4 le made the establishment of simple, widely-applicable 

» with some background knowledge about assumptions and 


A cee a ers 


peams 81 


-_ oublished research can provide useful design guidance. In some cases, i i 
a0 ae be column and poorly restrained at the tip of the cantilever, the acd igh cal 
jie ay restrain cantilever length. In the Gerber system, the column would be described as the root of the 
05 times t we the end of the cantilever supporting the drop-in span would be described as the tip of the 
i rly has a profound effect on the resistance of the beam. A figure from Roof Framing 

) Girders and Open Web Steel Joists by the CISC that shows appropriate unsup- 
ure 3.28. It should be noted that the booklet is no longer in production 


this issue must be acquired from several sources. 


be ever ™ 

cant 1 This clea bes 
ile 

~qantilever Ce in Fi 

Ca to use shown 8 

¢ materials on 


re recen 


a) 


K-i5020 
K<20010 


Kel0wl5 


ROOT - \aere wornonally seyparud 
\ Suintity of ppréer-column assembly 
| provided by column Contnunty Geng. 


Figure 3.28. 
Appropriate 
unsupported lengths: 
a) Fig, Al Kirby- 
Nethercot Proposed 
Effective Length 
Factors. b) Fig. A2 


K<10w15S 
Kelsw25 


(*) Pull depth web stiffener are used w crease coluunn contiqunty 
Fig. A2_ Proposed Effective Length Factors (K) far Gerber-Cantilever Design 


Note: (#) Gurder web snffeners may be oonjued, if web capacity is edequase. 


Proposed Effective 

— Length Factors 
(K) for Gerber- 
Cantilever Design 
Source: Roof Framing 
with Cantilever 
(Gerber) Girders and 

2 Open Web Steet Joists 
(Canadian Instiute of 
Steel Construction, 

t July 1989). 


recrTunae © 


: Gwide to Stability Design wpa Metal § res 
the © y from the 6th editi ‘ 
4.29 shows ® en his figure per ition, Mot are 
= aye Un ay tion in 3.26. 
Galas to the informa oN 
edited DY red {0 
differences bs 


Top llange 
looding 


14 0.8L 
1.6L O7L 
0.6L O6L 
vdeo LOL 
Pn} 0.9L 
15L 0.8L 
75L 3.0L 
75L 27L 
45t 2.4L 


Fig. $11 Effective-tength factors for cantilevers 


Figure 3.29, Effective-length factors for cantilevers 
Source: Guide to Stability Design Criteria for Metal Structures, Sth edition. 
Edited by Theodore Galambos (John Wiley & Sons, 1998). 


nt resuits can be deduced: 
yids tarsal bave lateral restraint at the columa, provided by full height stiffeners and bottom 

chord extensions on the joist on column line. ; 

2) The beam should be laterally restrained at the tip of the cantilever, 

3) The correct unsupported length of the cantilever beam must be considered when 

4) The negative moment caused by the cantilever span must be considered if it t 
the interior span. In a poorly proportioned system, the entire interior span mi 
moment with the compression flange unsupported over its entire length, 


Sizing that beam. 
favels too far into 
‘ght be in Negative 


EXAMPLE—GERBER CANTILEVER BEAM EFFECTIVE LENGTH 
Wf in Figure 3.30 the cantilever length is 2.0m, find the unbraced length, 


ever (Ge. , 
o stiffener and no bottom cord extension a he , 1 Girders 


framing details shown in the 


goustion” sure A2 from Roof Framing with Can 


nine 
f can! jth 0 


Ww Umn 
nd a ote that the figure are 10 longer 


Framing details that are no longer used 


he value is between 3.0L and 7 SL ; 
mbos we find t » depending on : : 
using Ms taal will be partly through the top flange and partly Sntiies We loading condition, — 
case“ jowever in this case it would be appropriate to go with the factor of 7.5 23 spate a 
am o 


ined directly at the column. the top tt of the 
sn is 0 ved length fo Be bed fa detent 
cs ngth to sign (as shown j 
pase: (25 shown in Figure 3.3] 
pre significantly reduce the capacity of the t ; ) should therefore be 7 52m = 


15m, 


Top Honge 
loading 


At roost 


Figure 3.31. Unsupported length to be 
Source: Guide to Stability Design Criteriq for Metal 


used in design 


Structures, Sth edition, 
Edited by Theodore Galambos (John Wiley & Sons, 1998), 


It might also be argued that in the example of Figure 3.30, the loading on the beam comes in through 
the shear plate to the adjacent beam and therefore is web loading (see figure from Roof Framing with 
Cantilever (Gerber) Girders and Open Web Steel Joists) and a K of 3.0 would be appropriate. However 
the consequences of cantilever beam failure are usually yery dramatic and caution, and perhaps an inde- 
pendent analysis, should be used when Picking the lower values of K. 


EXAMPLE —-GERBER CANTILEVER BEAM EFFECTIVE LENGTH 
A Gerber cantilever beam is supported at the top and bottom flanges at the column using a joist bottom 
chord extension. At the cantilever only the top flange is supported. Of the load, 75% is applied to the beam 


ona 


seams 85 


ran vienines 
jnder comes from the joist load at the 3810 evaluate: 
and the Te in design. top ca 
wn canes 02 ahs le I wood: 
tarot case ene i pesd 09° Dead Load everywhere 
fange- vexnin st te is such that the es is restrained to - ‘ 125 * Dead Joad everywhere 
: i d K = 2.5 jj 

solution 1 pacar. we find flange, K 20.9 if loaded ate an if loud 4 

panisiog 3.288 reso 1 th Of terpolaon and get K.= 146 Vabraced Langa jonot 8 rn dead toad, with |.25 dead on some spans and 0.9 dcadon other, asta aa i fer the 

and bottom rsa of 10d ig at web cou we oan conditions the same on all spans and if one span has extra dead load, then its tiie 

1 top flange. CONE ee game con pon. 
a, = 1.46°2.0m = 2.92m ill be ne topping on 38mm deck slab weight = 1.89kPa 
* ° Bai 4 kPa —e 
sat at the root is at the top and bottom flanges, With partition load = 1.0 =a] 
Sok! vel a 3.286 (A2), we find oat Re = ranges 1.0 0 1.5, 80 use the more conservative vali’ ‘ Estimate beam weight = 05kN/m 
mice core exteasion BEDE CST 3m, : Toad = 1.75m * (1.89KPa + 1.0kPa) + 0.5kNim 
errs braced Lest «K*L= 3 itis jrable that stability not become a numbers game. Effory . Dead load = 5.6kN/m 5 
Roma « ae rg erements and & conservative approach to selecting the unbraced * 1.25 dead load = 6.9kN/m en 
pemadeto provide the a2N8 * G19 dead load = 5.0kN/m Z 

Jugth woud not De a % Karts 

Figure 3.52.5 0 ere ee Live oe vice = 2.4kPa * 1.75m =4.2kN/m Fi : 
e Service = «- igure 333. Lateralty supported 

Gerber system has a full height coal = 15* 4.2kN/m = 63kN/im Source: Guide to Stability te Criteri se 
stiffener at the column, a joist loniieal si AE nace 
at the column line and that joist sive load cases to evaluate: = can We 
has a bottom chord extension a) (Load Factor = 1.5) * Live load everywhere. 1998). . 


‘¢xacnine the numesic effect of these stability requirements, let’s start by looking at a two span floor 
which has one span as & cantilever. The floor beam has normal live load, so we must consider pat 
terned live loading in which the live Joad can be on both spans simultancously or on any one span. The 
NBOC regaires that for live load we consider 100% live load in any area and 0% live load in other areag 
‘that wold relieve that load. 


Te: poenbblgida BEAM DESIGN 
ise beam cantilevers over a girder, as shown in Figure 3.32. The tributary width is 1,75m. There is a 
fond and a 2.4kPa live load. Design the beam, taking account of pattern live loading and 
Hesned, The deflection at the tip of the beam should be a maximum of 2.25m/ 180 = 125mm 


Figure 3.32, Floor beam 
cantilever over girder 


b) (Load Factor = 1.5) * Live load on interior span 


c) (Load Factor= 1.5) * Live load on cantilever span 


Cantilever Moment: 


Factored Dead Load = 6.9kKN/m 
Factored Live Load = 6.3kN/m 
Cantilever = 2.25m 

M;= wL?/2 = (6.9 +63) (2.257 /2 
M; = 33.4kNm 


Unsupported length of cantilever, 


Root top and bottom flanges supported 

Tip top flange is supported 

Using Roof Framing with Cantilever (Gerber) Girders and Open Web Steel Joists, K = 15 
Using the Guide to Stability Design Criteria for Metal Structures (Sth edition), K = 25 


Figure 3.34. Effective-length factors 
for cantilevers 

Source: Guide to Stability Design Criteria 
‘for Metal Structures, Sth edition. Edited by 
Theodore Galambos (John Wiley & Sons, 
1998). 


me ANADIAN Avil pings 


.$.6m, 


Nm>33.4kNm, OK: 


r Span — use K=2.5 


mn}, M238 on 
Cantileve 


» KOL = 2.592.25m=5.6m 
* My 33,4 kNm 


Fectored Moment Resietance 
reer vw o b Li Mr Unbreced Length (men) 
“ | wf mn mn <u 200000 poo 
tent en oe Ee 
”O ws 427, 1800 i : BO 
1 ¥ 1% . 
aso 102 1320 140 43 ‘7 
ae, = 482 x 03370 130 - 10 
w700e4) m i“ 108 2010 Ww - We 
wate)! wm OTD ed m4 7 
Pr) cre) 102 1200 ws (1K OA 105 
idee ms OMY ys OI? na 406 
W250 26 ui @0 902 1370 110 107 26 92 
wes! 276 uA 1M 1080 04 450 327 
Figure 3.35. Cantilever span 
Intenor span: : ; 
+ First kick — ignore moment from cantilever that reduces intenor moment. 
+ WL?/8 = (6.9+ 6.3)*(7.5)2/ 8 = 92.8kNm 


Fully supported W360 x 33: M, = 168kNm (OK - not worried about supported capacity; examine 


unsupported capacity) 

Examine with full live load on cantilever and no live load on interior span 
Meanjover 2 (5.0 + 6.3X2.25)?/ 2 = 28.6kNm 
Menucine ~ (5:0) * (7.5)?/ 8 428,672) = 20.9kNm 


000¢15L 
BO+6a113 


28.6KNIm 


22.3KNIm 


Figure 3.36, Interior span 


hat satisfies the 
can be computed and a beam 1! required 


pe of the bending moments possible is as follows: 


An envelo 
aso 1250 ~ 62-4750 
—#3- 1250 om 940.90 
TL --==86-090 


70 Cantilever Bear Example - J] 
Bending moments“ // 


m 20 400 
“saygtence from Beam Endim) 9?” 
oe wo 
oo owuss= aoe 7 £ 


90.00 + 


400.00 


87 


BEAMS 


Figure 337. Cantilever 
beam example showing 
bending moments 


i 


We will u 
dations of 


CASE 1- Top flange braced continuously - gravity load 


1, It neither end moment cause comp. 
‘on the bottom fig.. there ts no bucking. 


2. When one oF both end moments cause 
comp. an the botiom, use C, with L,. 


et 


aes #)- tot 


* Take M, = 0 in thie term if M, is positive 


My = the other end moment 
Ma = moment at midspan 

’ nao. 2(2200)_ 8 
jin Gaae. $F 8 


x 
1 a Use C,with M to check buckling. 


Use M,., to check yielding. 
C, is a replacement for @2 in the M, equation. 


c,=30-3 (at 8 Mecrine 
3\(M,) 3(M,+M,) 


caffe 4 BUN 39-04207-507 


C,-3.0-5|——— 
3 (28.6kNm) \3)/\(-28.6+0) 


Look for M,’ = 28.6kNm / 5.07 = 5.6kNm at L, = 75m 
M,' of W360x33 = 28.4kNm (using linear i 

beam selection tables (blue pages) of the C/SC Handbook) 
OK. W360x33 works for both interior and extenior spans. 


se these Moments to check the stability of the beam in the backs . : 
: nS , ees pan region using the % 
the Guide to Stability Design Criteria for Metal Structures, 5th Sadie ar anon fa Figure ape 


Figure 3.38. Top flange 
braced continuously for 
gravity load 

Source: Guide to Stability Design 
Criteria for Metal Structures, 

Sth edition. Edited by Theodore 
Galambos (John Wiley & Sons, 
1998). 


interpolation between L, = 7.0m and L, = 8.0m values in 


ee 


8 raeeTo™ al grant FOR ba vb Joad only): ; 
jiry 1 saterior ei ‘ ie en with no tive load on cantilever 
geftection in! 


Figure 3.39. Serviceability on 
cantilever span 


: i * Cantilever length 
: q deflection + Rotation at 100% 
Deflection = Cantilever 


Dr ee 


w ye 
A Set ee 3H 


Figure 3.40. 
Downward deflection 


A2EN }n)2.25¢ (42#2.251/2)*75m 
3 mem +(225m)"" 55300 °82.7 


LL Deflection = 0.00[m + 0.003m = 0.004m 

Span / Deflection = 4/2250 = 1 /563 

‘Want 1/360 for twice cantilever length 

Cantilever Length / 180 is acceptable (OK) 
eck Live load on interior span only: 


/2250 = 1/217 OK (<1/180) 


ty 


{oad is ot combined with the mow 


N fj 
low let's exiead this to a Gerber framing system. You will notice in this example that downward wind 


pari « loading. This is a reasonable assumption for addressin 
ing /paticrn snow Joeding should itself be considered a rare loading. If the cases offal waif 


q 


oeaws $689 


2 ing, then downward wind londing 
ing were governing ; should be combined in the 
scr simple spa Tot beams When we discussed roof loading im Chapter 2. same way that we 
‘ pLE-GERBER ROOF DESIGN 
EXAMPLE ble 3.1 and Table 3.12, design a sel pte and inl ger fora im 
using a building located in an area where S, = 1.8 and $,=02.0 Biter meer ro 
o giscussion that follows. The beam span is 12m, with 2m caz my pam pire nine 
in mu g.5m using joists estimated to weigh O.1kN/m?, The deck is 38mm deep, = sat 
wid! ofc. The overall roof is 56m x 36m in plan (1, = 46.1m). There are no archi eee “ee eee 
000mm depth. There is a bottom chord extension on the joist atthe column and vertical stiffeners have 
as to added in the beam at the column location. At the cantilever tip, only the wp Gange is sported. 
basi L< 70m, Ce * 0.80. 
100% Roof Snow = {(C, = 1.0) * (Cy = 08) * (S,=1.8)} + (S,=0.2) = 1.64kPa 


50% Roof Snow = 05 * 1.64kPa = 0.82kPa 


Roof loading in 100% snow region 


table 3.11. 


vancouver Roof snow (Ss = 18 Sr = 0.2) 


interior suction and positive exterior 
Roofing / insulation / Celling allowance 


Steel Deck 


suspended Mechanical / Electrical 
Joists at 2000 ofc 


w460x60 Girder at 8500 o/c 


W460x60 Girder at 8500 o/c 
Total load for Gieder Design 


peams 91 


esutt, gpan, use W410 5 54. 
that is continuous over the columns 


nthe beam an 
nee are the same as for rop-in beam, namely: 
0% 00" spe toads from each joist Pr 
85 jon 73. 6kN 
: + (Joist THbaaTY © aon 
noi ocing © sctnde iecsiyi this calculation and is assumed t0 be part of the oe region 52.7kN 
: ini ” 
woes te wage oe —arongont, We 4 00 "palet dead load where alterna. P£= 73.6 KN or 52.7 KN 
Nl gr 5H 
Nett ded 9.9 are wed for vaso 
fl of 1.5 as the same load factor jg 


Figure 3.42. Joist pair 


Design 
- -Im- 2m = 8m ‘ . Hs 
Drplasa = of drop in beam using 100% snow Joading as shown in Figure 3.41. compute cantilever moments 
Drow free-body diagram 738 73.6 aximum moment On the cantilever beam can be found by having the 100% snow loading on the 
Q . The ™ the cantilever beam will be the same if the interior span is under 100% or 


+9 beam. The results at 
ail but we will figure the cantilever moment as though there is 100% snow everywhere. 


50% snow, 


Maximum cantilever tip moment is computed as = (184KN) * 2m = 368kNm 


We need to determine the value of “K™ the unsupported length factor for the cantilever. The conditions 
e cantilever at the top flange from the joist at the tip of the cantilever and a 


‘ali f= 73.6x2m = 73.8 KN x 4m 0 econ ont 
are that there 18 , 

w= 147.2 KNin + 147.2 KNm = 244 aS joist bottom chord extension and stiffener st the column. 

Figure 3.43 shows laterally supported cantilever tips. 


Figure 3.41. Free-body diagram of drop-in beam 


Figure 3.43. Laterally 


‘Span /25 = 8000/25 = 320 hate oes supported cantilever tips 
Airy W460x52 M,' = 333kNm with top flange supported at 2m centres Source: Figure A2 from Roof 
‘ f Framing with Cantilever (Gerber) 
Check factored net uplift pressure of 1.0kPa: Chien ent Open Wes Kasi 
M;=(1.0kPa*8.5m)*(8m)*/8 = 68kNm Joists (Canadian Institute of Stee! 
W460x52.M;'= 64kNm at L, = 8.0m. Chose beam that has more uplift capacity nusikiegetesea acs Coastraction, JER), 
cofpaan and the tip of the cantilower wet 


Kelis 


Try W410x54 M,' = 86kNm at L,, = 8.0m. OK. 
W410x54 has M- = 326kNim at L, = 2.0m, OK (>294kNm) for loads from 100% snow loading 


K=lanis 


It might be argued why not use the K = 1.0, but with stability it is probably better to lean toward the con- 
servative end in these factors. K*L, = 1.5*2.0m = 3.0m 

Evaluate through Guide to Stability Design Criteria for 
Galambos, as shown in Figure 3.44. 


Compt econ rave load gore the wind und se 0. tines the snow load. The 

importance. iw), 

an Ste in .. S4(1.64Pa*09*85n)*80' +1000 Metal Structures, 5th edition, edited by 
3840587 384 ©200 186 =18mm = 1/444 


Figure 3.44. Restraint condj 
Source: Guide to Stability De: sign 
Criteria for Metal Structures, 5th edition 
Edited by Theodore Galambos (John 
Wiley & Sons, 1998). 
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sted at top and bottom flanges (by the joist) and the bottom chord extension, whije the 
The root is Suppo hord by the joist. ’ 
vorewapriea f or ewe ave a K of between 0.9L and 2.5L, depending on our loading condi. 
Using dus } 
tons. : the tip of the cantilever and 110KN from the sh, 
ve have 73.6kN from the joist at the tip eal 
In our pe nei - a ad of [84kN. We therefore have about 40% of our load 4s top fl 
See ein tine Taking a linear interpolation assuming 100% top flange loading gives K = 25) 
ing an ; 


x = 0.9 we get K = 1.54. j 
aaa a jin Figue 345, we have worked out K by two methods and both give about 1.5, Use K « 


me Tl BL Tee TAL yh aL 


1 ua 


<3? 


is qi BL BL HL 736 Be BL BL BL 


Bu 


Maawtilever 22m (23.6+5975-t) 
x 
= 368 kn 


Figure 3.45. Cantilever moment 


For M, = 368kNm, ignoring the unsupported length we can get by with W460x52 with M, = 397kNm 
but at K*L, = 3.0m the M,’ of this beam is only 269kNm. Looking for a beam with depth approximately 
12000/25 = 480mm, try W460x74 at K*L, = 4.0m M,’ = 484kNm 

We have checked the cantilever moments; we must now check the moments in the back-span. 


Designing the cantilever back-span beam 


Free body diagram (as shown in Figure 3.46) to give largest positive moment on interior span (100% snow 
on the interior span and 50% snow on the drop in span: 


GREATEST POSITIVE MOMENT INTERIOR SPAN 


2725 76 6 Be 736 7 
s f 36 734 
N32KN 4 \" Te KN KN KN ey ke 
K aie. se ls | 
tam 


WA" 736 KN2m © 36.8 KW 
MAS 36 8KNim MRP - 132KNa2m * G62KNim - 264KNIm # 986KNIm 


Figure 3.46, Greatest positive moment interior span 


ntams = 93 


ost attempt, check the W460x74 we have chosen from the cantilever moment: 


Asa firs = 512kNm at Ly = 2.0m (OK > 398kNm), The 2m unbraced length represents the spacing between 


M 
the see body diagram (as shown in Figure 3.47) under 100% snow om drop-in beam and 50% snow on 
interior span: 
LEAST positive MOMENT INTERIOR: SPAN 
in rt if 927 2 


We = 527 KNm = 26.4 KNim 
M = 20.4x12"- 366 KN = 475 Kim 368 Kod = (07 KXom 
- 184KN2m 


Figure 3.47. Least positive moment interior span 


Resulting values of moment at column and middle of interior span is shown in Table 3.13. 
es 


3.13. Moment at column and middle of interior span 


Cantilever Span Moment Middle of 
Moment at Column | Interior Span 


son asaan/m) ce 


Note that under all circumstances we haye positive moment on the interior span and the bottom flange is 
in tension over at least some of the length. It would be undesirable to have the negative moment go from 
one side of the beam to the other with the bottom flange in compression throughout its length. 

The resulting moment envelopes can be plotted as shown in Figure 3.48. 


Tabi 


snow Exterior Span 


100% (36.8kN/m) 


100% (36.8kN/m) 


368KNm 


264KNm fex 


‘ 
aS ~ 100% SNOW é 
x / EVERYWHERE a 3 


ae) spi 


‘ 1 a 
294KNm WA 
7 


a - 1 a“ 


U 
100% SNOW INTERIOR 398KNm 
50% SNOW EXTERIOR 


Figure 3.48. Moment envelopes 


There is a considerable range of the location of the inflection point and it is very important to note that an 
inflection point is not a point of lateral restraint unless both flanges are supported at that point. 
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For a Class | or 2 beam, we would get: 
age ln,ars{22) 1 
N= OMS Po N k Z| he 


We must also check if M, is greater than 0.67*M, in which case: 


0.28Mp 
M 


g 


M,<1.156Mo{1- som 


Continuing our example, calculate C, for uniform snow load (100% snow all spans); 


2(M,\ 8 Mowe 2 =e) 8 294 
«39-—|—1) - -——™- = 3 0-~ | —— )- -————__-3- 
G28 ata 3(M,+M,) : 3\-368) 3 (-368 - 368) 30.67 +1.065 = 3,399 


Repeating this for the other two loadings that result from the snow pattern loading we Bet the regu 
shown in Table 3.14. ts 


Table 3.14. Snow pattern loading results 


CASE Mi / Ca 


100% snow everywhere 368kNm 1O8kNm 
100% - SO% - 100% 368kNm 13SKNm 


For a trial section we will now go to the beam selection tables (blue pages) of the C/SC Handbook and 
find a W460 beam that has an M,’ of 135kNm at L, = 12m. 


This is satisfied by a W460x89: 
m 
M, = aMu=09 —— 
= aMu=oe tf 


* 2 
M, =o9e222*2, 2002093108 +77 +9070 + * a) *20.9.c10° *1040x10" 
12000 12000 


M_ =64)x10* * ¥29,19x10"° +5.95x10" =380kNm OK —(>368kNin) 


The resulting design is shown in Figure 3.49, 
Requires joist bottom chord extensions and full height stiffener at all column locations (Typical) 
ety 


— me 
fae er ay 


5 


Figure 349. Resulting design 


The design would require checks of deflection and some checks on wind uplift to finish. In this case the 
negative moment and the larger K*L, for the cantilever governed the size of the cantilever portion of the 
beam and the beam itself was governed by back-span slenderness considerations. A more efficient desiga 
might be achieved by adding bottom chord extensions at the cantilever tip and midspan of the interior to 


lower the unsupported length at the cantilever and the back-span. Reducing the 12m span should also be 
considered. 


average 


if we WE 


Mr* 


iris impo 


and patterned 


am snite 
in the fabricat 


«tere = 16m * B9kg/ m+ 8m* 54 
; f girders = —— "8 + om" hig im 
e weight of 8 Am =-Tgim 


re using 4 simple span system we would have: 


nant when us! 


2 
36,840 /7m * 10m)" = 662kNm, requiring a W610x82 beam 
= tem therefore saves an ave: 


8 


ffeners at column locations, these should be called up on t 
1 


or’s base price. 


ing the Gerber framing system for beam desi 
loading be evaluated. If the design relies on Suppor 


he drawings such 


to satisfy. The 
rage of 82ke/m 


gn that the various 
ts from bottom cl 


Gerber framing sys- 
~Thky/m = Skg/m, 


lability conditions 
hord extensions and 
that they are included 


ae 


STEEL BEAMS 


considered the steel frame as if it were acting alone. The concret 

m was just considered as dead load from the standpoint of the ae is an 
In this chapter, We will consider the concrete slab as acting asa compression flange for the beams ee 
we manage to connect the two together in a way that invokes this behaviour. This can be an iva ded 
the design, as it may permit the use of smaller beams, but it does involve extra design and cons ed in 
steps that makes the system more suited to beams or girders with high live loads. ion 


Composite beams require three components: 
1) asteel beam, 


2) aconcrete slab, and 
3) mechanical connections between the slab and the steel beam. 


Up to this point we have 
essential part of the floor syste 


The connector must directly engage the concrete to transfer shear between the concrete slab and the steel] 
beam. A typical connector satisfying these requirements would be a Nelson stud welded to the beam after 
the deck has been placed. Systems where concrete on metal deck is attached to the steel beam onj 
deck puddle welding are not considered to be composite beams for strength or deflection pup oseiieal 
are considered to be composite for vibration analysis. , 
Composite beams are typically designed to be constructed using unshored construction. The non- 
composite steel beam acting alone, therefore, must carry its self-weight, the weight of deck and wet 
concrete, and the live load due to construction activity. (WorkSafeBC requires the design live load due to 
construction activity to be taken as a minimum of 1.9kPa [40 psf]; see the discussion on steel deck design.) 


4.1 ADVANTAGES AND DISADVANTAGES 
OF COMPOSITE CONSTRUCTION 


= the cost of adding some shear connectors, a reduction in the cost of the weight of the steel beam can 
one Depending on the relative costs of the stud installation and the price of the steel beam, this 
possibly reduces the construction cost. In some cases—particularly those with a high live load relative to 


the dead load—it is possible to get a lower structural depth than would be possible with a non-composite 


system. 
It is important for the desi i 
gner also to know what the disadvantage: i i 
such ah 7 drawbacks can be minimized in the design ees of comps an 
. itio: _ . 
a = pe ire eee after the deck is installed, but prior to placement of reinforcing 
; ses i i 
sec vain eae an extra step in the field construction process, as well as 
‘or th i i ith Ii 
iis ache associated with live load due to walking activities, steel floor systems 
ager onde Rae procedures (see Chapter 3) act as though they were composite 
point. While this composite behaviour cannot be used for strength analysis, 
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it does reduce the vibration issues associ 
gmaller with a composite design, i pooh hye activi 
greater and the perception of vibration will be greater ie elerati 
more likely to have vibration problems than those nie loors 
. Additional costs are incurred in placing the shear =e pe ox — 

the increase in cost 


from placing the shear studs exceeds the savings fr: 
savings in the steel beam weight are just a sale “3 4 reduction in steel beam weight. The 


fabrication costs and erection costs will be similar for the saving and the detailing of the beam; 
other words, to put a 6m long W410x39 in place ins war = without studs. Ip 
x46 involves many of 


the same detailing, fabrication and erection activities f ; 
or 
x (46kg/m — 39kg/m) = 42kg of material per bea hat and reco, bat saves 
represents about 30% of the cost of the in-place beam, with terial cost of the beam only 
and detailing. other costs being fabrication, erection, 
. To provide sufficient concrete cover for the studs, the steel 
suitable for placement of studs. These decks will typically hora eraehE sane be is 
composite deck profiles, resulting in more weight to be carn volume than 
concrete costs. med by the structure and additional 


ty. As the steel beam size will be 
care due to walking loads will be 
ged using composite beams are 


Figure 4.1 shows two floor decks. 


Figure 4.1. Two floor decks. 
a) A floor system where the beams are composite with the slab. 
Note the addition of studs for composite action in both beams and girders. 
b) A floor deck that is not connected to the beams by studs 

Note that the deck in Figure 4.1a has narrower flutes and uses less concrete, as there is no requirement to 

provide cover to the Nelson stud. Before concrete placement, the reinforcing steel on the deck in Figure 

4.1a will need to be chaired so that the bars are closer to the centre of the slab and to provide concrete 

cover to all sides of the bars, which will help the fire rating as well as the ability of the bars to resist 
cracking in the slab. 

Figure 4.2 shows the resulting composite 

with a composite beam system and the other 


system. 


behaviour. Figure 4.3 shows two floor decks, one for use 
for use with beams that are not composite with the slab 


———— 


_ instead of the beam acting as q flexy, 


ite be aviour : ‘ Tal e 
Resulting © seat a element with the concrete acting as the compression eee, 
Figure dio be the tension ‘Men; 


Hi-Bonp 
Composite Fioor 


HB308 ») 
ZETS Gisvasoeta, 


Figure 43 Composite floor decks: 


5 ite beam system. For a 65mm toppj 

deck for use with composite m topping 

sheet Se a would take 0.099m3/m? of deck area and weigh 2 38kPa, 
on ‘with beams that are not composite with the slab system, Fo 


use wil T a 65; 
2 ate a deck, this would take 0.087m?/m? of deck area and weigh 2. Par 
0 * 


4.2 COMPOSITE STEEL ASPECTS FROM THE DESIGNER’S STANDPOjnt 


The following are general guidelines for the design of composite steel decks: 
+ Composite steel construction requires more design time and detailing effort than is required fy 
non-composite construction. : 

+ Installation of the Nelson studs should be inspected to verify that the correct size and spach 
have been achieved, and that the weld quality is adequate. This may be performed at the time of 
reinforcing inspection. 

* Spacing of Nelson studs, and other information necessary for construction, must be calculated 
and is additional information that must be placed on the drawings, increasing the work and costs 
for the consultant. : = 

* Given the span of the beam and its size, the beam shear that is used for connection design of non- 
composite beams can be quickly determined from tables in the CISC Handbook. The structural 
design notes will state that the fabricator is to refer to these tables when designing the beam 


connections. The composite beam carries a greater Jey ees 
and the shear for conn, & factored load than the nou: coe beam, 


ection design must be specified more directly. 
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GN PROCEDURES 


are procedures for the design of composite steel decks: 
k-slab thickness is determined based on deck procedures. 
1) hie span and spacing is selected fo match floor layout and deck conditions. 
gy rmine minimum beam size required to support all loads that occur prior to strength gain in the 
3) De te slab, including live load from construction activities and the wet weight of the concrete. 
aN that the composite section is sufficient for factored loads expected after the concrete slab 
4) ves bardened, including the live load from the use and occupancy of the floor and the self-weight 
of the concrete slab system. ae ' 
ify that the shear capacity of the section is sufficient; the beam web is assumed to carry the 
“abet shear for the composite section. The V, can be found from the beam resistance tables set 
pe the beam selection tables (blue pages) of the CISC Handbook and from first principles. 
6) Oreille the size and spacing of the shear studs necessary to provide the shear transfer for 


composite behaviour. : : : ; 
7) Review the behaviour of the composite section under specified loads, including the effect of 


concrete shrinkage. 


4g 06S! 


The following 


the design of composite steel floors using wide-flange beams for buildings are as follows. 
uidelines refer to beams with negligible axial load. ; | 

These 8 ilar to regular beam design, the wide-flange beams in the system are designed using 350W steel. 

A peace steel manuals are available with composite beam tables using 300W steel, users should make 
“hae sk tables they are using are appropriate for 350W steel. 
-* WorkSafeBC interprets the beam as being part of the concrete falsework and requires the beam capac- 
ity to be sufficient to support a factored load as follows: 

1) 1.25 times the weight of beam and deck supported, plus ; 

2) 1.5 times the weight of the concrete supported (concrete assumed to be live load), plus 

3) 1.5 times the live load of construction activity taken as 1.9kPa (40 psf). 


Guidelines for 


The greatest savings from using a composite beam are achieved in those instances where the live load on 
the composite system is high. There will be no savings if the composite beam system carnies a live load 
equal to the construction live load, as the non-composite beam must be designed for this load. For this 
reason composite beams are often used in bridge construction where the live load can be as high as 12kPa. 

The properties of the composite beam can be determined by hand, by computer program, or by refer- 
ence to tables such as those listed in the CISC Handbook. 

When computing properties by hand, the effect of the reduced Young’s modulus for concrete must be 
taken into account. The modular ratio is the ratio of Young’s modulus of the steel to Young’s modulus of 
the concrete and, while this modular ratio varies depending on the strength of concrete, it will typically 
be around 8 or 9 for typical strengths of concrete used. 


E,,, _ 200000MPa 


oie _ 200000 _ 54 
Emre 4500VF'c  4500V25° 


The effective slab width for composite design is half the distance to the adjacent beams or the span of the 
beam divided by 4, whichever is less. 

Capacity of the shear studs is given in the Nelson Stud catalogue or in Table 5-3 or 5-4 of the CISC 
Handbook. (Note that Table 5-2 is for solid slabs or slabs with ribs parallel to the beam, which would 
only be appropriate for a girder.) Use imperial-sized Nelson studs, as these are more readily available. In 
interpreting Table 5-3, normal weight concrete is 2300kg/m>. The 1850kg/m: is lightweight concrete and 
is seldom used due to its limited availability (aggregates must be ordered specially), increased costs and 
difficulty in workability. Use of 25MPa concrete for composite construction is common, Wy = average 
width of deck flute; refer to the deck catalogue. It may be necessary to specify a deck that has a profile 


— 
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from Table 5-3. jy; 
f shear studs. As can be seen rit is neg, 
that will suit the spay ‘ax the height of the deck. For 75mm deck, we CSSary tg have, 


Would 

t F ; the 

width of — rs ut ite table also assumes that the nominal ultimate strength of Pt Peg 

ay alley wh oO 7 : 
If There 


,, tures may utilize 415 

agth is common today, older struc , MPa st 
as bee rar shear capacity of the stud ts as shown in Table 4 }_ 7" 
properties are Salisiics', 


Table 4.1. Factored resistance of shear studs 


Factored Resistance of Shear Studs 2 5-3 


Ribs Perpendicular to Beam 
ya* (19 mm) Diameter Studs al a a 


75 mm or x mm-Deep Steel Deck ’ 
Ks) Q, (KN) 
PCOS, Psos Factored shear resstance of sit 
One Sus c v vd 
BO Kf Yen 2200 kg) fe Ye 1850 kel?) 
ooarce 


Da {Lange 


Nom | bat 
‘ ~- nel MPs Oy MPs DMP a| 


emo mst 


Stud shear capacity assuming one stud per nib (n = 1) and 65mm cover from the stud to the edge of the 
Slab gives a factored resistance of S7kN / stud. For 75mm deck, it is also assumed that the Studs are placed 
off-centre in the flutes toward the nearer Support. 

Note that Table 5-3 assumes that the beam is running perpendicular to the deck flutes. This is the 
typical case for repetitive floor beams, but not the case for girders picking up repetitive elements, lf we 
were using @ girder where the shear js parallel to the deck flutes, then we would use Table 5-2 in the CISC 
Handbook 


EXAMPLE— DESIGN OF SIMPLE SPAN COMPOSITE BEAM 
Design a steel beam located in a hotel lobby floor using both non-composite and composite beam proce- 


dures. Beam span is 8.75m and the tributary width is 3.0m. The steel deck is 75mm deep with a 65mm 
thick topping. 


First, examine as a non-composite beam: 
DETERMINE LOADING ON AREA BASIS 


Load Type Service Load Factor ‘TFactored 
| Assembly Live load 48 1s 


, Partition load / finishes 10 
| Stee! Deck 01 
65 topping on 75 deck 

W410 beam at 2750 o/c 


Factored beam load 


= Factored area toad 
= 1L.6kN/m? *3.Om = 34.8kN/m 


ing * Tributary width 


Factored beam moment = WL _ 348kN im *(8.75m)? 
go = 3334Ni 
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WL 343kN/m*8.75m 
Factored beam tS 


= / 20 = 438. Say, W460. 
span = 8750 


w460x52. M, = 338kNm with top flange fully supported, 
Try 


flection under service live load 
S*W,*L' 5*(4.8KPa*3.0m)*8.754 *1000 
Li deflection = 4 = 3e0y Fey ~ 384*200°212 
go: Require I= (212x10-m* ) x (360/337) = 226x10-Sm4 
w460x60 with moment of inertia of 255x10“m4, 


Compute de 


= 25.9mm = 1/337 


No 


Use 
Strength and deflection criteria are satisfied by W460x60 as a Don-composite beam. 


examine as a composite beam: 


second, joading goes up as the concrete weight on the deck increases. 


The floor area 


is DETERMINE POST-COMPOSITE LOADING ON AREA BASIS: 


Assembly Live load 
partition load / finishes 
Steel Deck 


65 topping on 75 deck 
W410 beam at 2750 o/c 


Factored beam load = Factored area loading * Tributary width = 
= 11.9kN/m? *3.0m = 35.7kN/m 


2 2 
Factored beam moment = WL _ 35-TKN 1 m* (8.75m)* = 342kNm 


8 8 
The first step to examining as a composite beam is to determine the minimum size of beam necessary to 
support the weight of the wet concrete without shoring. If we use the WCB criteria Of treating the wet 
concrete as a live load with a load factor of 1.5 with the requirement of a 1.9kPa live load with a load 
factor of 15, we would have the following loading criteria on the beam acting as a form. 


DETERMINE PRE-COMPOSITE LOADING ON AREA BASIS: 


Load Type 
Construction Live load 

Steel Deck 

65 topping on 75 deck 

W4ID beam at 2750 o/c 


L 


Factored beam load = Factored area loading * Tributary width 
= 6.9kKN/m? *3,0m = 20.7kN/m 


. ee I 
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" 2 
Factored beam moment = We . 20:TKN | mm *(8.75 my = 198kNm 
8 


Try W410 139. M, = 227KNm 


j has reduced from 333kNm to 198kN, 
.d moment the beam is to be designed for! < ) 1 ~ a reduc 
i emme Jeast weight of beam that will satisfy this moment is a W410x39 with an M, of 227kNm ye 
therefore have the possibility of saving 60 ~39 = 21kg/m at the expense of adding shear studs if = 


we 
make this system work cH 
Compute deflection under the weight of wet concrete: 


Pi I be el I i. 
3B4%E*] 384 * 200 *126 
Many designers will choose to camber this beam by 20mm such that the soffit of the beam wil] be he 
afler concrete placement and so that additional concrete 1s not required to be added to make the floor 
Jt is common also to include any dead load applied prior to the concrete curing into the camber calctlation, 
The camber requirements must be shown on tender drawings. Zi 


Check the shear capacity of the proposed beam: 


As the beam web is designed to carry the entire shear regardless of the beam being on-composite or 
composite, we must check the shear capacity of the beam proposed to be the composite beam, Our 
posed W410x39 has a shear capacity of 480kN, exceeding the requirement of 152kN determined for the 
composite beam. 

Examine the composite properties: 


Our effective slab width is given by S16 Clause 17.4.1 as the lesser of the centre-to-centre spacing of the 
beams and the beam span divided by 4. Our effective slab width is therefore the lesser of: 


Centre-to-centre of beams = 3000mm 

Beam span / 4 = 8750/4 =2190mm 
Referring to the table in the CISC Handbook (reproduced, in part, in Table 4.2), we see that for a 75mm 
deck on 65mm slab, with 2000mm effective slab width, the factored moment resistance, M,., in the final 


condition is 380kNm, provided we have a minimum of 40% shear connection, 


Table 4.2. Portion of composite beams trial selection table 


640.21 350W wth 4 COMPOSITE BEAMS 
ASTM A992 t Trial Selection Table 
ah 50 75 mm Deck with 65 mm Siab 
e ‘a de $= 0.90, 9, = 0.65 
Stee! b My (HN om ? Aenpemrcete 
*) trimer | OR BN gue Lnbreced, Sondition 
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rmining the shear stud connection requirements 
ete 


4 shear connection the studs must develop the lesser of: 
For fo 
the tension capacity of the beam: #A,F, , and 


The compression capacity of the concrete: a, ¢ b,t ft 


: i the composite : 
dered to be composite and use posite properties, we 
Jo bea ict imum of 40% of the full shear connection when using comp 3 by oe 179410 


ion when using the composite f ? : 
f the shear connection w . ‘ posite properties for deflection. This fi 
and OS aie the end of the beam and its point of maximum moment (typically sidiieds sal a 


I our case 6A,F, = 0.9 * 4990 x 10m? * 350,000kN/m2 = ISTZKN ¢ 

Do Governs 

and 0,9.04.£. = (0.85 — 0.0015(25)) * (0.65) * 2.190m * 0.065m * 25 000kNim? = 1870N 
we are connecting for 40% of this, so require a shear connection for 0.4 * 1572kN = 629kN 


75mm deck with 19mm diameter x 115mm shear studs with a minimum edge distance of 65mm with 
For = 24 and 25MPa concrete, we get a factored shear resistance of S7kN/stud (see Table 5-3, shown 


in Table 4.1)- 


Number of studs required each end of beam = 629kN / 57kN/stud = 11.03 studs, Say 11. 
Approximate spacing = (8.75m)/(2* 11 +1)=038m 


We would require a minimum of 22 studs to save 8.75m x (59 Skg/m— 39 2kg/m) = 178kg. To a 
if this is am economic solution, take the cost savings for the steel weight and divide by the number of 
studs required, determining the maximum cost per stud to make composite design economic. The steel 
cost should be taken as being the change in material only, as costs for detailing, fabrication and erection 
of the beam will be essentially unchanged. 


At $1/kg for change in steel weight = 178kg *$1/kg = $178 savings for this beam 


However, this is partly offset by the extra concrete volume that is required for the wider deck flutes to 
surround the Nelson studs at say $150/m’. 


Extra concrete = 8.75m x 3m x (0,099m3/m? — 0,087m?/m2) x $150/m3 = +$47 


Net saving = $178 - $47 = $131 / beam 

/ith 22 studs, the saving is $131 / 22 studs = $5.95 / stud. As stud prices are often quoted at about 
$5 each, this would appear to be 4 reasonable, but not compelling, economic solution. An extra step 
in the construction process is required to install the studs after the deck is placed, but before the 
reinforcing steel is placed. The price of the studs will increase if there are only a small number of 
studs to be welded. 


4.4 DEFLECTIONS UNDER COMPOSITE ACTION 


Calculating the deflection of a composite beam is considerably more complex and involved than for that 
of 4 non-composite beam. $16 requires explicitly that the designer account for the effects of Leber 
flexibility arising from interfacial slip between the two materials, as well as creep and shrinkage ie 


Ws yma STRRL pon CANADIAN PUL DINGS 
1 kt 


While all of these influences may be determined through tests or analysis, Sig PIOVides 
concrete. ¥ ny 


and direct approach 18 hes 
The effect of slip betw 
ite stiffness a come 
1] (100%) composite acon. 
sacl beam deflection, S16 prov 
S 
of inertia, 1,, of the composite beam 


cen the steel and concrete components of a composite beaut 
tive estimate of the stiffness of the member, Even when « hat the co, 
here is a possibility of a small degree of interfacial slip that Sesigng 


ides the following equation for estimating the effective 


= 1,4 085P"(1,-1,) 


ia of the steel section, p is the fraction of shear connection L 
esha shal aortcha ec moment of inertia of the composite bean ee hi 443 
shear connection ihe composite stiffness is attributed to the transformed inertia, but the effective 4 p 
increases, more 0! full transformed value. To account for concrete creep, S16 requires that any 
- er soak van of long-term live loads, calculated using the effective moment of inertia, I, singly 
that inc 
be ger ehchik fully locked into the beam, shrinkage tends to impose curvature to the (up, shore) 
composite member, pulling the centre of the beam downward and eae pen | (While the effec 
{ concrete shrinkage is checked during the design of composite beams, this effect is NOt considered for 
of cc site beams as it is mitigated considerably by slip between the two materials.) Information 
potent pti in composite beams can be found in Annex Hof S16, fos forms the basis Of the 
method in the Standard, The centreline shrinkage deflection, A,, is calculated as; 


Lo ogAy 
Pe ie HE 
B a nl, 


where Lis the composite beam span, A, is the effective area of concrete slab (when corrugated steel deck 
is used, taken as the concrete above the flutes if the ribs are perpendicular to the span and the full con- 
crete area if the ribs are parallel to the span), y is the distance between the centroids of the effective area 
of concrete slab and the (transformed) composite beam. The effective moment of inertia for determining 
shrinkage deflection, },,, is analogous to I,, except that the modular ratio, n,, uses the age-adjusted modu- 
lus of elasticity of concrete, E',, when determining the transformed moment of inertia for shrinkage, Ty, 
The age-adjusted modulus of elasticity of concrete is: d 

‘The remaining variables may be determined for specific design cases, but suggested values are also 
provided in Annex H. The free shrinkage strain of concrete, ¢¢, may be taken as 583x10°, and the aging 
and creep coefficients of concrete, c and f, may be taken as 0,73 and 2.7, respectively. The parameter ¢ 
is an empirical coefficient to account for concrete cracking, the non-linear stress~strain telationship of 
concrete, and other factors not captured by this simple method, and in the absence of project-specific 
research or more accurate data may be taken as 0.5. 

While S16 permits the reduction of calculated deflections based on an assessment of the partial end 
fixity due to the continuous nature—even with simple connections—of composite construction, this effect 
1s normally neglected unless deflections become a significant design issue. 

The composite beam designed in the example in Section 4.3 is now assessed for deflections, 

First, determine the deflection arising from interfacial slip and creep: 

For serviceability limit states, unfactored live loads are normally used. In this case, one-half of the 


assembly live load will be taken as short term and the remainder as long term live load. This distinction 
affects the creep deflection calculation, 


Unfactored live load = Unfactored area loading * Tributary width = 
= 4.8kN/m? * 3.0m = 14,4kN/m 


The values of I, and {, are conveniently found in the section data tables and ; 
; i : the $ 
respectively, in the CISC Handbook, composite beams tables, 
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p02 ([,—1,) = 127 +0.85(0.4)* (486 — 127) = 370210 mae 


p21,085 

. 4 _5#(7.241.15%7.2)°8.75*1000 _ go 

FOE lam ed 
aad 


determine the deflection arising from concrete shrinkage: 
J, dete 


Sec as use of the values recommended in Annex H for c, ¢,c, and f, the determination of the shrink- 


‘on is relatively simple. Moreover, the value of I,,, using the recommended values for c and f, 
etn the composite beam tables in the CISC Handbook, 
u 


E , 200000 . __ 0000 —___ 
n= = qsoonfe 4500V25/ (1 + (0.73*2.7) 


= 26. 


9 85p°% (1,1) = 127 + 0.85(0.4) (367 ~ 127) = 289110 mm! 
1,211 0S 
4 = 65mm « 21900 = 142x10° mm? 


istance from the bottom of the steel section to the neutral axis of the composite section. 


et be the 4 perties of the W410x39 section from the C/SC Handbook: 


Taking the Pro 
on eae #65 (399-+75+ 9) 

sAy TMBIOA = 263mm < d= 399n 
Pe 


= 2190 #65 
IA Reeth ore 


65 
—-243mm 
=, y 2399 + 75+ 2 


0%» 142410? # 243 
2g Aye 81S" ip seen nee eee oe 
Beene OS 264 8 2R0n08 


; ions for composite beams need to be interpreted carefully, Camber is most often appro- 
DT oat re dead Toad applied prior to the concrete curing (including the concrete itself). 
pete small amounts of camber should be avoided due to the limited benefit in relationship 
an sated cost, especially given that beams are typically erected with any natural camber in the 
ne deed Live load deflections during construction are rarely an issue, but those of the compos- 
epi ik the building is in service must meet the serviceability limit state requirements. Because 
vg eae deflections of the composite beam include dead load applied after the slab has cured, long 
~ a ; ad, and the effects of creep and shrinkage, it is good practice to evaluate this overall (quasi- 
ike ) deflection to ensure that the composite member is not excessively flexible, thereby inhibiting 
i peel Assuming the beam is cambered for the non-composite permanent loading, using the 
paste for A under the long term live load plus the dead load of the partitions/finishes, and then adding 
re gives a long term deflection of 22.3mm (1/392), which should be acceptable for most occupancies. 


CHAPTER 5 
AXIALLY LOADED MEMBERS 


This chapter covers the background of axially loaded members, These can be members in tens 
compression. Members that are in compression will have their axial Joad CAPACILY reduced 4 9 oF ig 
as the unsupported length increases. This chapter describes the associated Provisions in S16, "aMatically 


5.1 TENSION MEMBERS 


The simplest type of member with axial oad is the tension m 
or tearing of the member, We are not concemed with stability. 
Tension members are covered in $16 
Sion resistance is the least of: 
* Gross Section Requirement: T, = OA,Fy 
* Block Shear Requirement: T, = Determ 


ined by block shear equations of Clause 13.1] 
* Net Section Requirement: T, = DyAneF 


— Figure 5.1. Stress distribution 
2] Bolt Holes in tension member assumed for 
design 
e—] 
Resistance Resistance 
T= GAR, 


T=OA,F, 


Ane =A, when there is uniform stress, 
Ane = 0.60A, to 0.90A,, at bolted end conditions de; 
of holes, The MOSt restrictive js 0.6A 


Pending on the Shape of the section and the number 
bolts ina longitudinal row. 


in Which is for angles connected by only one Jeg with Jess than four 


er steel after strain hardening has taken place. For 


We Use F— the uit; 
300W " »~the ultimate 
oq, This variation is shown in Figure $.2. re ae, “taken as 
soMPa. 
45 Fusasq 
(40.21) 
pour tf 
Fy=300 oR 
350MPa 
{G40.21) 


Figure 5.2. Idealized stress-strain curve for typical steel showing strain hardening 


k shear equations of Clause 13.11 take account of the efficiency of the end Conditions and account 
The kt les which is an important issue to be accounted for at Connections. (We will cover shear lag 
for shear /88, 


tensively when we discuss connection design in Chapter 10.) 
more €X 


E—TENSION CAPACITY OF A BRACE WITH A HOLE 

EXAMPL! sists wind load and seismic loads in a “conventional Construction” frame is formed from 
A brace that oy angles that are bolted together at intervals. Determine the factored tensile resistance Tr 
two L76x51x\ ma angles are G40.21 and have a yield Fy = 350MPa, There is a 22mm diameter hole 
for this pay er edge of each angle for spacer-plate connections, (A 22mm hole would be appropriate 
through the sat Ignore the connection design and related block Shear and shear lag issues at this stage 
1 catenin gross section requirement and net sectiod — 
an 


sf 
76x51x6.4 angle ——_ rs 7635136.4mm angle 


yo 
22mm diameter hole —~ 


! : . . . . os hok . 
a pee gross and net sections and determine whlch is going to Bove. Med bes a = = = ay 
the middle of the member and the stress both “upstream and — aye alee 
The net section therefore does not need to be reduced in the same way req 
end of the member (A,. = A,). 


= Ff — es uu 
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Check tension resistance in the RNOSS section Using the an 
Handbook the normal © of 09 and the yield strege * le pro 


Tension on gross section: T= DAF, =0.9*2 47 


Check the net section tension resistance Ction ar 
Tesistance factor, 0, of 0.75, used to reflect that when us; ce 
less reserve strength to Protect us against failures. 


66 x 10-42) 
¢ using the net sect . 
: *ie yy ti 
8 net S€ction ie ~ Strege 
fe 
The hole in each of the two an 


gles removes 6.4mm X 22mm = 
eter if holes are punched, 


14Imme (Use » 
Net section resistance: T=O,A,F,=0,75 * 24*(766 1 4 i 
T,=422kN Dane 50,000 na ¥ 


It hole and t 
he brace ; 
Is limite 
lg 


In this case the ca 


pacity is povemed by the net Section at 
er Nn at the 


5.2. SUMMARY OF TENSION M 


The design of tension mem 
g£overning loads are, 


EMBER DESIGN 
bers is summarized in Table 5.] » Which gives an indicatj 
ion 


of what the Uy 


9N Of tension Members 
At end connection 
of member 


Gross Section Typically 90verns for 
T=OA,F, Mild stee 


eyed May govern for high F, 
COALS (Shear lag effects do 
not apply) 


Necessary to check 
this condition including 
effects of shear lag, 


Does not apply 


Will need to do checks 
85 this will Usually goy- 
ern, Capacity, 


5.3 = 
ae CONNECTED TENSION MEMBERS 

USO has spec} ! requ 
july fea bez ‘Wirements for tension elements that i 
OF the greater disrupt ‘Bure 5.3, hich have T. . 0 1 Ten 7" factor conte ) cont 
Ibution of ; TCs around his h ice st nee te tr 
Connected me, bers, mp 


t 


i 1: CO tam 


Figure 53. Typicat Pin-connected member 


ESISTANCE OF MEMBERS WITH AXIAL COMPRESSION 
R 
5.4 


ion is present most often in columns and can occur with or without moments being present. 
Aaa on with members that do not have moment Present, 
tart pate for axial compression are given in S16 Clause 133.1. The requirements for Class 
at 
as follows: 


Axial col 
We will 8 
The design equ 
1,2, 3 sections are 


A ions: Structural Sections (which should not 
; ith two exceptions: (1) for Class H Hollow tructural 
The value of “fi m5, = go due to difficulties in obtaining the material in a timely Manner); and Q) for 
be used in bul < ah of plates with flame-cut edges (which are not used as axial elements except in tall 
WWF a or possibly in some unusual industrial structures). Ps ; 
steel structure 1.34 for the majority of cases in building construction in Our area we find: 
Taking 1 = 1. 


1 
C,=0AF (+A) = 9AR (1+ Psy 


formula above for A does not apply to sections that are: 
The fo 


“lass 4 (except with severe restrictions) 
)) ba ze plies sections (¢.g., tees, channels) : 
5 pened: (e.g., angles — see discussion later in this chapter) 
3) As’ 8 
iform sections ; 
"| pir that do not have a uniform cross-section throughout their length 


i ited KLir 
MPa stee! A will vary from 0 at no unsupported length to 2.66 Stein bere sr 
For “ 200. While most engineers think in terms of KL/r ratios, cue Sigh aban. 
boat relationship between the Euler Buckling stress F, and the yield stress F, 
gives 


as follows: 


F 
inf | 
: i i of the column, taking 
ti 
formulas provided for axial capacity use A to compute i a igi mon ee 
sou ithe nails Cae ae ny se) factors means that we do not just 
c if experimental test data. Accoul eri tte neta 
esp r : m Hight * theoretical buckling but reduce from that stress to ge 
use the force 
ivi alue of C/A 
a i tion often as there are tables giving the v jue B 
Fortunately we do not have to work out this rhe is aes CANIS Bite tnen 
i ff the CISC Handbook. ’ Lekie! 
ious strengths of steel in Part 4 o t Soi, ; 
ene is aa in the column capacity tables (green pages) 
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Through modification of the classical equation tor the buckhng ofa column y . 
sistance of a column, an 
son to the code-permutted axial resistance of a cofume Mies 
a'EI on 
Start out with the classical equation for buckling: C= (RD 
Substitute F = 200000MPa 


I u - 2 . s 
Transform r= fi tor= ri and then tol =A* r2 and Substitute in the €quatio 


R force 
r * 200000 *(4 *r') transform and get C. Bedi 
TTT, AKL 
: 


s 
: and to provide Nitin. 
| ! limits the Maximum Slendemes i 
to 200 for an element in compression. The CA values are &lven in tabular form in Table 44 of th a 
Handbook for various F, values at various KL/r values between 0 and 200. *Cise 
Factored axial resistance of G40.21 350W Steel 
{n=1.34) 
400 
Yiel 350 MP. 
ee ‘ eld po nt 350 MPa 
& 
= 
< 
3 
uv 
5 
$ 
o 
Figure54, Axial resistance of 350W Steel 
EXAMPLE—Capacity OF PIN-CONNECTED COLUMN 
Determine the axial resistance C, fora Pin-connected (K = 1.0) W200x59 3s0w column with an unsup- 
Ported length of 5.0m; there are nO Moments present, 
Solution 4: 
The easiest i 
areas Solution to this Problem is to look in the column capacity tables (preen Pages) of the CISC 
on and find that for a W200x59 cotumn with a KL of 5000mm the C, is 1O60kN 
beam Selection tables (blue Pages) of the C7 3 
design, the column ¢ 


their calculations.) 


id stress of 345 MPa in 
Solution 2: 
The second fastest solution is to di 
; termine the mini 
tables in Part 6 using the propentie 8 ale ot 


AXIALLY Loangy MEMMERS 11] 
1.0*5000mm / 52.Lmm = 95.7 say 96 (te the minimum 
ae 


RY C/A= 141MPa 


table 
ae 1,000kN/m? * 7530 x 10m? = 1062kN 
cs 14 ’ 
Cc s 


Value of r uyeq) 


ion 3: : pane ; 
solute olutio in is to work out the equations given in the Standard: 
The 


1.0*5m ___S90MPa 1.2804 
1S = 508m Va" * 200000MPa 
; 
i 
day 
a =eAF (1+ A") 7 
+ 7530 x 10-m? * 350,000 kN/m? * (141 2804268) 7 
c,209 


TKN * (2.940) 97 = 2372KN * (0.4472) = 1061kN 
C; =2. 


OVER-T RATIOS FOR SQUARE AND RECTANGULAR HSS SECTIONS 
5.5 B- 


ine the section class of rectangular and square hollow structural sections (HSS), 

To eee (b/t) ratio. As the b/t ratio will frequently be 
mine their : have a common basis to evaluate the ratio. 
ss desirable 7 3.2(b) allows us to compute the b/t ratios for rectan 

C aa qutside dimension less four times the wall thickness, 
the “nomin less four times the wali thickness, is equal to the flat le 
dimension, : of HSS member was established in the 1973 Stetc 
of sat definition for the radius as shown in Figure 5 5. 
prov 


Wwe must deter- 
of interest when doing seismic design, it 


gular and square HSS sections using 
"The dimension of the nominal outside 
ngth of the side of the HSS. The radius 
© Manual on HSS connections, which 


— = R, = outer comer radtus 
at “2 


== R, = inner comer radius 
t t =f 


Figure 5.5. Definition for the radius 
Source: Stelco 1973 manual on HSS Connections 


: f + 

Packer and Henderson Hollow Str uctural Section Connection and Trusses (1973) further amplify this as 
aCKET a 

follows: 


i ¢ wall 
The outside radius of rectangular HSS comers is hie nna oe 
thickness for design considerations and for the calculation : : hess si ieas 
‘omer radii may vary from this within the CAN/CSA- aerate 
ak 13. The actual outside comer radius can become a pais pees 
details of joint preparation for welding procedures are being deve 


is identi hown in Part 6 of the 
Note that Table 1.3 as referenced by Packer and Henderson is identical to that sho 
(Note that Ta ; : 
: i i loys the definition of 
a eerie b/t ratios for rectangular HSS sections (in pivainer ch Aiea 
" aes ey bein g twice the wall thickness. Table 5.2 nee bra ie aa 
outer come: : 
iti dius being twice ! ae 
he definition of comer ra 5 pie p eres 
AGN eee sn the actual wail thickness rather than the ro 
calling up the section on drawings. 
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Table 5.1. b-over-t ratios for rectangular HSS sections (G40.21) 
bis taken as outside dimension minus 4 times wail thickness 
pe ee Outside Dimension of the HSS ----.......,. 


tite 
‘Sea, 
io 


Class = J < a = 22.45 
VF 


Class 3a? Su = 35.81 
oe 


Class 4 = Assumes F, = 350MPa and not ASTM A500 sections) 


Table 5.2, b-over- 


t ratios for round HSS sections (G40.21) 
Wall thickness / outside diameter 


Q?nonaeeosnumecceneccessucnca,| 


Bending only: 


Class1= 2 . 13000 =37) 
tisk 


Class 222 , 18000 = 51,42 
hae 


b 
Class 3 = — 
t 


<= 188.5 


Class 4 (Assumes Fy=350 MPa and not ASTM Sections) 
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Tables 5.1 and Table 5,2 is that there are some Class 3 
- aan and rectangular Sections with the thi oe 
wht ‘ oF ae 4 from S16 Table 1. Which gives th 
SP nits are de 
jim! 


4 bending sections 
nNer Walls, For ay: 4 , 
© following limits: poh "Yi the sec. 
b, 670 , 
tl = 35.8 for F=3 . 2 23000 
ectangular: jo Ir. r \ a 50 Round: “s 


Pp = 95.7 for ¢ 3 
square and R 5 ow 


ailable round HSS sections meet Table 1 requi Ne 
2 a tablet oat . bier aon Calculation can be done (lar 
. ae pot mee! SS to the point w ere it mee € Table 1 requi fr 
seca size eg 13.3.5. The inertia used in the calculation fiat = Shown in figure $6 
theor” use Ae W 


inertia of the 305,305 
i ip eduction to Ac. 
prio oF 
(Se ——_ Figure 54, 
| i Calculation o A. 
_|-—4 m : we, Sor HSS not meeting 
as || Zpemanamcrammceeieeey | Sap Lid Table I requirements 

F Max permated » O70 

I roa w 0278 84 | 

| 

|| = =a 

in ———$—$$—S, 


ar 


\AL RESISTANCE OF SINGLE ANGLE BRACES 
5.6 AX 


le brace is usually not considered as being covered under the conventional compression 
3 gle 
The single an 


resistance formula: 


C =a AF (1+A™) * 


eae reasons: z . Ang ual); 
This is for three reas mumetric (singly-symmetric if the legs are equal); 
1) the ice 1s pede are usually loaded eccentrically, typically by bolts or welds to one leg; and 
2) single ae sce has a principal axis that is not parallel to either of the legs of the angle, as shown 
3) the angle 
in Figure Stirs 


Figure 5.7. 
L102x102x6.4 showing 
traditional axes (left) and 
principal axes (right) 


x 
Geometric Axis Principal Axis 


; i i le braces which depends in part 
516-09 has brought in a special clause on the axial capacity of ae i thos seoriasins and CS 
on their end connection. The new formulas work by determi ining S16 Clause 13.33 we can find the 
account of the loading conditions at the end of the apap bs tacos a kcal aa 
axial resistance of an angle brace with no transverse loads connected 
only one leg loaded (such as in Figure 5.8). 
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Figure 5.8 

i + Angi, 
with no transverse 
'S Connected by ti hah _ 


EXAMPLE—COMPRESSION CAPACITY OF AN ANGLE BRACE 
Determine the axial capacity of a 2m long single angle 102x102x6.4 b 
to a gusset plate by 2 bolts (the same leg of the angle receives the b 
transverse loads). The angle is 300W G40.21. 

Using the procedure of Clause 13,3.3.2: 

Useful section properties: r, = 40.4mm, Area = 1260mm2 

Use formula (a) from $16 Clause 13.3.3.2 as Li, is less than 80. 


race that is con, 
nect 
olts On each end and 2 
Te are 
No 


KL L 2000 
—=72+0.75*—= r2+075| 22 =) 
r X 40.4 w 
We could use the formulas given in 13.3.3.2 but it is easier to realize these fo. 


standard formulation for CVA and standard 
tables ca 
Handbook and find using F, = 300 that C/A = 1 GM ee J saa os 


Tmulas are the 
80 to Table 4-4 of the he 


C,= 113,000kN/m? * 1260 x 104m? = 142kN 
Extending thi i 
tending this to multiple lengths we can produce the capacity graph shown in Fi 5 
‘igure 5.9, 


Axial Capacity of L102x102x6.4 


400 
350 +—__ 
aaa a--=Cr (try) 
§ 0} L’ 
z SH = olen) 


Unbraced Length (mm) 


Figure 5.9, i re fe, 

A » Single angle braces loaded by bolts in one |, +} 

fe: Clause 13332 does not apply to long braces or brace ba 5) 
y: 


ER 6 


6 
TA sTEEL JOISTS 
w 


cHaPl 


steel structures can be constructed using hollow structural section (HSS) trusses in 
elegant © Fimensional form as plane trusses or three-dimensional format as space trusses. Exposed HSS 
ither two" u ily an interaction between the architect with his or her requirements for aesthetics Se 

sees fe sua h his or her requirements for strength and stability. Throw in the added coach 
y challenges to finding a solution that satisfies all criteria. nt 


x osed 


5 TRUSS DESIGN 


y designers may consider the main task in designing HSS trusses to be determining the forces 
members, the real art is in sizing the members so that the connections will work without 

t the shop drawing stage. : ‘ 
| HSS members should be Class C. While Class H sections are listed in the CISC Handbook, these 

a A hard to source and it is difficult to determine in the field if the bigher-grade class of section 
sections fe "4. HSS sections should satisfy CAN/CSA-G40.20 in 350W and ths requirement should 
wt Pi ha structural drawings. The use of ASTM sections should be avoided in trusses designed 
te a si6 unless the wall thickness has been increased to take account of the manufacturing tolerances 
of the ASTM material. ; 

ASTM A500 specification permits the walls of HSS members to be up to 10% below the stated wall 
thickness, while G40.20 sections are only permitted to have wall thicknesses equal to or greater than the 
stated wall thickness. Reducing the wall thickness will have a significant impact on the ability of the sec- 
tion to resist connection forces, and ASTM A500 steel should only be accepted as a substitute for G40.20 
after a re-evaluation of the member strength and joint resistance using members that have a wall thickness 
equal to 90% of the stated wall thickness. ASTM A500 sections should be avoided for the following two 


6.1 HS 


while man 
and sizing the 
extra charges @ 


reasons: e = ; ‘ 
1) The thinner walls will have a significant impact on the capacity of the truss joints — information 


from Packer and Henderson is based on empirical testing using G40.21 steel. 

2) The axial capacity of similar-sized ASTM sections will be lower than the equivalent G40.21 
sections due to tolerance and lower yields. It may be desirable when producing drawings to give 
a table of acceptable ASTM alternatives that clearly shows that the wall thickness increases if 
ASTM material is to be used. 


The current edition of the C/SC Handbook should be used when designing HSS trusses and selecting 
member sizes as several sizes of HSS section are listed in the 7th edition of the CISC Handbook that are 
not listed in the 8th or 9th edition. Sourcing of sections not listed in the current handbook may be difficult 


and they should not be called up. 
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, structure will also influence th : 
The interaction between aesthetics and si ; Selection 
The architect may wish that a certain profile of tube be used (round, Square OF recian ey ng 
certainly desire a uniformity to the member sizes selected, Choosing Member sizes i ang wy 


exposed truss based solely on the strength requirements will seldom occur, “i 
All HSS members should be seal welded to prevent water Setting in that can 


4 j : . 
internal corrosion and splitting of the pipe during freezing weather. Even if the tube i toes With 
environment after the completion of the building, splitting during freezing Weather be in 


tion if water is able to get into the tube. This is shown in Figure 6.1 where an HSs column during ary 
an extenor stair has split from freezing water, Used tg 


Figure 6,1. a) Effect of water freezin 
Spilt the HSS and replacement with a 


2) The compression mem 
3) There are no abru 
4) The truss is nota Vierendeel truss, 


5) The truss is not bottom-chord bearing, 


6) The truss is not subject to fatigue loading. 
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When designin 


the firs & by hand or checking 


Compression diagonal hy 


5 TRUSS MEMBER SIZING FoR STRENGTH 
H ing of HSS trusses is performed using the following equations: 
1 


member SIZ 
T, My <1.0 for tension members 
7M, 


oe UM, <1.0 for compression members. (Note: no 0.85 factor, as HSS are not L-shaped) 
& a except where there is a large loading On the compression chord member between panel 

For most re factor can be conservatively estimated to be 1.0. ' 

points, the ‘might be possible to assume a K value less than unity for chord members, this is often 
while i the interests of reviewing the large number of members inherent in many HSS trusses, 

oy eer member is supported against buckling in any direction at the end nodes, the unsupported 

ecially 


sett for compression calculations will often be taken as the distance between node centrelines, When 
length Te 


hand it is usual to use the column capacity tables (green pages) of the CISC Handbook. 
sizing by han 


COMBINED AXIAL AND BENDING ON AN HSs MEMBER 
EXAMPLE— analysis of an HSS truss web member it is found that under factored dead and snow 
Following the parr: added the member has a tension of 210kN and a moment of 6kNm, while under 
load with wine 4 uplift the member has a compression load of 85kN and a moment of 3kNma. The length 
factored net win sre between the centreline of nodes is 3.5m. Determine the minimum size member 
“ te a hee Member is to be round and G40.21, 
rom as 


oe ae of carrying 85kN over 3.5m try 89 Diameter x 4.8mm, 
in 


From the table in Part 4, C, = 133kKN, M, = 10.7kNm, T, = 397kN 


Use L=3.5m Use K = 0.75KL=2,6m 


at E*E 2° *200*10°KN Im? *1,12x10% mi! 


: = 3201kN 
aT Ti (0.75* 3.5m) 

1 ee, 
MG eee 2 

“C. _—-3201KN 


C, UM, 85kN  136*3kNm 
UM; 


= + = 0.639 + 0.380 = 1.02 Almost OK 
C, M, 133KN — 10.7kNm 


' 


T, M, 210kN  6kNm 

TM, 397kN 10.7kNm “ 

T, i 
a ~ =13.7kNm 

Increase to HSS 89 Diameter x 6.4 at 3.5m C, = 170KN, T, = 520kNm M, 

T, M, 210kN _6kNm 

+ 


— = +4 


T, M, S20kN  13.7kNm 
A check of the compression equation will show that this also works. 


= 0,530 + 0.561 = 1.09 >1.0 No go 


= 0.404 + 0.438 = 0.84 <1.0 OK 
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Result: 
Use HSS 89 Diameter x 6.4 (G4021) 


Note: Given the difficulty in obtaining round HSS in G40.21 it would be a 


for this check and calling up ASTM A$00 round sections. Care must be tae erate 10 use 
ties with ASTM A500 as Packer and Henderson base their results on 640.21 tent oking ae MAsy 


and maa 
6,3 AUTOMATED DESIGN OF HSS TRUSS STRUCTURES 


HSS truss structures can often have hundreds if not thousands of 
eral }oad combinations to evaluate with partial and unbalanced 
quickly results in a substantial problem, not from an engineer} 
Keeping track of the results and working through all the neces: 
1 automate this process using programs such as Soft tek’s S- 
analyze the interaction ratios for all the members in the truss 
interaction ratios, Sample outputs are shown in Figure 6.2. 


ara! In addition 

Snow loading, Wind if, be 

ng standpoint, but from Mi ry 

sary analysis. For this reason + i bh “d 

ip and S-Steel, Which can ie 

and print out in Braphical of ick 
tabular form a. 

‘OTM the 


a) 


THosses 
AND Cres 
PER step 
EL Wrasty 
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rate possible, the design of HSS trusses should be 
whe gual to rationalize the truss design and have a 5 
ot For example, ifa eee a HSS102x102x, 
ae to use this member for all web mem 

ora truss could be reduced to 102x ‘Ont a Pray if the web menben sos! 
lowing automated structural design packages to Sicieias Caution shoulg therefore bev fe 
ase rules of sizing the member are not overruled. Caution should 


co by red of 
ne © Member size and thickness camera 
4 web member at the ends for a 


ce ntre 


64 SELECTION OF RECTANGULAR OR ROUND SECTIONS 


¢ in square, rectangular, and round hi § 
HSS members com fs x . shapes. The archit 
often select the member “alphabet.” However if there is a choice the foll 
mind: . ’ 

1) Round sections are generally easier to form connections if the ; ee 
This avoids “bird-mouthing” where the end of a rectangular bat three dimensional in shape. 
rectangular section. Meets two faces of another 

2) Square or rectangular sections work well if the truss is ina si : ’ 
from a group of single plane trusses. Single plane or if the truss is formed 

3) Attachment of deck to round members requires 
provide a flat place for the deck to be supported 


lect, for aesthetic Teasons, will 
‘OWING Points should be kept in 


that a channel be attached to the round section to 


6.5 JOINTS FOR HSS TRUSSES 


Joints for HSS trusses are formed by one of the following alternatives: 
1) By “profile cutting” the smaller web member so that it fi 
and is then welded all around. This is the most cami ache oats odie Scie 

those that are architecturally exposed. ¢ y 

2) By flattening the ends of the web member, forming a flat surface that can be welded to chard 
members or bolted to plates that are welded to the chord members. 

3) By using plates that are slotted into the HSS web members and then bolted to plates that are 
welded to the chord members. 

4) By using patented connectors that are welded to the ends of the members. A sample of this type 


of truss connector in use is the (now former) space frame over the Plaza of Nations at the B.C. 
Pavilion. 


6.6 HSS CONNECTIONS 


HSS connection design is based on experimental work covering a limited range and type of joints. The 
designer is well advised to stay within these limits if extra charges are to be avoided, The definitive work 
on HSS connection design for Canada is Hollow Structural Section Connections and Trusses; A Design 
Guide by Packer and Henderson, A copy of this book is essential for HSS truss design. Some of Packer 
and Henderson's tables with joint capacities have been reproduced in the Ipsco catalogue and manual. 
The capacity of joints is influenced by many factors, including: 

* Geometry of joint 

* Member profile (Square, rectangular, or round) 
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* Member size 

* Relative size of chords and diagonals 
* Chord wall thickness 

© Whether the truss is 2D or 3D 


The capacity of the joint is reduced if there is an 
The formula for this can be found in the Ipsco mani 

The capacity of a joint to resist load decrease: 
the connected members. This is illustrated in the 


axial compression Present (i.e. at the 


Com, * 
and Hend. lon 
= eTson, Chong) 


ual as Well as in Packer 
S radically if there is al 
graph in Figure 6,3. 


Resistance (KN) for 60 Dia Vertical 


0) 


Figure 6.3. Reduc 
Capacity Of joint to resi: 

ihe Size of the chord nena 
(It S easier to punch 4 small : 
into a large chord than it is nS ; 
Punch the web into the chord if 
they are equal size.) 


tion in 


Connection Resistance (KN) 


The capacity of the joint i 
: joint increases i 
the graph in Figure 6 4. 4% the wall thickness of the chord Member increases 


» 8S illustrated in 
Resistance (KN) for 60 Dia Vertical 


| 


Fi igure 6.4. Increase in Capacity of 
Joint to resist load as the wall thi 

Of the chord increases. (It's 
Punch a smail web into a chord with a 


thin wall than it is to 
punch the web into 
the chord with q thick wall) 


Connection Resistance (KN) 


easier to 


discrepancy in the tin 


Gap connection 


Minimum 
P| Zt 


Thickness =! 


Overlap =" (Min. = 25%) 
a) b) 


Figure6.5. a) Gap connection. b) Overlap connection 
Source: Former Ipsco catalogue 


g.8 GENERAL RULES FOR HSS TRUSSES 


The following information is taken from Packer and Henderson and provides some general rules of thumb 
and other suggestions to make the conceptual design of HSS trusses easier: 

« Chords should have thick walls to assist with connection design. 

+ If you have a choice of two possible chord members (say between a 168 diameter x 8.0 and a 219 
diameter x 4.8), it is better to choose the smaller diameter with a thicker wall. 

Web members will be more efficient if a larger diameter is chosen with a thinner wall. 

Web members should be Class 1 or 2 for gap connections. 

Web members should be Class 1 for overlap connections. 

For rectangular chord and web members, make chord members larger than the diagonals to assist 

in connection welding. For round chord and diagonal members, the chords should be the same 

size or larger than the diagonal members. 

* Gap connections are preferred. When fitting members together, it is only necessary to fit each 
member over one member in a gap connection. In contrast, overlap connections require members 
to be placed over two members. 

* If using overlap, at least one-quarter of the overlapped member must be overlapped. 

* Do not have members intersecting at less than 30 degrees as it makes welding difficult. 

+ Use of deeper trusses reduces force on chords, but the deeper trusses have longer web members 
and require bigger web members to satisfy computed truss forces. 

* For HSS trusses, the most economical span-to-depth ratio is between 10 and 15. 

+ As the deflection of trusses is a CSmbination of bending deflection and shear deflection due to 
stretching of web members we can account for the shear deflection when doing hand calculations 
by using moment of inertia from chords alone and reducing the moment of inertia by 15% to 
account for shear deflections. 

* Minimum fillet weld for web members should be 1.10 times the wall thickness of the web member. 

* Finally, don't forget to draw out some joints to examine the configuration. 


6.9 EFFECTIVE LENGTH (KL) OF HSS TRUSS MEMBERS 


For HSS trusses constructed from profile-cut members, there will be some fixity due to the welding at 
the ends of the web members and the continuity of the chords that will improve resistance. Packer and 
Henderson recommend that, for welded HSS trusses, the length of the members should be multiplied by 
K as follows: 


CAN DINGS 
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For web members K = 0.75, where L = length between centreline Of chord ang 
* ‘oT Ww . 


note that due to the size of the chord member L will be longer than the distange “3 7, 
. . Ae 
Senate use K = 0.9 between panel points. Ai 


: d the amount of overlap, For / 
: y regarding the amount of gap an ( -For mo 
siiin pty tls joints must be drawn up to determine what kind of joint Will S, See 
and <r desirable to specify what the joint configuration is, as is shown in the Tesu} Aker 


following detaiy taken 
ings of a walkthrough truss. 
seeps to give some guidance on the desired configuration of the Joints in the structury g 
ings for the detailer. Such an example is given in Figure 6.6, rey. 


DIAGONAL AND VERTICAL OVERLAP « G 100% (Must BE 


GREATER 
CONNECTIONS TO BE ‘al THAN 254%) 
OVER_AP CONNECTIONS 


Jey MINIM 25% OVERLAP 
|DIAGONALS TO OVERLAP 
VERTICALS 


Figure 6.6. Sample detail from structural drawings 
Showing the desired rules for truss configuration 


6.10 EXPRESSING HSS TRUSS MEMBER FORCES ON DRAWINGS 


As the connections for HSS trusses will usually be designed at least in part by the fabricator's engineer 
and detailer it is necessary to include in the s 


tructural drawings the forces. This can be done by providing 
4 range of tension and Compression forces for each type of member. 


6.11 COMPUTER MODELLING OF HSS TRUSSES 
Computer modellin, 
1) Should the members, i 


modelled as pin members. : 
2) Should the eccentricity of the joint be m 
degree of eccentricity. Joints where the 
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Centerline of 

eb members 
—_ Pin 

igi ber to 
all rigid mem 
es er eect Centerline of Chord 

web member intersection Coven 


Figure 6.7. Computer modelling of joint eccentricity for truss 


TABILITY OF THE TOP CHORD OF OPEN oR THROUGH TRUSSES 
2s 


ill be located such that the top flange is attached to a stabilizin 
wi ; 
~ there will not be enough room below the 
does not work —t 
gement 


6.1 


Many trusses 


2 diaphragm. In some cases 


diaphragm and there will be 

i] that can be provided by locating the compression chord of the truss higher. An example of 
handral 

need & 


is the gangway to most docks. As the top chord 1S not supported by a diaphragm, care must 
such systems . cestain that the top (compression) flange is prevented from buckling laterally. 
be taken to make blem to the top chord stability issue is the walkthrough (or “pony ) truss. In this case, the 
A similar pro = is supported by a diaphragm but often the only way that the diaphragm is stabilized 
top chord of the ae ding of the diagonals of the truss or a portal frame is used at each end of the truss. 
is by out of plan ned such that the bottom chords support the walkway deck and the upper chords act as 
The truss is Pe eal The problem with this structural form is that the compression chord is not directly 
a guardrail and ot a8, be provided to prevent lateral buckling of the compression chord and to carry the 
supported. Sr forces down to the walkway, which will act as a diaphragm usually by being trussed in 
guardrail or at ethod of providing this support is to call up a moment connection where the verticals 
plan. TH bers such that they can cantilever up to the compression chord. The minimum lateral 
meet the floor a f the chord force with factored guardrail forces added in where appropriate. Where 
force should be 2% of re required for stability they should be called up on drawings such that they will be 
moment oe ea ae prepared by the detailer. Shown in Figure 6.8 is a truss where the top chord 
included ee a lateral buckling by the verticals at the side of the truss being moment-connected to 
why Nitin sec of the truss, 


this arran, 


Top chord 
laterally braced 
by verticals 


Verticals moment connected 
to floor members 


Trussed deck support 
members carry lateral 
forces to beam ends 


Fi 6.8. Trough truss where lateral restraint of we Fs deci . 
€ 0.6. 
proved by the verticals that are moment connected to 
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6.13 WIDE-FLANGE TRUSSES 


Many trusses that carry heavy loads or span 
There are several reasons for this: 


Wide, 
mre cee ELT HSs yy te 
forces can be accommodated, ae 80,000mm2 # about 1g 
* The wide-flange sections have a much higher bending capac; meaning hat a 
bending about the weak axis, and this helps if the top ch ee theHsy. ti, 
between the truss panel poin Ord of the ¢ Sis trot 


* The connections between Wide- 


flange elem, is 
chord members is horizontal. : ems can be done Sasily, special] “ag 
Y if 
There are two options for the Orientation of BS 
the webs of the wi 
the webs vertical as shown in Figure 6.94 and b, This will genet” a 
come in and the connections will involve a lot ely Fequire sti 


of welding, 


= 

<i 
= 
g 
n 


Figure 6.9b. 

Wide flange trusses 
USING Web of wide. 
lange members 
vertical. The Stiffeners 
required at the 


Connections can clearly 
be seen, 


HERE BE) 


TRUSSES A 
SD OrEy w 
EB STEEL in 
CSTs 
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d option is to have the webs horizontal 
The secon : 43 shown in Fj 
ions as the chords and diagonals can be connected by Bure 6.10. Thig results in ; 
connectio! Russet plates that are bolted oe easier 
ted in place, 


x, | { 
edans err eereternTns rerernerewstebenes ee) 


Figure 6.10. A second option jor wide-flange truss Configuration 
In this option the webs are horizontal ; 


the second option with the web horizontal, some Engineers will feel that the sect; ; 
oS not resist bending effectively. However, for W360 column sections the tae ed ar ~ 
can have a resistance of over 1,000kNm. Provisions must be made at the top chord to support jolts ce deck 
as the width of the flange alone is too narrow. Very heavy chord members will have a member depth (d) 
greater than their nominal size (e.g., a W360x196 has a depth of 372mm) and shims may be required 10 
be attached to the diagonals members to make the gusset Plates work. Most fabricators will prefer Option 
1, where the webs are horizontal. 


6.14 OPEN WEB STEEL JOISTS 


Open web steel joists (OWSJ) are an economical altemative to rolled Sections when designing floors and 
roofs, This is illustrated by the frequency of their use in tilt-up or other “big-box” type stores, 

From the building designer's standpoint, OWSJs are essentially a design-build item, with the build- 
ing engineer setting the parameters to be used by the joist fabricator and his or her engineer who does the 
detail design, The engineer of record for the building determines the depth and layout of the joists and pro- 
vides structural drawings showing this layout along with loading information. The joist engineer does the 
detail design on the joists and prepares sealed calculations and shop drawings. The engineer of record then 
reviews the shop drawings for the joists to make sure that the configuration and input loading are correct. 

The building engineer will lay out the joists, keeping in mind the column layout, building geometry 
and deck capacity. The selection of the depth of the joist is also carried out by the building structural 
engineer and is done using catalogues provided by the fabricator. As the detailed design is prepared by 
the joist fabricator, it is necessary that the structural drawings accurately and fully describe the geometry 
and desired loading on the joist. 

While it is possible to fire rate OWSJs, this is not as easy to do as the fireproofing of rolled steel 
beams. OWSJs will have a greater cost advantage over steel beams where fireproofing 18 NOt Tequired. 

Because the discrete diagonal webs of OWSJs are much more stressed than the continuous plate webs 
of rolled steel beams, shear deflections on OWSJs are more critical than they are with tolled sections. An 
installed OWSJ is shown in the photograph in Figure 6.11 and in the section drawing shown in Figure 


sTHat FOR CANADIAN BT TLOINGS 


‘As maximums roof dimension is less than 70m the C;, for flat roaf is 08 
Snow loading = (C, = 1.0) *(C,=08)(C, 
Table 6.1, Roof load 


= 1.0) (G=1.0)* (S,= 1.5) +(S,=0.2) = 1.40P, 


ratitse. awe Sees wes sress seers. 127 
Figure 6, 
dD. 

Pa : = 1.25D +153 +046 
onal tek pach NEE So APA 04° 038KPU 3 75 
cho, 25 ‘ 
Ping md, os ~ set oad = Pactored area loading * Tributary width 
through be req Hy pace gt 2.0m = 750EN 

23. 


Snow {oad on joist = Area live loading * Tributary 
vale * 2.0m = 2.8KN/m width 
: ww load for deflection check = (SLS = 0.9) * 28kN/m=2 


serviceability Sno —- 
Figure 6.12, Ty refer to Table 6.2, which shows the CanAm™ joist catalogue of an Sat span and look for the 
sho arrangement we will Ls rractored Toad of 7-S0KN/m. 
WING the colwsat 
ad tocombaag sy 2. Factored load chart for 8m span 
peptic and: : 
mie top chord, 4 . 
compre dere aba! 
ends highlightea Eu 
ie |e | 
EM 
roof of a wareh Ea ree] | 
Ouse builds 
tary width is 2.0m, 8 locateg = i 
load factors), is 0.38kPa, ae, Wand, P = Z 
Me sprinkler / duct/ ight fe 38mm ESESES 
beam det Source: CanAm™ joi h 
as to beam d ~ Snow drifting, ang E joist catalogue yf 
| 


ost economical depth is the one with the shading, giving a 550mm deep truss. i 
he inokiog closer at that comer of the chart we see values shown in Table 6.3. \ 


Table 6.3. Detail from is losd chert for 


‘Two loads are given at the top of the column: (1) the factored load, which we just used, and (2) the “ser- 
vice load,” which is the factored load divided by 1.5. The most economical joist is shown in the pink 
square. The upper number in the pink square is the joist mass. Our most economical joist has a joist mass 
of 11.6kg/m. 
For computing the live load deflection, we use the small number beneath the joist mass; in this case, 
6,{Ehis represents the percentage of live load to produce a deflection of L/360. In this case the live load 
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listed at the top of column is $,0kN/m, so the live load that Will cause ad 


PN Te elect; 
* SkN/m = 4.3kN/m. This is well above our serviceability SNOW load for detec °F Ly, 
sal we cak Gouciede toa serviceability criteria are satisfied. 


Result: 
Use 550 Deep OWS] with a mass of 11.6kg/m 
Span / Depth = 8/550 = 14,5 


Compare to rolled section: 
Calculating, we would find that the most conomical rolled Section js 


i 2 
Factored Beam Moment = yo elm bmy = 60KNim 
Span / Depth of 25 gives: 8,000 / 25 = 320 say W310, 


W310x21 has M, = 89.1kNm. | = 37.0 x 105mm? mass = 21.1ke/m 
Compute deflection under service snow load 


Service Snow deftection = A= iW alae 5*(2.52KN /m)*8.94 *I 


3847 Ee] 384 *200*37,9 = 18.29 = 
Result: 
Use W310x21 [= 37.0x106mm4 Mr = 89.1kNm 
The OWSJ saves 2} 1-116= 9.Skg/m, which is about 45%, of the weigh; 
' t 
the depth of the OWS) is 550mm deep as Pposed to the rol sie A 


led sect; 
ed section at 310mm deat Howeye, 


, 


6.16 


The stu 


i I pl showin: 
le of a portion of a srocvoral lan sh 
see joist table is shown in Figure 6.14, 
act 


TRUs 
SES ASD OPEN WEA SThep DIST 
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THAT NEED 
T INFORMATION STO 
JOrSHOWN ON STRUCTURAL DRAWINGS 
r generally selects and shows the followin inf 

-tural designe: lied tin on 
nes depth of OWSIJ to be used (the Weight is NOT Supplied by the building ts 

rmined by the joist designer and wily depend on the joist System selecy ti r 
ns spacing of OWSJ and the layout, = 

a ture for the OWSJ, Including the td 

supporting struc girders and the lateral toad 
The live loading to De used by the OWSI designer, including 3) SOW bud ap egies 
Any ponding loading if the ponding loading governs the design a 


live load deflection requirements (L/300 of L/360), ; 
oh dead load requirements to be used by the Ows! 


on roofs. 


designer, including Superimposed dead loads 
Any requirement for extension of bottom chords 
ny 


joist designer will need). The wind uplift is 
the J due to wind forces is a design requirement, a single line of bo 
we dat each end of the joist near the first bottom chord panel poi 
prov as this bracing, the net wind uplift should be shown on di 
oy : a fundamental part of the loading on the Joists, 

re ete requirements to reduce the dead load deflection. 


requirements for point loads such as those required to support basketball hoops in gyms. 
pe nias chord extensions required for stability of columns or beams, 
n 


ig the OWS] layout is shown in Figure 6.13 and the 


Figure 6.13. Structural plan showing the OWSJ layout 


} drawing. The depth of the joj 

: . layout of joists ca @ structura “ee te sous Cain 

— 6. Sree march spacing of joists. On structural drawings the joist is shown with a dete, 

mined as can urnber ¢. which are shown as a solid line. The Bumbers in bance 
S0y 


where there is only one joist of 4 ae * AND op q 


Me ° n 
where the joist span is less than Ion. length (Use ‘gg TEL sons 


sections 
line wo distinguish it from rolled Swe ¢ of which is shown in Figure 6.14. 


total t , 
the joist refer back to the joust table, (eee tee ee Small such that : 
Figure 6.14. Joist table ecessary to substitut = RuMber 
from the same structurg} bung je may be csc decile Watuaion S€ctions for joists ; Of joists 
as partial plan in Figure 6 3 fora eating decrease in structural depen io" Schools et Testi a “ 
ai ' (albej “Tolle secgign Madr 
wi Deflection requirements for Joists that “Fe With a Seater y, Sections can be i for ey, 
aire more stringent deflection limits to Prevent er, arate BB Of stractaras ted for jose, 
a of the joist. Under heavy snow loads cansing soa Slope to tigig Surfaces Seef) ist 


Sette be hand be yal a ag 
mer could become promise - Guidance is provided in a the deck Aditi ty the mig. 
= ause 16.1225 of set bond 

6 


accounted for by the joist designer (this has been Rl ater. bending in a tension Oftea support bas. 
Note that the location of the hoops will often not be re Sample joist notes on 

for the gym should be designed to accommodate this 7 at design ti eae Figure 6.14) 
If it is desired to provide an eyebrow oro Z 


USER 
LOADS TO SE LESS THAN SPANGEOS UNLESS 
(CTHEREESE NOTED. 
4 OPEN MES STEEL XOISTS AND BRIDGING TO BE 
DESIGNED FOR 4 NET FACTORED UPLIFT OF iD kPa 
5. ALOW FOR 2 (SOe LBS) POINT LOAD AT ANT 
LOCATION 42LONG THE BOTTOM CHORD FOR 
Gresser TRSSES. 


During the site services phase of the project, shop drawings of the OWSJs are submitted for review by the 
Structural engineer of record. These drawings will be sealed by a professional engineer and are often three 
pages of computer calculations showing input loadings and structural design information on the joist. The 
designer reviews the shop drawings to determine if the loading used by the OWSJ designer complies with 
that shown on the structural drawings. 

Due to the danger of overstressing chords of OWSJs when attaching heavy pipe racks, and due to 
the difficulty of attaching effective seismic restraint, OWSJs should not be used for roofs or floors over 
mechanical rooms. Use rolled sections for framing these areas, and, in addition to the superimposed load 
from the roof or floor above and any known suspended equipment, add a superimposed dead load of 1kPa 
to 2kPa to account for the weight of other potential suspended mechanical equipment. 

The economy of joists is only appreciated if there is repetition. Avoid using OWSSs and substitute 
rolled sections in the following cases: 
b) 
Figure 6.16. a) Interior and b) exterior views of a joist extension 


6.17 CAMBER FOR OPEN WEB STEEL JOISTS 


Joists are cambered for dead load such that when the dead load is on the 
sagging, and so that additional ponding of water does not build UP on roof joists 
joists. Unless otherwise specified, the camber requirement is stated in Clase 165 wet 
the span length, or 1/500; for a 10m joist, this gives a 20mm camber. For floor io: 13 of Sig iS P8 Boo, 
expected dead load deflection (for floors dead loads are often similar to live | east this is j ot 
11360), I ay be desirable to provide the desired camber on the drawings for lone ne 
camber for joists is too Low, then the roof slopes could be compromised and rooth ag Span Oar jogo ot 
dead load may be more susceptible to ponding loads. Negative cambers are ea at are Agging sts, 1p 
for the purpose of controlling roof drainage, but this will require a careful analysis of Bise 16 5 
a | 8¥8tem, 3 


Joist it 4 


6.18 BRIDGING FOR OPEN WEB STEEL JOISTS 


Bridging is installed between OWSIs to brace the top and bottom chords of the ici 
reasons: 7 for the follow; 

* To reduce the unsupported length of the bottom chord of the joist. (It would : 
unsupported length of the top chord if the joist was supporting a deck of ase Teduce the 
assumed to be a diaphragm.) "M8 that was 4, 
‘To reduce unsupported compression chord problems caused by wind uplift, 

To assist in erection of the joists by providing top chord Stability before the roof dj 
decking is installed and to assist in plumbing the joists, i.c., holding them in pods diaphragm, 
Bridging can be in the form of cross-braces between the joists, or it can be a series of horizontal 
tying the bottom chords together with cross-bracing at each end. Clause 16.7.9 Tequires the ae 
bridging for OWSJs to be dependent on the radius of gyration of the compression flange as folk of 
= 170*radius of gyration for compression chords 


< 2A40* radius of gyration for tension chords 


The radius of gyration is taken as that about the plane of the joist web. As the radius of gyration wij} 
depend on the type of joist selected by the contractor, structural drawings should state that bridging j 
required. The spacing of lines of bridging is to be determined by the joist supplier. Me) 
Additional bridging will be required in cases of wind uplift, and structural drawings should Clearly 
show the design wind uplift so that this can be taken into account by the joist supplier, 
Some clauses that are important and might get overlooked: 


Clause 165.733 requires that “The factored resistances of the first compression web mem- 
ber subject to transverse shear, and its connections, shall be determined with their respec- 
tive resistance factors, @, multiplied by 0.85.” This clause may not be checked in some 
automated computer steel design programs unless they were custom written to design 
trusses and joists. When doing design by hand, it would be easier to increase the loads in 
the first compression diagonal by 1/0.85 and use the normal design charis. 


Deflections must now be calculated by truss action, taking account of the additional deflec- 
ion from the web members, It is no longer suggested that designers take account of shear 
Peflection simply by multiplying the bending deflection by 1.1. 


» ££ 


CHAPTER 7 
DESIGN OF FLOOR ayp 
ROOF DECK. 


An understanding of the desi gn of stec| 


d 
of siuctaral steel buildings, The majority eer fom and 


ty of the a 


posit 

. Suspended ff sf 
provided by metal deck, and the Spacing of the oor and roof surf 
ity of the deck system. The design of roof and Serolrd Suspended levels wit 

steel COUTSES, and most practising engineers have ca kg is frequently omit seem” capac. 
on-the-job training or by learning from their mistakes, far kno ~ _ 

floor and roof decks for vertical loading. Chapter 15 jal chapter concentrates on the ere 
a deck and maximum spans from the manufacturer's eran oe 4 tpg, Wage 
there are important issues to review, and the correct intern > amar procedure for 
much to help prevent problems during the constriction ine ion the manufacturer’ inf ear “ie r 


7.1 STEEL ROOF DECK 


The most comuion type of steel deck is roof deck, as ‘ 

i 7&8 man . 
pended floors. Insulation and roofing material are Pony, daildings will have steet tof but no sua. 
provide a sufficient barrier to energy loss and water ingress, ded to the top surface of the Toof deck to 

Steel deck is rolled from flat sheet sicel to give a profile that hes 
than was possessed by the flat sheet from which it w: 


ouch more strength and stiffness 
shown in Figure 7.1. 


as rolled. The parts of the deck once iis rolled are 


Figure 7.1. Parts of the deck 


i H deck is such that it spans only in 
Although the deck covers a two-dimensional space, the profile of the deck 
the direction of the flutes as a series of “mini-beamns.” The deck has no ability fo transfer gravity loads 
perpendicular to the flutes. 
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Figure 7.2, 
Typical 700f Profiles 


feel RD 308 
petingtS Va 
i I iven in deck tables that are 
i i ted using the section modulus given io 
OEY aaa eat that tke roll. The deck profiles are usually not symmetric oe 


by the deck suppliers ‘recalculation methods mandated by Standard $136, the section modulus for mid. 


spa conditions Wi ually ifferet i ts in different moment resistance val 
and support iti ill be usually be different. This result 

positive (1 i ¢ bottom) moments and negative (tension at the top) moments. The m 

for positive (tension at thi eget Des 


: ‘ = B*F,"S, where the resistance factor is @ = 0.9, the yield stress jg 
i penne Ome from the table of properties produced by deck ee 
facturers with different values used for support and midspan between supports. A sample section of the 
isle for RD 938 deck is shown in Table 7.1. While the deck panel width is usually less than 1m wide (se¢ 
the 900mm width of the RD938 in Figure 7.2), the properties given in the table are fora 1m width of deck, 


Table 7.1. Moment resistance, yield stress, and section modulus for RD938 


Caw Seed | Nominal Secon Medals 


Ee CHECK ON A DECK SECTION 
91mm thick VicWest® RD938, compute the mi i 
rae ech pute the midspan moment resistance. 


M, = OFS 
M,= 0.9 * 230,000kN/m? * 11.70x10-4n3 
M, = 2.42kNm {agrees with VicWest® tables: 2421. 9Nm = 2.42kNm) 


[ 22 Gauge | o.76mm | 0.030 inches | 


ple 7 
be [ 20Gauge | o.simm | 0.036 inches | 
Fe Gauge | 122mm | 0.048 inches | 
[ 16.Gauge | 152mm | 0.060 inches | 
in institutional projects, the use of 22 Gauge (0.76am) 
«to be exposed or in institutional ’ : ge (0. ) deck should be 
rere deck is ne is subject to damage, including possible footprint marks from workers. The ese of 16 
raid this cee is not common as it is more difficult to connect the sheets together at the sides using 
Gauge 1S 1.52mm is a less common deck thickness, it is not commoaly stocked and i 
et a ; than the more common thicknesses. It also is not surprising that thicker decks are 
imes will at asthey contain more steel, 
ore expenst 5 of steel deck designed for vertical loads may have to be increased once the diaphragm 


a aThe eet The calculation of the forces on diaphragms and the design and detailing of the dia- 
design has O°8 t these forces is discussed in Chapter 15. 

to Mare come in strip widths of 900mm or less. In Western Canada, historically the most typi- 
ecting the strips of both floor and roof decks was to use button punching, in which 
cal mel ‘ons are crimped together along the side laps. This is still the practice for floor decks where 
the deck ae composite deck-slab that provides much of the diaphragm capacity. For roof decks where 
there will beac g, the present practice is almost exclusive the use of side-lap screws in high seismic risk 
there is 20 og ot the side-lap deck connections is a maximum of 600mm, but will usually be more 
areas. pashle give the deck sufficient capacity to resist diaphragm loads. It is possible to connect the 
ie eck panels by seam welds, but this is not common. Current practice for connection of decks is 
Si 


shown in Table FS, 


table 7.3. Typical deck connections 


Fastening to structure 


For 0.76mm and 0.9Imm deck usually fastened with 
pins, self-tapping screws or puddle welding, Puddle 
welding is becoming less popular In seismic risk areas. 
For 1.22mrn and 1.52mm deck sometimes fastened 
with pins, seif-tapping screws or puddle welding. 
Puddle welding is still popular for 1.22mm and 152mm 
decks even in high seismic risk areas. 


Side-lap screws. Button punch- 
ing almost never used in seismic 
risk areas 


Roof deck with no 
| concrete topping 


Button punching preferred 
though some designers use side- 
Jap screws 


Composite floor 
deck (concrete on 
composite deck} 


Puddle welding. Occasionally will be fastened with 
pins if welding is difficult due to weather conditions. 


The deck is connected to the supporting structural ste! members, usually joists or beams, by a variety of 
methods including steel pins fired into the deck and the beam using a small explosive charge similar to 
a bullet being fired from a gun, or through “puddle welding” in which a 19mm diameter hole is burnt in 
the deck during the welding process and a puddle of weld material holds the deck to the supporting steel. 

Dynamic testing of deck sections in 2003 and 2004 has led to concern with the adequacy of button 
punched side-laps and puddle welded deck connections in roof deck. This has resulted in the formation of 
a Vancouver committee of concemmed engineers from both the deck suppliers and consultants. The concern 
is in part a result of higher seismic design shears that are required for deck diaphragms designed under 


a 
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hs: 1-1/2 inches and 3 inches. In S} Units, th 
vailable in two depths: | » these gi 
Standard roof deck “ Siok and 76mm, respectively, but er ae to as 40mm nom; 
sions are soft eens 2s files are as shown in Figure 7.2 for decks produced by VicWest® ss 
75mm nominal. Typica 


Show, 
‘on their website. 


RD 938 


Figure 7.2. 
op Typical roof Profiles 
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: ¢ deck is computed using the section modulus given in deck tables that are prod 
nategsantick for the decks that they roll. The deck profiles are usually not symmetric sae ne 
neutral axis and due to the calculation methods mandated by Standard $136, the section modulus for mid. 
span and support conditions will be usually be different. This results in different moment resistance Values 
for positive (tension at the bottom) moments and negative (tension at the top) moments. The Moment 
resistance will be computed as M, = @*F,*S, where the resistance factor is ® =0.9, the yield stress is F 

= 230MPa, and the section modulus, S, is obtained from the table of properties produced by deck many, 
facturers, with different values used for support and midspan between supports. A sample section of the 
table for RD 938 deck is shown in Table 7.1. While the deck panel width is usually less than lm wide (see 
the 900mm width of the RD938 in Figure 7.2), the properties given in the table are for a 1m width of deck. 


Table 7.1. Moment resistance, yield stress, and section modulus for RD938 


Nominal 


Factored Resistance 
Thickiess Moment 
1275 Coating span | 


EXAMPLE—MOMENT CAPACITY C 


HECK ON A DECK SECTION 
For 0.91mm thick VicWest® RD938, compute the midspan moment resistance. 
Ssidspan = 11.70x103 mm} 
M, = @*F,*S 


M, = 0.9 * 230,000kN/m2 * 11.70x10-m} 


M, = 2.42kNm (agrees with VicWest® tables: 2421.9Nm = 2.42kNm) 


ckness of standard deck ranging 
nap x Mickness is often referred to by “gauge.” The smaller the gauge, the 
» Valige is an historic measurement with several standards, so deck thickness should be 
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in decimal-inch or in millimetre thickness, 
up 
ness 5 


135 
When deck is 
nould be included in brackets (e.g.,20Ga (0,036 inches) res 20 (09 ate desired thick 
7.2. Gauge sizes converted to millimetres ang inches 
table ~ 


[Z2.co9e | o7nm | cso 
[20aise | osinm | cosine 
[18 G20ge_[ 1zame | 


0.048 inches 


Lie cauge [isan 


. in institutional projects, th 

k is to be exposed or in ins Projects, the use of 22 Gay : 

where be this deck is subject to damage, including possible footprint ay ae Sa mont by 
avoide (1 52mm) deck is not common as it is more difficult to ses The wee of 16 
Gauge 


more expensive as ot ep deine vertical loads may ha 
ickness of stee! may have to be increased ; 
ihe eee The calculation of the forces on diaphragms and the design sade Pace 

agi to resist these forces is discussed in Chapter 15. ALS 
oie aot sections come in strip widths of 900mm or less. In Westem 

aj method of connecting the strips of both floor and roof decks was to use button Punching, in which 
¢ deck sections are crimped together along the side laps. This is still the practice for floor decks where 
ba will be a composite deck-slab that provides much of the diaphragm capacity. For roof decks where 
there is no topping, the present practice is almost exclusive the use of side-lap screws in high seismic risk 
areas. The spacing of the side-lap deck connections is a maximum of 600mm, but will usually be more 
ightly spaced to give the deck sufficient capacity to resi 
aes of deck panels by seam welds, but this is not co; 


st diaphragm loads. It is possible to connect the 
mmon. Current practice for connection of decks is 
shown in Table 7.3. 


Canada, historically the most typi_ 


Table 7.3. Typical deck connections 
Type of deck 


For 0.76mm and 0.91mm deck usually fastened with 
pins, self-tapping screws or puddle welding. Puddle 
welding is becoming less Popular in seismic risk areas. 


For 1.22mm and 1.52mm deck sometimes fastened 
with pins, self-tapping screws or puddle welding, 

Puddle welding is still popular for 1.22mm and 152mm 
decks even in high seismic risk areas. 


Roof deck with no 


Side-lap screws. Button punch- 
concrete topping 


ing almost never used in seismic 
risk areas 


Composite floor 
deck (concrete on 
composite deck) 


Button punching preferred 


though some designers use side- 
lap screws 


Puddle welding. Occasionally will be fastened with 
pins if welding is difficult due to weather conditions, 


The deck is connected to the supporting structural steel members, usually joists or beams, by a variety of 
methods including steel pins fired into the deck and the beam using a small explosive charge similar to 
a bullet being fired from a gun, or through “puddle welding” in which a 19mm diameter hole is burnt in 
the deck during the welding process and a puddle of weld material holds the deck to the supporting steel. 
Dynamic testing of deck sections in 2003 and 2004 has led to concer with the adequacy of eee 
punched side-laps and puddle welded deck connections in roof deck. This has resulted in the formation 
a Vancouver committee of concerned engineers from both the deck suppliers and consultants. The ee 
is in part a result of higher seismic design shears that are required for deck diaphragms designed under 
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1s , by Hilti™ and independent tegy : s “maximum specified uniformly distri - 
underway DY Stin flicting term: an y distributed load” and "] Fe 
testing reel is early to determine the outcome of this reas "Mel, gecmin rat not really a contradiction, but are a hangover from the days vad dace 
current Seto in ME zoe or roof deck has become standard. hand ot me same sr Joads and allowable stress design. Specified load is an unfactored load a sarod 
- Mw : . : " 

peadermic “ sce of $i voastening to the structure rather than using puddle Welds, wer ysifl pe gnow Joad to be superimposed on the deck. The tables are produced using factored bead 
mite shave switched ; P iding after thermally related issues Occurred with mop ty, Fi, gead and wes to determine the capacity of the deck to resist a factored load and then a “specified load” 

srs rostay with puddle ngs. Test results released in November 2009 showed a dies 12Stene4 gesign mE resist is determined by dividing the factored load capacity by 1.5. In this way the deck 

es uring the SUTIMEE OT vir (122mm and 152mm) deck with some ofthe wt ekg iat the O° ared assuming that all load they are carrying is “live load” with a load factor of 1.5, To 
with a mechanical anes it was cycled through ils het at The result has bees tic charts are fis restriction it is theoretically possible to convert the service load a follows: 
ducts off th between the heavier deck and the Supporti Se come 

welding ; ng Vera ovel ; . 
ee ners electing to aa length of 12.19m (40 feet). This means that if the s, sce load for tables = {( 125 — 0.833) * Service Dead Load] + Service Live load 
ek sections come IP” sentinvous then the average span length must be less than S'Bher ig servic fo) 
S Cl J ‘ . ¢ }4 om 

relying on having three So aa deck manufacturers will give values for deck Capacity with thay ad tables from deck eee ae pret to = restriction that the loads should be uniform 
that the product fiterature “aed 400mm. The 10 as not adapt well to point loads) and if values for two-span or three-span conditions are to be 
continuous and spans greater referred if deck sections are a maximum of 25 to 35 feet long ¢7 (deck do spans should be equal and equally loaded. These conditions may be violated in the Tegion of 

For ease of handling 1 ch aah continuous of 3.5m per span. Deck spans must always ot” ysed, the Fi - , . 
10.6m). This gives @ maximu Nd op ssw Canadian Sheet Steel Building Institute (CSSBI) provides the results shown in Table 7.4 for 
a supporting member sifor toad w and equal spans: 

ul 
| results for uniform load w and equal spans 
7.2 DECK CAPACITY CHARTS ining the suitabill ; Table 7.4. cSSB 
capacity charts for determining the suitability and thickness of 

a re J ypaken from VieWest® tables for RD 938 deck, The deck 


proposed, as shown in 


One Span 8 
Figure 73, Deck Two Span 0.375 W*L 125W*L 
Capacity chart for 
RD 938 deck wl? 
a * 
Three Span 125 040 W*L 1.10W*L 
— =s 
= This can be expressed graphically as shown in Figure 7.5. 
— ae 
om om Es 
= 
= 
seve 
= wo we 
0.375WL 143 1.25 4300 O75. 
These charts contain the Seemingly conflicting information, as shown in Figure 7.4, were Wee 
Load 


Figure 7.4. Conflicting 


we we we 
information in deck O.40WL 125 1.108 0 1.10. 123 O40WL 


CopOclly Gary Figure 7.5. Forces resulting from uniform load w and equal spans 


This reflects in the charts by the capacity for one, two and three spans, as shown in part in Figure 7.6. 


ele 
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Figure 7.6. Deck capacity chart detail 
Source: VicWenr® 


The definition of span for the deck is the lesser oft 
1) The centre to centre spacing on the supports. 
2) The clear distance between the supports plus the depth of the deck. This would apply ithe te 
was sitting on wide-flange beams or & wide wall, 


deck are not reasonably equal, or if the loading is not reasonably uniform, it 

ples Sosanal ap analysis using a plane frame program to get the moments in the deci, ra 
determi thickness required. 

Leg nc ee the shear carried by the deck exceeds the capacity of the deck atte 
support. The web crippling capacity for intenor supports is approximately twice the capacity of the aN 
crippling capacity of the deck at exterior supports. This is fortunate as interior Supports usually have twice 
as much load, as they get load from two sides. Other than web crippling, no checks are done on the then 
capacity of roof deck or floor deck acting as a form for wet concrete. Extracting the Properties from the 
table for RD 938 we can see the following resistances; the web crippling capacity is given in the "Rego. 
tion” columns shown in Figure 7.7. 
Figure 7.7. Web crippling capacity 
Source: VicWest® 


Factored Resistance 


It is important that a check be made to see which cold-formed steel standard the deck capacity chart was 
worked out for. The chart should indicate that the latest edition of S136 has been followed, as this is the 
standard for the design of cold-formed structural steel members and is the standard referenced by S16. 
‘The resistance of the decks to web crippling was significantly reduced in $136-01 and this reduction is 
reflected in more recent editions. 

To limit web crippling, the widths of support for the deck should be at least equal to the height of 
the deck. That is, a 38mm deck should be supporied on 38mm wide supports, and 76mm deck should be 
supported on 76mm wide supports. A slight increase in the web crippling capacity occurs if the support- 
ing element is wider. The requirement of a 76mm bearing length may be a problem when using some 
lightweight open web steel joists. The CSSBI recommends that to get good puddle welds the thickness of 
the supporting member should be at least 2.5 times the thickness of the deck. This will be an issue with 


(such a8 122mm) installed on joists with thin cold formed chong 


pick esac oct ota Table 7S. sn 


iimum base material thickness for puddle 
gave 75 Mig pins or screws for different deck thick welding 


APPLYING DECK CAPACITY PRINCIPLES TO A ROOF DECK 
f here C, = 1.0, S,~ 18, and 5,202, i 7 
jocated in Vancouver w y eXAcHOe a region of the 
A ve oil xail determine the maxinsum spap for Vic West? 938 x 09mm deck Asms Inns 
tie! and a minimum of three spans Continuous. Downward wind for this roof is computed to 
pe 0SKPa the data in Table 7.6, compute the load sheet for the deck. Note that down ind i 
1) ented snd 0.4 times the downward wind is incloded under “Service Load? 


jams [sm [Wan | 
Wind (kPa) 
ca | eal 


73 


For 


¢ and most common approach is to use VicWess® tables for 938 deck and find the point 
deck can 10 longer support an allowable load of 2. 94kPa: Table 7.7 
has been reduced to show only three span continuous and only in the range of span of interest, 


2) The simpl 
where a three-span, 091mm 


Table. 7.7. VicWest® tables showing service load for three span continuous 
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of 2.9kPa can be carried at a 
> (Bending), a service load cut 
mt fo Tpstand afd of 244PA fr a defection of 1240 of span, en 2 
“=D” (Deflection) deflection must be divided by 1.5 giving a maximum snow load of tae fr te 
allowetie fen ‘ur anow hed for defiection cakculations 0f0.9°1.64RPa = 1 A8kPa ang pet Leg 
Joan is porerned by bending adit 24H Ly 


use the section property values in the tables 
3) Asan Lapeer pport) moment capacity, continuous over three spans 


What we see is that 


Mon WZ! aM, =2.548kNmvm, With w= 4.04KPa*Im = 4.048N/mn, tig 


Prodhices 


10 
4OAKN IML! 9 cagxNm/m > Ls 251m 
10 


b) Positive (midspan) moment capacity, continuous over three spang 


Me™ Me =M, = 2.432kNnv/m. With w = 4.04kN/m, this produces 


2 
aa, 2A21ENm / me > L = 2.74m. 


¢) Web crippling, maximum factored resistance to reaction at interior support = 223kn 


Maximum factored reaction = 22.3KN = 1.10(w*L). With w= 4.04kNim, 


___223iN 
~ 110° 4.0EN /m 


this produces 


I =5.06m > L=5.06m 


Result: 
Providing the deck is three spans continuous, the governing result is that L,.., = 251m Controlled by 
bending at the support 
Check Deflection under SLS*Snow load: 
5*(1.64*0.9)*(251m)* 
384 *200*0.267 
757mm = L/330 


Solve for L to get L/360 and find = ,|__384*200°0267 4 
360*053*5*(1.64*0.9) 


Governing span = 244m 


A=(0.53)* *10°=757mm 


Note that downward wind is ignored in the calculation of deflection — this is a reasonable assumption for 
pane ver, but if your Project is in an area where drifting and wind can be expected due to the length of 
the “real” winter you might want to reconsider this simplifying assumption. 


7.4 DECK CAPACITY CHARTS USING FACTORED LOADS 


One of the questions that comes up when designing steel decks for projects i ange . 
S projects in Canada is, “why don’t the 
charts have factored loads?” Almost all of our Structural design is based on factored loads and deflections 


are usually based on a limit of L/360. When we look at deck charts, the “service” loads given need to 
be multiplied by 1.5 to get factored load resistance and the load to produce a deflection of L/240 needs 
to be divided by 1.5 to produce a deflection of L/360. The reason that the deck manufacturer’s state that 


fine * design charts that present the information Brephically, as pee ieht a 8 them intg 


it 
Ys 88 shown j vege worth 


er TA Te peewas 
One, tWo, oF three 
) SPAMS Continuous 
EXAMPLE— ROOF DECK IN HIGH SNOW AREA WHERE 
THE LOADING EXCEEDS TABLE CAPACITY 
the data shown in Table 7.8, design a roof deck for a mid-stay; teal ey 
station ina 
the RD308 profile, selec he sane =~ 
Toning und deckis IRF No soow bald sp 


Using 


with S, = 85 $,=05,and downward wind = 1kPz. Using 
for a 76x0.91 deck for a fiat roof. The design dead load of 
gue to drifting. Roof size is 30m x SOm. 


Ce 
ay 
/ Ceiling 

| oa | 


so 
Toaleadiorbea beam |_| ma) a 


Looking at the RD308 chart with a service load of 8. 88kPa, we quickly see that the charts shown in Table 
7.9 do not go to this high a load unless we go to 1.22 deck, The highest bending capacity at the lowest 
span given of 2000mm is 7.1kPa and that is only for one span continuous. 


Table 7.9. VicWest® tables showing support spacing 


Span 
Bae Stee! Komiand Thicker 
-_ 


Ley ss [vs [os Paes] Pas Por Pin [ na] ow fee [ne] et | 
jes [ws acs] | 
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ith our problem definition of 0.91mM and go to first principles. 
Stay ¥! 
i fi 
ree spans continuous, on ve 
pent soph in three spans condition, Pr = 1 1 
e 110° 12.9kN/m * L= 22.7kN 
«Solve for L get L= 159m 
ree spans continuous and a factored load of 12.9kPa 


) moment with th 
Prupport moment = wL/10 


load = 12,9kPa 
0 wL, Resistance = 22.7kN 


For negative (su 
 Forinterior 
« Resistance = §,572kNm 
+ L=2.08m (negative bending) 
For positive (midspan) moment with three spans continuous with a factored load of 12.9kPa: 
ie 
Continuous over three spans Moos = Ds =M, = 5.322kNm/m. 


ap 
nein 5.322kNm/m 9% L=2.27m. 


With w = 12.9kN/m, this produces 


Governing L = 159m (web crippling) € Governs for three spans continuous 


Repeat for two spans continuous with a factored load of 12.9kPa 


© Check Web Crippling: 

For web crippling P, = 1.25 wL 
Resistance = 22.7kN 

1.25* 12.9kN/m * L = 22.7kN 
Solve for Land get L= 1.40m 


For negative moment in two spans continuous condition with a factored load of 12.9kPa 


¢ For interior support moment = wL7/8 
* Moment resistance support = 5.572kNm 
+ Solve for L get: 12.9kPa*(L?)/8 = 5.572kNm » L=2.85m. 
For positive moment with two spans continuous with a factored load of 12.9kPa: 
4 WL 
¢ Continuous over two spans Myo; = 143" M, = 5.322kNm/m. 


2 
+ With w = 129N/m, this produces “270VTMTE. 5.322kNm/m % L= 251m. 


Result: L = 1.40m (Web crippling governs in this case for two spans continuous). 
Repeat for single span condition with factored load of 12.9kPa: 
For web crippling in 1 span condition P; = 0.5wL Resistance at end = 14.3kKN 


© 0.5* 12.9kN/m * L= 14.3kN 
* Solve for L get L=2.22m 


we 12940 


; = 5.322KNm 


Positive Moment: Solve for L get 1.81m 
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bh done by Saas the chart and noting tht the 
jon © which is greater our SLS*Snow load 0 Capacity for 
jeast 9 ote In the deck tables the deck deflection 93s aw me 
oat ges i ‘ves a deflection of L/240, Some structural designers fee} that pe a that when applied 
dined wold eee é mp: the deflection is linear in terms 

60) and the load to ge is D*(240/300), of load, 
7240/3 and deck stiffness it will take less long nt 1360 ta the load to get 


jyen span Apt ip is 
p30 for 7 : ing condition highlighted are shown in ‘ite an eeston, 


pesult: -. that a three-spans-continuous layout can be achi 
certain tha ved, use 1.59m spans (round to 1 5m) 


Hy erie use 1.4m as the maximum span. 
bu 


5 CALLING UP ROOF DECK ON STRUCTURAL DRAWINGS 


the following items are shown on the drawings: 
» The direction of the deck flutes. 
he deck (40mm Nominal or 75mm Nominal). 


+ The depth of t 
The thickness or gauge of the deck (if gauge is used, the desired thickness should be called w 


after). ; 
+ ‘That the deck is galvanized. 
+ Where possible deck elevations or the fact that the deck is sloped should also be shown on plan. 


ch as the requirement of having three spans continuous, spacing of button punching and puddle 
uirements will generally be given in general notes. A sample detail is shown in Figure 7.9. 


7 
Note that 


Details su 
welding req' 


Figure 7.9. When calling up roof deck on drawings, the height of the deck 
(in this case 0.91mm), and the direction 


(40mm or 75mm), the thickness of the deck ‘ 
arly be shown. Note that there is sufficient 


of the deck flutes must all cle 
information to determine the elevation of the top of the steel members 
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. . i ‘ 
When NEN “at sali wk comparing to a maximum stress of 0.6F, (with 230MP, x Wing 
allowable stress and s¢ 
works out to 132MPa). The pre 
10 0.9F,. The moment Said saisever wend) 
nescence il have slightly different rolling profiles, steel decks with 
spboesleraaari rties. The capacity of the deck produced by one manufacture 


may have quite Socata’ the capacity of the deck produced by another Manufacturer, even th 
up to Swed sae similar in thickness and overall depth. The resistance for Negative ben 
the two ; 


. i iti ts. Care should th ding 
: ‘ve different from the resistance for positive momen erefore be 
moments ts often iwi the loads are close to the maximum capacity of that deck, as the ¢ on 
a from a different manufacturer. If necessary, minimum values of M, at the suppor a 
may choose 


at midspan should be specified. 


ads ang this 
Z, the Plastic 


imilar de 
! May Vary by 


7.6 DESIGN OF ROOF DECK FOR SNOW DRIFTING 


In Chapter 2, the method of computing snow drifting loads was studied with the following results for the 
snow loads around a mechanical penthouse or other roof step. The loads at the step are highest near the 
wall and taper off to the standard roof snow load as we move away from the step. Two condit 
for decking adjacent to the wall. . 
1) The deck flutes run parallel to the roof step. (The support beams are Perpendicular to the roof 
step.) In this case, the deck flutes closest to the wall are subjected to the maximum snow loading. 
2) The deck flutes run perpendicular to the roof step. (The support beams are parallel to the roof 
step.) In this case, the deck flute will experience a decreasing load as we move away from the 
wall as shown in Figure 7.10. 


ions exist 


CECK LUTES FERPEMOCLLAR TO OBSTRUCTION 


Figure 7.10. Two possible 
conditions for deck direction 

in a snow drift area. It may be 
possible to get higher spans in 
the case where the deck flutes are 
tp, perpendicular to the obstruction 
Ea than in the case where they are 
parallel to the obstruction. 


FX mason P46NLE To STEP 
THESE PLUTES TARE MARIA SNOWY 
ORT LOAD OVER A Weave 


pesul: 
Xe3.2m 
Figure 7.11. Snow load adjacent to the penth 
i w loading 
41. Drift area sno 
table 7- 


DRIFT AREA SNOW LOADING 


Note that under local Vancouver practice, downward wind is ignored in the drift areas. 

The worst case is where the deck is spanning parallel to the building step and examining the tables 
for three spans continuous, this loading is satisfied with a maximum span of 1.8m and 2.0m, while deck 
segments acting as a simple span would have a maximum span of about 1.7m. (It would also be possible to 
use (1.25/1.50)*1 + 3.5KN/m? = 4.33kN/m?, giving a maximum span of slightly below 2.0m if three spans 
continuous, and about 1.7m if using the deck in a location where it is in a single span condition. Note that 
these changes are not sufficient to warrant the additional calculation of reducing the dead load by 0.833). 

The other situation is where the deck is running perpendicular to the building step as shown in Figure 
7.12. Examining the factored loading diagram and doing a quick analysis we find the following results: 


1.5(3.5 KN/n?) +1.25(1.0 KN’m’)=6.$ kN/m’) 


am LS(1.58 kN/im’) +1.25(1,0 kN/m’)}=3.6kNim") 


{tuftrrry 
i te 


j struction 
Figure 7.12. Effects of snow drifting when deck flutes are perpendicular to the obs 


negative moment and factored positive 
edure would be used to evaluate a situ- 
ng. The typical situation would 


Comparing the results for a 2.1m deck span we find that facmee 
moment are all within the capacity of the deck. The foregoing proc . 
ation where it is difficult to locally change the deck gauge or support spact all 
be to design the deck using the method shown for deck flutes parallel to the wall. 
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and members parallel to the deck 
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coating ( galv 
de of the deck 
ches (Z075) are use 


lot applicatio ‘ 


ot present 
~ 1 deck is puddle welded 
following reasons: g member has a positive connection to the deck, as the deck a 


tin : : ‘ 

1) So that the meet ting member. Unless specifically requested on drawings the aan 4iaP bree, 
sere fo members that are parallel to the deck span. This results in these = instaign 
will not fas = bane jaterally supported. To avoid this issue diaphragm notes chs Mbers i 
having their top he top flange of all members that are in ¢o, uld Cleay 


t 
eck is to be fastened to x 
pa ee those members that are parallel to the deck span. acs vA x 
2) se eat uli forces from the wind can be transferred to the supporting diene 
90 


4) So that the deck diaphragm capacity is improved; See capacity is hj 
~ gutes of the deck are puddle welded to support ngmembers. 

In the case of floor deck, t0 help provide sOme: composite action to redtics vibration 
welding of the deck does not provide sufficient shear transfer to consider the slab as = tle 
for strength calculations but it is sufficient to help reduce vi brations. MPosite 


to supporting members 
for the 


ghest When a 


4 


= 


two types of 38mm deck: RD938 and RD38. RD38 js 


hould be used. (A similar comment can be made about 10 longer 


VicWest® catalogues sometimes list 
floor deck 


available and properties for RD938 s 


with HB938 and HB38 — use HB938). ir . 
Acoustic deck is sometimes specified for use where it is desired to soften some surfaces 


noise levels. Acoustic deck works by having many holes punched in it after the zinc Coating process 

completed. After the deck is installed, an insulating material is placed within the deck ribs as a a 
absorber, Because the deck holes must work with insulation behind to absorb the sound, acoustic ta 
is never used for floor deck. The holes and backing insulation absorb sound waves instead of reflect; k 
them, and the result is a lowering of the sound level. There are, however, a few drawbacks with the 43 
of acoustic deck from the designer’s standpoint. oa 

+ The first of these is the holes reduce the capacity of the deck by about 10% and this should be 
included in the calculations when choosing the deck gauge and support spacing. 

+ The second structural drawback is that acoustic deck is hard to get in thicknesses greater than 
0.9]mm and the availability should be checked prior to specifying acoustic deck with greater 
thickness. 

+ The third drawback is that as the holes are added after the zinc coating is applied, the edges 
of the metal at the holes are exposed. (The holes are small enough that they would be plugged 
if galvanizing was applied after the holes were added). This lowers the corrosion potential of 
the deck. For this reason, acoustic deck should never be specified for outside or for corrosive 
environments such as swimming pools, 

. Acoustic deck connections to supporting members will be weakened if the bottom flange of 
the deck is also perforated by the noise-reducing holes. If the bottom of the flute is perforated, 
screwing down of the deck is not recommended and puddle weld capacity will be reduced. 


to reduce 


‘Daren pa most buildings is that areas of the roof not subject to snow build-up should 
jaiel stare ae for 38mm deck and 2500mm to 3000mm for 76mm deck. 

Sees racers Seay overstress is to use a double layer of roof deck. The capacity will then 
between the two sheets) Not - i =e ecting independently (there is no composite action considered 
Fghs tic eeiar li . all deck sections have the ability to nest together. It may be necessary to 
tages Biondi tretsiiat “ i. upper deck so that it will fit over the lower deck. If possible, the bottom 
that any moisture that gets in Hales com iD allow for some air space between the two sections S0 
Bitte of a second sheet 4 uring the installation can dry. Only the top sheet is button punched so the 

et does not assist with diaphragm capacity. While this procedure is an option it is 
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css ae illustrated in 
7128 
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hole size side of opening. (Angle is just supported 
soomm porting structural member). 


lar to flutes: 
% Weld to 
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ROt 90 to Sup- 
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ast ; 
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Figure 7.13. Local rej 
13. inforcement 
roof deck has been installed at q war 


drain. The reinforcement of such holes 


is covered by the CSSBI 
Table 7.12. poi 


78 DESIGN OF COMPOSITE FLOOR DECKS 


1 floor deck is used with concrete topping. The concrete toppi i 
ey ora wearing surface of tile or carpet may be added sheen ae ea 
Similar to roof deck, floor deck comes in two depths: 1-1/2 inches or 3 inches. The profile of steel 
floor deck is often similar to that of the manufacturer’s roof deck, but floor deck has added indentations 
(‘embossments”) to make the floor composite. The steel deck acts as formwork for the wet concrete and 
as positive reinforcement for the composite slab. A composite floor deck ready for concrete placement is 


shown in Figure 7,14. 


Figure 7.14. Composite floor deck ready for 
concrete placement. The rebar is in place and 
chaired. The deck is clean and free of standing 
water and any dirt, sawdust or construction debris. 
The deck fastening and installation is preferably 
reviewed prior to the reinforcing steel being 
placed. Note the indentations in the deck to make it 


act in a composite manner 
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seek designing composite floor | | 
- on under fresh concrete including ponding (accumulation of 
1) Check deflection under of L/180 or 20mm is & normal limitation. 


construction load during slab pouring. 
concentrated construction load. 


city of composite section. : 
4) Check shear-bond cape compressive stress in composite section. 


5) Check maximu ile stress in composite section. 


Concrete due to 


Fortunately, these steps have been included in the manufacturer’s literature as shown in the Fi 
‘ortunately, 


Bure 7, 
from VicWest® for the HB308 deck. 4 
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oh to act as a form, the capacity of the composite deck ieee Of the slab, the ability of 
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Figure 7.16. Detail of floor deck design chart 


The determination of the deck capacity from these charts requires the following steps: 
1) Determine the thickness of the slab, which includes the topping and the deck itself. For a 76mm 


4 


= 


deck with a minimum 65mm topping (63mm or 2.5 inches in imperial units), the minimum slab 
thickness will be the sum of these or 141mm. The capacity for a composite slab of 141mm 
thickness is given in the column near the left of the chart. The most common thicknesses of slab 
to use are the minimum concrete topping of 65mm, giving 141mm overall slab thickness, and 
115mm of topping, giving 191mm overall slab thickness. The 115mm topping is often chosen 
as a two-hour fire rating can be achieved without having to spray the underside of the deck with 
fireproofing. Unfortunately, the deck charts usually do not provide results for this 191mm slab 
thickness and results must be inferred from the 176mm slab thickness. 
The deck gauge is given at the extreme left — the usual choice being 0.91mm deck. 
The span of the deck is determined from the layout of beams in the conceptual design. Let's say 
3000mm was selected for the deck span. The permitted superimposed load for the composite deck 
then would be 9.9kPa. This is for the allowable superimposed load — the charts have allowed for 
the weight of the slab (as shown in the note at right) so the designer has to compare the specified 
load (usually Live Load + Partition Loading) to the capacity given, 
The chart shows several spans where no capacity value bas been provided; for example, no 
capacity is provided for a 0.91mm deck with a 176mm slab thickness in a 3200mm span condition. 
This is because the deck needs to be shored for concrete placement where the values are Bot B1E% 
and it is usually not economical to shore metal deck for concrete placement (extra labour 
obstruction to construction activities below). Contractor expectation is that yon have or 
your deck to have the concrete placed without shoring, and if shoring is required it s 
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w should be tO or three spans continuous to aid in its resistance to Pies, the specified loads desired 
bu ‘The concrete 00 the floor deck will usually be reinforced to reduce crack; concrete, 
to give the deck-slab a negative moment capacity. The eae but this reinforcement 
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Differential stress 


of deck section giving positive and negative min Gives positive moment Capacity ft 
moment capacity. as simple span, i! io ae the positive moment capacity and no increase is given for the & Composite deck is based 
Cartied by webs of flute, governed by web Carried by shear capacity of deck rein fe 7 ontinuous over two or more spans. Span tables include capacities for ty of the composite deck if 
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tice is seldom checked. Keep the fi In prac. 
of the slab less than 32, n/ deoth 


inertia of deck section, can take advantage of 
continuity. 


capacity, F 
4 ; re : oe onsidered to be continuous. In the concrete system we consi Pyaar 
Graphically, the representation of the different stress regimes in the deck is shown Figure 7.17, ba on beam and attribute additional load to the first interior apa to be present in } 
[ ae: Wer os 7 HARO_ | +E COMPRESSION ON gjon on the edge beam and no increase in load for the first interior Seka A cecplon mare 
| a ' CONCRETE CONGRESS tebaviour of concrete slabs and concrete on a metal deck is shown in Figure 7.18. assumed 
SX [EST] — remo Vines 
FLOOR DECK WITH DECK COMPOSITE 
WET CONCRETE STRESS FLOOR SYSTEM 
Figure 7.17. Change in the stress regime of the deck when it goes from acting as Figure 7.18. Comparison between the 
hed assumed behaviour of concrete slabs and 
Concrete on metal deck 


form for the wet concrete to a composite section with the hardened concrete. When acting asa 
form for the wet concrete the deck is a bending element, but when in the composite condition the 
deck is acting as a tension element and is equivalent to reinforcing bars in a concrete slab 


The composite deck system can carry much more load than the deck acting alone, as the full deck section 
is in tension and the lever arm between the centroid of compression and tension forces is much larger in 


the composite system. 


7.8 COMPOSITE STEEL FLOOR DECK DESIGN 


= 1 VicWest® HB308 (75mm deck) with 0.91mm thickness and ZF75 Galvanizing and 65mm 
a eae used for 3.2m spans. The deck is designed for a live load of 4.8kPa and a partition / 
echanical load of 1.0kPa. The deck will be placed in a three spans continuous configuration. 


Care should be taken that the tables used for evaluating the composite deck capacity have the correct 
galvanizing finish used, The galvanizing can affect the shear bond and hence the composite deck capacity. 
For some spans and concrete thickness it is possible for a deck with ZFO75 galvanizing to have almost 
50% more live load capacity than a deck with Z275 galvanizing. ‘ZFO75 is referred to as “wipe-coat” or 
and ig often used where corrosion is not excessive. Z275 galveaizing is heavier and is 
ber after the Z refers to the total weight of galvanizing on both 
ZFO75 finish on floor deck in buildings 


“palvannealed” 
used where more corrosion exists. The hum 


Solution: 
sides of the deck in g/m? of coating. The usual practice is to use 


The first and easiest solution is to examine the VicWest® tables and examine the load capacity listed. 
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- i ing thi EST® HB936 WIT 
thal are environmentally tv deck slabs with similar deck section and topping thickness, Wii ata exA mpLe-viCw H 63MM TOPPING 
eo 
cote ali is shown in Figure 7.19. = Sten otal de ck height = 38mm + 63mm = 101mm. 
abn > Base St — oS 
1) (oe a Nominal 1| gjab weight is given as 1.89KPa, 
Nominal span | Span SPO" Span Thickness | Span} Span’ Span Spin Concrete volume is given as 0,078m3/m?, 
Thickness 5 
(even) 


Concrete Weight = Concrete volume * concrete density of 2300k g/m} 


82 82 4 3 
ee i BRENRE 2300ke/m? =22.6kNim 
Pe 3/m2 * ey 
0.91 < 66 66 66 Concrete Weight = 0.078m*/m? * 22.6kN/m> = 1.76kPa 
3000 606 «66.0 
3400 [sted Slab weight | 
HB 308 x 0.91mm deck with 7-275 Galvanized HB 308 x 0.91mm deck with ZF- 75 Galvanneay =4 | 
pease deck ih 5m cme top 


Figure 7.19. Comparison of the composite deck capacity for composite deck 
with Z275 and ZF75 finishes, The increased thickness of galvanizing in the Z275 
deck produces a lower shear bond between the concrete and the deck and the 
rated capacity of the deck is in some cases reduced by about 40% 


0.13kPa = 13.3kg/m* This corresponds to HB938 x 1.22mm deck. 


es of concrete, and hence assumed weight of slab, can vary depending on 
here selected by the contractor. Calculations should be based oa a potest te 
weight, this would mean the heaviest slab weight for the deck sections shown on structural drawings as 
being approved. Chien and Ritchie in Design and Construction of Composite Floor Systems also recom- 
mend that an increase 1D the concrete weight be allowed for the defection of the deck due to ponding under 
the wet weight of the concrete. 

Slab thickness can vary from that desired if laser levels are used for setting slab elevation. If beams 
are cambered, the thickness of the slab may be less than desired if the camber does not come out under 
the weight of the wet concrete. If the beam deflects, additional concrete will be added to bring the level 
up, adding unexpected weight. It is best to have concrete thickness measured from the deck itself rather 
than an arbitrary reference point. 

516 Clause 17.1 requires that the minimum concrete thickness be 65mm “unless the adequacy of a 
lesser thickness has been established by appropmiate tests.” As a result of this onerous requirement, or 
possibly because of the difficulty of fitting reinforcing into a thinner slab, the cover slab thickness for com- 
posite decks is never less than 65mm. A233 Clause 21.10.7.2 requires that composite concrete toppings 
on steel deck may be used as a diaphragm only if they are at least 60mm thick. Steel deck composite tables 
almost always use 65mm as the minimum topping thickness. As a working surface for a seldom-accessed 
fan room, a 25mm topping may be used with deck, but this would not be considered a composite floor 
system and, in this case, the deck should be designed to support the weight of the topping as a dead load 
along with the live load. With a 25mm thick topping, the capacity of the deck is based on the deck acting 
alone, similar to roof deck. 

All steel deck tables have warning messages against the use of deck with concentrated loads or mov- 
ing loads. The Building Code has a requirement for concentrated loads that must be carried by the deck 
system and these requirements are often included in the calculation of deck tables published by the deck 

manufacturer, However, large moving point loads would include forklift or other similar construction 
equipment on the deck that can cause the concrete to delaminate from the steel deck and result in a radi- 
cal reduction of capacity of the floor system. To address this issue, some of the deck Lempert ba 
procedures, some of which are published, for determining the resistance of a composite deck subject 
to point loads. 7 

Calling up composite steel floor deck requires several items to be shown on structural drawings 
including: 

* The direction of the deck flutes. : 

* The depth of the deck (40mm Nominal or 75mm Nominal) 


Reinforcement for the concrete on the steel deck should satisfy A23.3 rules and provide 0.002 times the 
area of concrete in each direction using only the cross-sectional area of concrete above the flutes N 

additional reinforcement is added for the concrete in the deck flutes as they are assumed to be relnfoteed 
by the deck steel. Reinforcement can be in the form of welded wire mesh or reinforcing bars. Reinforcing 


bars are easier to control in terms of getting the bars in the centre of the concrete. CSSBI recommendatio 
for reinforcing are as shown in Table 7.14. 


Table 7.14. CSSBI Recommendations for reinforcing 


Topping thickness over flutes (h,) Area of reinforcing (mmm? /m) 


Usually a designer will choose which type of deck is to be used (76mm x 0.91mm is common for floor 
systems on steel beams, while 38 x0.91 is common for floor systems supported on open web steel joists) 
and then determine the maximum span between supports such that shoring of the deck is not required 
during concrete placement. The composite deck floor tables tell the designer where shoring is required 
during concrete placement by not giving deck capacity values if shoring is required. 


Tables given by the steel deck manufactures list “slab weight” and concrete volume. Back-calculating 


the weight of concrete using the standard wei i i 
0 ght shown in the deck manufacturer’s table will usually show 
that the weight of the deck itself has been included in the slab weight. ; 


SLAB THICKNESS 
hmm) 
Slab Weight, W,(kNin?) 
Concrete Volume, (mim) 


1.89 
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wae thickness of the concrete topping. 

a possible, deck elevations or te t 

‘ reinforcement for the concrete topping. 

Details such as the requirement 0! 

the spacing of fasteners at deck si 

even if this information is provide 


7.10 STEEL FLOOR DECK AS FORMWORK 


In British Columbia, there is an unresolved debate between Work- 
SafeBC and the Canadian Institute of Steel Construction (CISC) over 
the appropriate loads to be used when designing deck as formwork. As a 
designer of floor deck you are in the middle of this debate. The position 
of WorkSafeBC is that steel floor deck is formwork and as such should 
be designed for the same loads that formwork is subject to. This means 
that the floor must be capable of carrying the weight of the concrete 
as a live load (Load Factor = 1.5) simultaneously with a live load of 
2kPa (40psf) (also Load Factor = 1.5). CISC meanwhile feels that the 
Wet concrete can be treated as a dead load (Load Factor = 1.25) and the 

live load simultaneous with this load is 1kPa (20psf). The steel side of 
the debate claims that WorkSafeBC is the only organization in North 

— ee the 2kPa (40psf) live load on steel decks during 

Placement. The span tables produced by the deck manufacturer 


ed, the desired thickness shoulq be cal 
ed 


the fact that the deck is sloped should also be shown on fis 


t of having three spans continuous, the type of deck fasten; 
en de laps and to steel structure should be given in oan 
din specifications. A typical detail is shown in Figure 729." 


Figure 7.20. Calling up q 
composite floor deck on drawings 
The direction of the flutes can 
be clearly seen along with the 
thickness of the deck, type of deck 
and the concrete thicknesses and 
reinforcing can be seen quickly 


8. Loads for the deck 
acting as a Form 
include Slab Weight, 
W, anda 
construction load of 
1,0 kN/m? (21 psf) 
Uniformly Distrubuted 
Live Load 
OR 
2.0 kN/m (137 Ib/ft) 
Transverse Live 


w 
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RUCTION “SITE OBSERVATION” OF FLOOR AND ROOF DECK 


n” of steel deck ed of baat: me pile? of shop drawings and a site review of 
qe “site 0 ‘astalled. Review of shop Rela c necessary to venify if the assumptions of span continuity, 
; ‘t thickness are being met. ield review is performed to verify that the side-lap fastening 
pS f the deck to supporting members has occurred at the spacing and locations requested. 
he taken t0 verify that connections to members parallel to the deck span have been performed 
re sho d onnections have occurred at the location of shear lugs and drag struts that are not part of 
4 that deck oes of deck connections on the project. Puddle welds should be 19mm (3/4-inch) diameter 
nd the full perimeter of the hole, and there should be no relative movement between the 
eld arou ber and the deck when stepping near a puddle weld. Puddle welds require that the deck 
<upporting ae good puddle welds are unlikely to be achieved if it is raining. If there is any question 
cu d oeeas of the puddle welds, a testing agency should be consulted. The contractor will also 
eto the effect wn agency to do this work. If pins are used to fasten the deck to the supporting frame, the 
opoald be measured and confirmed that they are within acceptable limits. Button punches 
d to see if there is a dimple present in both sheets. Floor deck is usually observed by the 
esentative twice, once when the deck installation has been completed and once when 
r mesh is in place. Field review should also confirm that reinforcement has been 
und openings that disrupt any webs of the deck. When Teviewing composite deck installation 
Jaced a acl d be checked to make certain it has the indentations necessary for composite action. If the 
the deck composite, there are two choices: : 
deck 1s nO the deck removed and replaced with composite deck. 
1) yee rr steel to the flutes of the deck to provide sufficient positive reinforcement for the 
ge ete ignoring the deck steel. This will involve calculation on the part of the designer. 
one ck should be clean and dry at the time of concrete placement. The designer should request 
Cone cleaned — possibly by blowing off with high pressure air — if the deck surface is dusty, muddy, 
ss water, has sawdust or other substances present that will disrupt the bond between concrete 


and steel deck. 


coNnsT 


atio 


is repr 
inforcing steel 0 


7.12 STEEL SHEAR BOND CALCULATION 


Load tables often give a series of numbers of either k, to ky or ks and kg that are used in computation of 
the shear bond capacity. These values are used in the shear bond equation giving V,. An example of this 


might be as follows. 


EXAMPLE—CALCULATE STEEL SHEAR BOND 

These equations can be found in the CSSBI Criteria for the Design of Composite Slabs: 
V,=0, vord| ths ast | 
An alternative equation is: V, = 9, *8 +|% i ‘| 


where b = unit slab width = 1,000mm 
d= distance from extreme concrete compression fibre to centroid of deck 
d= 141mm — 48.0mm = 93mm 
t = base steel nominal thickness, mm. 
9 =0.70 
I' = shear span = span / 4 for uniform load 


Apply this to uniformly loaded deck with t = 0.91mm with 65mm topping and 3200mm span. 


Apply the values given: V, = 8, vod] ab eky th 
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* 0.3260 = 21.221 N = 21,.2kN 


Ve 0.7* 1,000mm * 93mm 


Determine maximum factored load max including self-weight 


(3.2m /2)* Gmas = 21,2kN 
13.26kPa 


~ 1.26iPa bOI EEO) 7 ARP 
eet a 


7.13 COMPOSITE DECK MOMENT CAPACITY CALCULATION 


Moment capacity of composite deck sections is computed assuming that the deck i8 acting as the reinfore. 
ing for the composite section, setting up a situation where the deck is in tension and the upper part of the 
conerete is in compression, The most typical case is that of a section below the balance point (that is, the 
quantity of steel is such that all steel can yield before crushing failure of the concrete occurs), This can 
be handled in the following manner: 
A,*F 
Compute c/d = O8S*/' *b*d*B, 


Umar = 


where: A, = Area of steel in deck in 1,000mm width in mm? 
F, = Yield stress of deck in MPa (usually 230MPa) 
f', = Concrete strength in MPa, 
b= 1,000mm 
d= depth of steel centroid in composite section from top of slab 
B, = Concrete coefficient = 0,81 for f', =25MPa 


1) Compute e/d for balanced section and check that 


cf d( bal) » 29% (h=d)) 
(609 + F,)%d 


section of interest is below this value: 


where; h= height of Composite section 


dy = depth of deck (76mm or 38mm) 


2) If c/d for section is not t efer 
f below the bulanced i 
Atetee ' eh value, then the followin t id, 
information for determining the moment Capacity of seein Oo a oink 
3) Compute the depth of Compression block a = —A°A, *F, 
O8S*9 oF) 


Where }, 2 Capacit 
Y Peduction factor for gt 
Stele reinforcement is not used in steel ‘Topeka Note that the standard value of 0,85 for con- 


Mt capacity calculations, 
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pacity reduction factor for concrete = 0,65 


=Ca 
$. M,=0.°4,*F *(d-5) 


1) Moment resistance = 
Compute the superimposed live load that can be supported as follows: 
2) 0) 
wth 
mo 
sere W, = Faetored loading = (Live load *1.5) + (Dead lod including stf-weight * 1.25) 
wher 
The live load capacity controlled by moment is only one of several checks to be made. If the live 


acity due to moment is greater than the live load capacity determined from shear bond calcula- 
er e shear bond calculation will govern the live load capacity. 


Note: 
Joad ca 
tions, then th 
pLE~CAPACITY OF COMPOSITE DECK FROM FIRST PRINCIPLES 

moment capacity and live load capacity of a composite deck section having the following 
= 1513mm?, f', = 25MPa, 65mm topping on 76 x 0.91 deck giving overall height of 141mm, 


EXAM 
Compute the 
properties: Ay 
d= 93,0mm. 
A, SF 1513:nm? *230MPa 021 
i () 
cd = Fase f', *b*d*B, 0,85*25.MPa*1000mm*93,0mm*0.85 

609 *(h-d,) _ _609*(141mm — 76mm) 


cl d(bal) = Coy F,)*d (609 + 230MPa)*(93mm) ~ pet 
OK, as c/d < c/d (bal) Section is not over-reinforced and remainder of sections apply. 


$,%A, *F 0.9 *15 13mm * 230MPa 
le 


= 2 = 24.6 
“0.85%¢ *f', *b 0,85 *0.65 *25MPa*1000mm 


a 


a 
M, = "A, *% Mideed 


M, = 0,9*15 13:7? *230,0005 + 93mm ~ Sr * 10-°mm/m? 


M, = 25,27kNm 


Determine maximum superimposed live load that can be supported by the deck if span is 3200mm 


wi #32? 
M2 — = 25,27 kNm = 220320 


25.27kNm *8 
(3.2my 


If slab weight is 2.14KN /m?, LL = 11.4kPa 


Solve for Wy = = 19,.74KN /im 


Note that this is considerably greater than the LL found by shear bond analysis and therefore in this case 
the bending moment is not the governing criterion, 


7.14 COMSLAB® DESIGN 


ComSlab®, manufactured by Bailey Metal Profiles, is a relatively new type of floor deck that has an 
* inch (208mm) depth. The product was previously known as ComFloor, The deck section is used only in 
“onyunction with concrete as a composite system; it is never used without concrete as a roof deck. With 
“cover slab of 65mm, the depth of the section can be as thin as 265mm and at that depth can easily span 
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158 st® sacement, and SPS of up to 4.5m can be achieved yj 
ep ¢ 


: ncret ited to clear spanning betw. 
am f shoring is used dune con enakes the product well sul piper 


Orin, 

: : lineg 8 

ment. This ma has been used in hotels, prisons and schools, By cleargne tin 

curing th building and the ogee of the framing system over the room can be faq. eatin 
the 


i . For examp| 
II lines, the struc” tal deck on steel beam systems example, a 26 
tructural ‘eg required with are veoporting a partition load of 1kPa with a live toad 
8 ily span 7.4m § 


ing with 65mm toppin: 2 kp, 
© system can easily -o standard steel framing wit! PPing on 38 deck 
ComSlab® sy ice load of 3.4kPa. ara elk of 463mm. In this case, the use of the Comsiaye 
es vides a ceiling without beam lines, 


® spans greater than approximately 3.5m Need shor; 
0.91mm, ComSlab™ spa shorin 
_ ae rmwork loads may also be of concem. The ComSlab® catalogue tiv a 
the issue of WorkSafe span: (1) maximum unshored span for a live load of 1kPa, and (2) may; "° 
values if Sie joad of 2kPa. For projects in British Columbia, the 2kPa construction lve loa 
unshored span 


should be ec cing bars tat are placed in each deck flute provide much of the moment resis 
The reintor 


Slab® decks ComSlab® tables are used to determine the bar size required to match the span a 
ComSla' . 
= or | system the designer should show the following information: 
: ras ead and extent of the ComSlab® giving the direction of the webs 
; The thickness of the deck (this is restricted to a choice of 0.91mm or 1.22mm, as ComSlab® fey 
not have 0.76mm or 1.52mm) 
«The thickness and concrete properties of the topping 
+ The reinforcing in the flutes 
+ Any reinforcing or special details required for the deck, including extra reinforcement to tie 
diaphragms to shear resisting elements 
* Details related to support of the deck at span ends 
* Appropriate notes including a flag when shoring is required. 


EXAMPLE—COMSLAB® EXPRESSED ON STRUCTURAL DRAWINGS 
The information shown on drawings is similar to that for standard composite deck systems. The only dif. 
ference is that with ComSlab®, the reinforcing in the deck flutes must also be called up as this is selected 


by the designer. The example shown in Figure 7,21 still refers to ComFloor, 


refer to ComSlab® but current drawings should 
er to Comsiab”., 


'OO R/C SLAB OVER 
200 (NOM.x122 COMFLOR 
COMPOSITE TYPE FLOOR 
REINFORCE SLAB WITH 


nd support, possibly including steel beams, will be requi 
~edures 4 


7.15 


The “plate 
floor system . 
are very 


1) 


2) 


3) 


4) 


Jab will have 
ur fire rating It 


i. i 
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b® can be found in the Jiteratur i 
| ce ComSIa € produced by Baile 
fo = ‘« becoming more common in Western Canada and Sadia een hes 
‘ ig More 
ae when designing ComSlab® to locate Openings away from deck flutes, as special 
+48 Special 
Ted at locations where the deck flute 


; While ComSlab® wi 
ave a one-and-one-half-hour fire rating. If you are attempting to use ComSiat® fe m 
may be necessary to add additional fire proofing bel ora 


Ow. Research is a fe 
should check with the deck manufacturer for updates. Ongoing in this 


“OTHER” SYSTEMS FOR THE 
MATERIAL SPANNING BETWEEN BEAMS 


» that sits on top of the steel beams is not always a roof deck system or a composite concrete 
The following four options are occasionally encountered in typical building design and some 
common in industrial structures. . 
Glass: Structural steel supporting glass is most often encountered in canopy design and support 
of window walls. While the design of the glass is usually by a speciality engineer, the design of 
the back-up system will usually be designed by the building engineer. The glass should not be 
considered as a diaphragm for restraining the structural steel. 
Checker Plate: Checker plate is formed by adding indentations to steel plate to provide a surface 
that is less slippery than an undeformed plate. Typically checker plate is encountered in non- 
public stair landings and catwalks, although it may be encountered in stairs where the architect 
has desires to be “edgy.” Checker plate is typically in 6mm thickness, although greater thickness 
can be special-ordered. The feel of a checker plate area will be “lively.” 
Safety Grip Channel: Safety grip channel is a manufactured system that is occasionally used 
for longer catwalks or emergency exits. It comes in thickness of 2 inches and 3 inches and is 
typically galvanized. The channels are clipped to the supporting structural steel and should not 
be considered to be a diaphragm when considering the unsupported length of the supporting 
members. Structural drawings should clearly show the size, gauge, and orientation of the safety 
grip channel sections. When used as a work platform or catwalk where there are workers below, 
there should be a 6mm thick by 125mm high “kick plate” at the edges to avoid tools and pieces 
from becoming falling hazards. A guardrail will also be required at edges. 
Metal Grating: Metal grating is also a manufactured system that is occasionally used for longer 
catwalks or emergency exits and may be used as a work platform, It comes in thickness of 1-1/2 
inches and may be galvanized. The metal grating is clipped to the supporting structural steel 
and should not be considered to be a diaphragm when considering the unsupported length of the 
supporting members. When used as a work platform or catwalk where there are workers below 
there should be a 6mm thick by 125mm high “kick plate” at the edges to avoid tools and pieces 
from becoming falling hazards. A guardrail will also be required at edges. 


| 


i ion is the conceptual layout of the framing system. The lay; 

The real art in a eae and cficieat system is an important first step in are z 
beams and ar will break down to laying out beams in rectangular bays, special problems ie 
— re ag edges and awkwardly shaped areas are all too often part of the design 
ane ducts, elevators, and stairs must be accommodated in the framing grid. Ducts an 4 oe 
as often pierce beam webs and may affect the size and type of beams selected for the floor system. Ths 
chapter will review some of these framing issues and the challenges that arise. In addition, we wij] review 
and try to simplify some of the Canadian snow drifting requirements for the frequently encountered case 
of a roof step or regions of a roof located near a mechanical penthouse, and we will discuss the effect that 
this snow drifting can have on the layout of roof beams. 


8.1 GUIDELINES FOR LAYOUT OF STEEL FRAMING 


Many framed areas are rectangular with the repetitive beams running perpendicular to the girders. The 
designer lays out the beams to give even spacing between the columns, keeping in mind not to exceed 
the maximum span of the deck. While variations exist, depending on designer preference, deck capacity 
and loading conditions, a starting point for typical spans of floor and roof deck in non-drift areas would 
be as shown in Table 8.1. 7 


Table 8.1. Deck capacity and loading conditions 


For most suspended floors and roofs there is a rec 
take the loads from the floor and roof framing to 
is necessary to design beams and girders to fram 
a single bay of framing. 


tangular grid of columns that provides a load path to 
the foundation level. The grid of columns means that it 
¢ in two directions, as shown in Figure 8.1, which shows 
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MING = 16] 
DECK CARRIES 
LOAD TO Beis 
= BEAM 
= iS 
4 
BEAM COLUMN 
LOAD To moran 
i ri 
Q BEAM g 
o G 
BEAM 
+= BEAM at 
Figure 8.1. Single bay of ‘framing 
: i lements and the beams must be picked i ich i 
and girders are linear € Picked up by the girders, which in 
The isi layout run perpendicular to the span of the beam and parallel to the Span of the deck. ae 
rectang stability, ease of erection and plumbing of columns, it is preferable if columns have beams fram- 
Lai! them from two directions. Adjust framing of each bay such that there is a beam on each column 
nf aa places the load of at least one beam line directly into the column without having to be carried 
ine. 


irder and provides a direct brace to the column. Unless there are Sere = 
: 8 drifting or floor Opie ears aan evenly along the supporting girders. Figure 8.2 
ree two unequal bays; the framing on the left with a beam on the column line and each lide 
: ed is the preferred option. z 


spac 
fear Sea aot | i fol a oho 
BORGGeer ee 
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Figure 8.2. Options for beam layout with two unequal bays of framing 


Selection of column spacing will often be determined by the functional requirements of the space pert 
the columns sit. In buildings with defined rooms such as schools or hospitals, columns are paar 
so they don’t hamper activities occurring in the rooms below. In buildings such as big box — Ms 
houses, which have large open spaces where columns can be tolerated, the column spacing WI ae i ; 
be chosen to be uniform. As there is a relationship between the span of the beam and its ee 
of columns may be limited by the available structural depth. The weight of structural s ae 
the span increases, which will also have an influence on column spacing. Assembly occupancy 

of a hotel lobby is shown in Table 8.2. 


i ieee 


82kg/m / 75m = 10.9kg/m? 163 


girder weight = 
ol eight of structural steel (not including columns) = | 5 64g) 
‘m? + 
ee 10.9kg/mn2 
tural steel weight in the floor j 
11 be less struc : in the floor if the spaci 
here alysis from the previous exercise using a ‘ean sake between Columns is kept 
ing he M9 5m, We find that the weight of the floor members ig oe that feeras down. Repeat. 
125m ted in the graph and chart shown in Figure 83 and Hiece in the grid mae x 10m and 
* 2 1S lower. This 


® es ee W790 134 ; 


GIRDERS FOR A FLOOR BAY — 


floor bay to carry the load of a hotel lobby. As ‘ 
dat 2.5m oc. Deck is 76mm with 65mm tonplagtne 
~ ‘ere 


£-DESIGN BEAMS AND 
and girders for a 7.5m x 7.5m 
t bays. Beams are to be space 
ctions as to beam depth. 


Design the beams 
Jar sizes in adjacen 
are no architectural restr 


Solution: 


Design beams and girders and compute weight. 


Beam design: Span = 7.5m, Tributary width = 2.5m 


M;= wL2/8 = 25m * 11 SkN/m? * (7.5m)? / 8 = 202kNm 
From beam selection tables, the least weight beam that satisfies this is W410x39 


Try W410x39, M, = 227kNm 
* 4. 8kN/m? = 12.0kN/m 1, = 126x10°mm4 L = 7.5m Deflection = 19.6mm = L/ 382 


Beam Weight (kg / sq m) 
Girder Weight (kg / sq m) 
Total Weight (kg / sq m) 


w, = 25m 
Check span to depth: 7500/410 = 18.3 (OK — should be close to 20) 
Use W410x39 M, = 227kNm Deflection = 19.6mm = L/ 382 (OK<L/360) 


Beam weight = 39kg/m / 25m = 15.6kg/m? 


Girder design: Span = 7.5m, Tributary width 75m 
(The tributary width is 7.5m as we assume there is an adjacent matching 7.5m x 7.5m panel that also 
contributes load to the girder, so we get 7.5m/2 tributary from one side of the girder and 7,5m/2 tributary 


from the other side.) 
(Note that 7.5m x 7.5m = 56m2, This is less than the 80m? required for live load reduction for assem- 


bly occupancy loading.) 


7.5 
Square Bay Side Size 


M, = wL2/8 =7.5m*11.6kN/m? * (7.5m)? /8 = 611kNm ; wnpare 
From beam selection tables, least weight beam that satisfies this is W610x82 i "ae ail 
se aR es cre It might be argued that the there 
, economy of the steel is not j i 
cir ey using the reduced number of members nin lage MEW AS * 
um i j Pe 
r of columns and footings required. However, the almost doubling of the tea and gider weigh 


! 5 75m*4.8kN/m2 = 36kN/m I = 560x106mm! L = 7.5m Deflection = 13.2mm = L/ 566 OK 
eck span to depth: 7500/610 = 12.2 i con ae 7 other confli 
Cc pn dp 0610= htm be ts spi’ 20 bo paien | st Ai from a ba x 7.5m to 125m x 125m bay will have a significant influence 
: . eers, we us ith, including ficting ai 
abana pical beams) of ee structural depths and aise cham besa ae = a em 
or framing bays that are rectangular but not square, the framing will generally be better if the repeti- 


uv : 
ve element runs in the short direction. This is illustrated in the following example, Caution: This rule 
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wat steht 


164 seve 


ersed when open wed steel joists (C 
js fevers 


OWSIs. 


yWS]s) are used. We will review this further in the 


THE BEAMS AND GIRDERS FOR A HOTEL LOgpy 
Soh 3 and the beam span shown in Figure 8.5, design the beams q 
Table 8.. ery the toad of a hotel lobby. Assume similar sizes in adjacent eh 


EXAMPLE-O 
Using the data n ; 
sa x 10m floor bay to c8 


Hotel Lobby loading (Code Table 41.5.3) 
Partition (oad / finishes / suspended mech, & elect. 


65 topping on 75 deck 
Total load for Deck Design 


Girders 
Total load for Girder Design 


Beams Span Long direction Beams Span Short direction 


Figure 8.5, Beam span 

a) Beams span in long direction: 

Beam design: Span = 10m Tributary width = 2.5m 

My = WL2/8 = 2.5m * 11 3kN/m? * (10m)? / 8 = 356kNm 

From beam selection table, least weight beam that satisfies this is W460x60, 

Try W460x60 M, = 397kNm 

W, = 25m * 48kNim? = 12.0kN/m 1! = 255x10°mm$ L = 10m Deflection = 30.6mm = L/ 326 
Need I = (360 / 326)*255 x105mm4= 281 x10°mm?* 


Use W530%66 M, = 484kNm Deflection = 22. 3mm = L/ 449 


sed at 2.5m ole, Deck is 76mm with 65mm topping. There are no architecturay he Bean, 
are to be spaced) &= Strict, 
as to beam depth, 
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to depth: 10,000/530 = 188 (OK ~ shouldbe close to) 


check Kane * * 
per bay = 3 * 10m * 66kg/m = 1980kg 


peam weight 
75m, Tributary width [0m 
design: Spa 7 i there j ’ 
cirder width is 10m as we assume ere 1s an adjacent matching 7 
: tary from 


Tequired for live load reduction for 


try ar side.) A 
the oie 7.5m x 10m = 75m?, This is less than the 80m? 
bly Open) loading.) 
ype wl 1Om*11.5kN/m? * (7.5m)? /8 = 809kNm 
(= 


com beam selection table, least weight beam that satisfies ths is W610x101 
sry Wo10x101 My = 900kNm 
wy = 10m*4.8kN/m? = 48kN/m I = 764x10%mm* L = 7.Sm Deflection = 129mm =L/5790K 


: = 12.2 (the beam is much de 
x span to depth 750/610 1 ich deeper than span / 20 
ne heavily loaded girders tobe more stocky tan typical beans) is 


Use W610x101 Girder 
Girder weight per bay = 1 * 7.5m * 101kg/m = 758kg 
p Bea eg Span = 7m, Tula width= 2 
M, = wL48 = 2.5m * 11.3kN/m? * (7.5m)?/8 = 199kNm 
From beam selection table, least weight beam that satisfies this is W410x39, 
Try W410x39 M, = 227kNm 
w, = 2.5m * 4.8kN/m? = 12.0kN/m I = 126x10°mm4 L = 7.5m 
Deflection = 19.6mm = L./382 OK 
Check span to depth: 7500/4160 = 18.3 (OK — should be close to 20) 
Use W410x39 beam 
Beam weight per bay = 4 * 7.5m * 39kg/m = 1170kg 


Girder design: Span = 10m Tributary width 7.5m 
My = WL2/8 = 7.5m* 1) SkN/m? * (10m)? / 8 = 1078kNm 


From beam selection table, least weight beam that satisfies this is W610x125 (it might be argued that we 
should use the W690x125 that is highlighted but will save the 70mm of beam depth as the W610x125 
and W690x125 are the same weight). 

Try W610x125 M, = 1250kNm. 

w =7.5m*4,8kN/m? = 4,8kN/m I = 985x10°mm! L = 10m Deflection = 23.8mm = L/ 420 OK 


Check span to depth: 10,000/610 = 16.4 (OK a bt stocky ~typical beam would bs span/20 but 
would expect that with a loaded girder the most efficient size would be deeper than L/20) 
Use W610x125 Girder 


Girder weight per bay = 1 * 10m * 125kg/m = 1250kg 


s 
sTent POR € ANADIAN BUILDING 
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nd Table 8.4, Table 8.5, and Table 8.6 


¥ yf 
This is ittustrated in Figure 8.6 and Figure 8.7 a 


Results: 


as 


L W410x39 


‘ W610x 125 


Figure 8.6. Girder design 


Table 8.4. Beam weight 


Geam Weight | Girder Weight _| Total Weight 


Beams span long 1980 kg 758 kg 2738 kg 
direction. 
Beams span N70 kg 1250 kg 2420 kg 
short direction. 


3000 
2500 
2000 
1000 

8 OGirder Wi BBeam Wt, 
0 


Beams span Long drection © Beams span short direction 


Steel Weight (Kg) 


Figure 8.7. We save 12% of the steel weight by having the beams span the short direction 


Table 8.5. Panel deflection 


Beams span long 
direction, 


Beams span short direction, | 40mm | 
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joist FRAMING ISSUES me 


g.2 Ga luded tha : 
_ ays section, it was conc! it when framin 

inthe previ generally be better if the repetitive element Mae Probes rectangular, but not 

gamit Ye true when OWSIs are used. Repeating the previous ae It was ca ae a 
ed. re but sing OWS, his poi 
mple that follows, the joists are supported on girders and td poor 
a te weight of the girder. If the joists were to be supported on the weight saving comes from 
“in cal solution would be to have the joists span the short Sireciigtancy OF tilt-up walls, the more 

mpLE— DESIGN owsJS AND GIRDERS 
—EXA ta in Table 3.7 and the joists span illustrated in Figure 8.8, desi 


Hy 
@ in the ex 


red 


using 4 1 to carry the load of a hotel | gn the OWSIs i 
10m floor pane , el lobby. Assume similar sized adinns nt eet 
75m % paced at 2.5m o/c. Deck is 38mm with 65mm wpniagtien ares —- panels, OWSIs 
architectural restrict 
ions 


S vo girder or joist depth. 
Table 8.7. Hotel lobby loading (assembly occupancy) 
Load source 

vote! Lobby loading (Code Table 4.1.5.3) 


partition load / finishes / suspended mech. & elect. 


65 topping on 75 deck 
Floor Purlins (joists) 
Total load for Purlin Design 


wR 


+=) 


nN 


Girders 
Total load for Girder Design 


Joists span long direction 


a) b) 
Figure 8.8. Joists span: a) long direction and b) short direction 
a) Joists span in long direction: 
Joist design: Span = 10m, Tributary width = 2.5m 
Wy = 2.5m * (11.3kPa) = 28.3kKN/m 


A review of the tables shows that th is bi i 
t ey do not run to this high a capacity. Add one more joist to 
reduce the tributary width to 7.5m / 4 = 1.875m. ‘ + 


Wr = 1.875m * (11.3kPa) = 21.1kN/m 
Using the tables, determine economical joist is 800mm deep at 26.0kg/m 


DINGS 
ANADIAN BUILE 

RAL STEEL POR ¢ 
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w, = 1,875m * 4.8kN/m? = 9,.0kN/m 
Maximum service load for L/360 = 94% * (14kKN/m) = 13.2kN/m OK (9. 


) Deflenn 
ction 
Span “ 
10000mm , SANT M18 op = = 
360 13.2KN/ m 


Use 800 Deep OWSI at 26,0kg/m 
Joist weight per bay = 4 * 10m * 21,1kg/m = 844kg 
Girder design: Span = 7.5m, Tributary width 10m (Identical to 


(Note that 7.5m x 10m = 75m?. This is less than the 80m2 
bly occupancy loading.) 


Previous example) 
required for live load Teduction f 
or 


‘Mh. 


My = WL?/8 = 10m*11.4kN/m? * (7.5m)? /8 = 801kNm 


Span / 20 for floor beam = 7500/20 = 375, trying W410 
depth to at least match the beam depth (minimum depth 


Try W610x101 M, = 900kNm 


would be Minima 


™m but w j 
= 530mm), on Want 


Elrder 


w= 10m * 4.8kN/m? = 4. 8kN/m 1 = 764 x 10°mm4 
Use W610x101 Girder 


L=7.5m Deflection = 12.9mm = L/579 9x 


Girder weight per bay = 1*7.5m* 101kg/m = 758kg 
b) Joists Span short direction: 

Joist design: Span = 7.5m, Tributary width = 25m 

7.5m joists not listed use 8m tables 


For reasons listed, when evaluating joists Spanning in jon 
giving a tributary width of 10m / 5 Joists = 2m / joist 


r= 2.0m * 11. 4kN/m? = 22.6kNm Ww, =2m 
Try 700 Deep OWS! at 22.0kg/m 


g direction add one More joist per bay 


*4.8kPa = 9.6kN/m 


Maximum Live load to Satisfy 1/360 = 107%* 15.0KN/m = 16.05kN/m OK (>9.6) 
Deflection = am * a = 12.5mm = sean 
Joists Weight per bay = 5 * 7.5m * 22kg/m = 825ke 

Girder design: Span = 10m, Tributary width 7.5m (Identical to Previous example) 


My; = wL/8 = 7.5m*114kN/m? (10m)? /8 = 


ae as Pe we : reno. (Thi W690x125 girder is located at the top of the 
abies but try the W610 be eee 
tural depth will be lees) ‘am as the beam Weight is the same and th 


W=75m*4.8kNim? = 4.8kN/m | = 


1067kNm 


block in the 
overall struc- 


985x105mm4 | 


= 10m Deflection = 23.8mm =L/ 420 OK 
Use W610x125 Girder 
Girder weight Per bay =] 10m * 125kp/m - 1250kg 
. Joist and beam arrange 


ments illustrated in Figure 8.9. Beam Weight is as shown in Table 8.8. 


Joist and 
ol i 5 5 angement in tect ce 
| e| § & 5 ay with ‘angular 
ag ape g 3 ing etitive eleme 
z sg by 8. a) in Short direct; 
nd b) in long “on 
Watt ie 


40m 


— — Ss ae 

| W610x125 I ao ~800 DP ows, => 1 
Te! 1 ieee 
g rd ri g 3 EH fea i iS 
jf 8 SS 8 8 f—_enpolll : 
! 8, 8 = 5 , 
BR, FL OF ol [-—~moeowsy 
Heth 000 ows) 

+ W610x126 

a) b) 


Table 8.8. Beam weight 


| Joists span long direction 


| Joists span short direction 


As shown in Table 8.8, from a steel wei 


ght standpoint, the most economi 
the long direction. This comparison c 


cal solution is the joists Spanning 
an be expressed best in the bar chart shown in Figure 8.10. 


Figure 8.10. Comparison of 


= beam weights and lengths when 
x Joists or beams are used in 

5 rectangular bays 

= 

= 

H 

a 


Beams Beams OWS) OwWSJ 
Long Short Long Short 


Wide-flange beams span 
long direction 


Wide-flange beams Span 
Short direction 


Joists span long direction 


Joists span short direction 


“AN ADIAN pil pincs 


170 grpvicTURA | 
-_ pegentially 0 change 0 deflection at bay centrelines whea is 

hown in there ass results 10 lower deflections in this case. Using las 

etd with j 

ae from four framing schemes 


-< more space under the beams when they span the short directin, +. 
n Table 8.10, there is More SP For example, consider the two 10.5m x see 


As shown I led sections. 
than the rolle ; : ‘ 
are a . pdeng? the left uses 38mm deck with beams at 1500mm o/c, while the one on the 4 is 
Figure 8.0" ic. t 
: 5 at 2625mm o 
ses Tom deck with beam a 
= a a 
$ § 
§ 2 ° 
__ eee 
g5mm TOPPING 65mm TOPPING 
ON 38 DECK ON 76 DECK 


Figure 8.1. Beam design governed by strength requirements 


The loading for these two systems is almost identical, as shown in Table 8.11. 


Table 8.11. The loading for two systems shown to be nearly identical 


Beam i 
design with 38mm deck; Span = 105m, Tributary width = 15m 


My = wL2/8 = 1 Sm * 11.25kN/m? * (10 Sm)? / 8 = 233kNm 
Try W360x45 M, = 242kNm 
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* 4.8kN/m? = 7.2kN/m I = 122x10°mm! L = 105m 


17} 


ziom 


w 
- = 225 OoGO- 
- 46.7mm L/ N does not meet L/360 cr; 


pe fon = 
veh 12 G01 2S) ES 10°mm*) = 195 x 106 


= 212 x10mm* M, = 338kN 
1 WHOS? ane : m (Span / Depth = 10 5/460 = 27 
wa460x52 beam at 1500mm o/c. 8) 
use 


oat design is governed by deflection requirements). 
( 


eal weight per square metre = 52.0kg/m / 15m = 34.6kg/m? 


jn design with 7omm deck: Span = 105m, Tributary width = 2.625m 
pea 


wpe wL28= 2.625 * 1150KN/m? * (105m)? / 8 = 416kNm 
(= 


sry W530x66 Mr = 484kNm 


ww. 7,625 * 4.8kN/m? = 12.6kN/m I= 351x10%mm* L=1045m 


Defl 
Use w530x66 beam at 2.625m o/c. 


(Beam design 1S governed by strength requirements). 


Beam weight per square metre = 65.7kg/m / 2.625m = 25.0kg/m? 


ection = 28.4mm = L / 370 OK (meets deflection criteria of L/360) 


he saving is 34.6kg/m? te) Okg/m? _ 9.6kg/m?, a saving of 28% i 
kd a saving of three beams for each bay that need to be Se TRE Ga time weight, but there is 
in laying out the beams it is fundamental to remember that steel pir sh ipped and erected. 
framing system must account for this by having supports for the deck at all ae - a one-way system. The 
are well versed in the design of concrete floor systems that often span in two = ends. Designers who 
lenges when laying out steel framing systems requiring the placing ee Beem tay may find chal- 
steel framing system will have beams framing around openings for ducts and het well-designed 
snd require beams or angles that act as beams at ends of all cantilevers vertical penetrations 
In addition to thinking about the economy of the beam ine é 

economy of the decking system. It is desirable to keep ote ete aba a che consider the 
avoiding unnecessary changes in deck direction as shown in Figure 8.12 ors m ras direction, 
unavoidable on circular shapes and hip roofs, but changes in deck anaes ot per direction are 
location where the direction changes, and this will add framing cost and pet pasty at the 
direction in floor decks will also require cell closures to hold the concrete in place Yy. ges in deck 


Figure 8.12. Change in direction of an 
8-inch deck section. Changing direction 
involves more cutting and fitting of the 
deck and there must be closure pieces 
placed in the concrete flutes to prevent 
concrete flowing under the deck 


———————— SS 
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sons will attempt to frame in ways that reduce the num 
Most successful oo nal bape PEA While moment connections may bere 
Samet hae amy force resistance, it is desirable to try to reduce the number of moment count in 
frames used . sais and in typical framing conditions. An example of treating a cantilever at the eq 
ete eee in Figure 8.13. If headroom conditions permit, it is preferable to place the Support 


member under the cantilevering beams rather than trying to moment connect through the Supporting beni 


im, 
Moment 
Stiffener connection 
“__ Partial height 
Stiffener 
Preferable solution Less preferable solution 


Figure 8.13. Moment connections in typical cantilever framing conditions 
For roof overhangs it is often possible to avoid both moment connections and the depressing of a beam 


on the column line (Figure 8.13) by passing a beam over a column that acts as an outrigger to support a 
beam located on the outside edge of the roof. This is shown in Figure 8.14. 


ne commas TA omcame Figure 8.14, Roof 
oe ae —~ — — — YY — — — — — Mi framing that allows for a 


come com \ : COMER pens cantilevered eyebrow while 


=P |. 


| eliminating the need for 

} moment connections or a 

| depressed beam. The corner 
| also does not need any 

| moment connections and 

| the corner beams are longer 
| than other beams in the 


system to avoid a moment 
as Ld . 
connection at the corner. 
ass Eyebrows on roofs are 
toot increasingly popular as they 
woe allow for sun shading and 
protect the wall from some 
: of the effects of rain 
oe | eG ON GRO UES 
CATE VER OVER COLUMNS 
t eee COW TULL HIGHT STFENEA 
eo (@ COLUMN LocATION 
oe 


Where beams are not perpendicular to the supporting girders, the designer should avoid having beam 
intersections where the angle between the beam and the girder is less than 45 degrees. Beams that come 
together in a very flat angle may require a very long fin plate to provide a connection to the supporting 
girder and this can be quite awkward and require consideration of stability in the unsupported plate. The 
bending and shear capacity of the beam web with its flanges coped to make the connection will be con- 
siderably less than the basic beam capacity with the flanges in place and may pose problems during the 
connection design phase of the project. Figure 8.15 shows beam connections at three angles from the usual 
perpendicular connection to a 45-degree connection and finally a connection less than 45 degrees which 
produces very awkward connection plates. 


tn : 
, nee 
ae SS — 
=r } KRG EN “ea, 
| ‘ XQ ‘\ Se 


| 
\ 
\ —cLIP ANGLE ‘ 


| 
|} GONNECTION . 
OM FLANGE BEAM ~-BOTTOMFLANGE _goTToy 
eo" WwiTH BEAM AT =45° BEAM AT aan 
CONVENTIONAL TO GIRDER TOGIER 
CONNECTION 
involve turning the deck direction or addi 
anc to this problem 1 redding extra 
sot or greater than 45 degrees, as shown in Figure 8.16, beams that Gk 
rs connect 
girde 
Figure 8.16, Options 
can run left to right. Sor avoiding low angle 
beam intersections 


Poor All beam angles 
00) ; 
| Connection greater than 45 


attempt to Locate Structure Where It Best Suits the Architecture 


Usually situating columns at the locations where the architect finds acceptable will drive the layout of 
much of the framing in a building. Keeping the framing simple in a complex architectural layout can be 
a challenge, but it is important for economy that there is as much repetition as possible. This is often a 
challenge that requires negotiation and patience. In schools, hospitals, hotels and other buildings where 
there are rooms off a central corridor it is usual to place columns in the corridor walls. 


8.3 HOLES FOR MECHANICAL DUCTS AND 
OTHER SHAFTS THROUGH THE FLOOR 


Holes for mechanical ducts and other vertical openings in the floor system should be framed with beams 
on all sides of the opening to provide support for the deck, as shown in Figure 8.17. 


Figure 8.17. Several duct 
openings occurring in a tight 
area will require several beams 
to be added to make sure 

that the ends of the deck are 
supported at the edge of the 
opening. The beams will also 
assist with the support of the 
equipment that is above 


: : i ning sizes 
Holes for larger mechanical ducts should be shown on drawings with approximate rough opening 


: . ithout informing 
Provided but as mechanical engineers will often change ede pheeee a eeaat note should be 
the structural engineer it is common and prudent not to dimension smaler 


——- 
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d other openings through the slab see mec yoip TOO MANY CONNECTIONS AT A singie 175 
added to the drawings: “For size and location of duct an mn , By ast COE ra i 
rem << beams around the OP the i Portions of In yi or right angles. ae is conflict with flanges and mts, ee © a column 
nico 7 sapere weight of any mechanical equipment Or rid ysua framin circular areas C ee where beams intersect OF Stay Nectj and 
at army be ome ” the dct area and gives structural capacity to fill in the hole and haye : columt:  an four beams eh ting a column or supporting girder In Tadial angles - to 
aoe a tava ahd cheese T° se we mor | designer to draw out the connection and determine if SPEcial detailing ; Itis importan ma 
as a floor should the duc have all slab and roof openings fully shown on drawings, it is sect vf sine a = 


: jon IS i : 
connect g.20 shows the connection where eight beams come to 


As itis very difficult to 
eet ile the connection itself i ; in 
Fig tthe left while the is shown at the right, As this oa ‘ mam the pan view 


include requirements in the general notes for timmer beams to be added around floor and roof o 


Penings, 


than the beams it picks up, as shown in Fi 
The ideal situation is to have the girder larger than igure 8.18, jg show? . high axial forces present, this resulted in needing a soliq Section at th gement ani 
ye : Id be drawn out far enoush at the centre : 
e the connection cou r enough that the flan ~ ene of the intersec. 
8.4 AVOID GIRDERS SMALLER THAN THE BEAMS THEY PICK UP tio8 said not conflict. It is necessary to show this sort of non-standard det eo beams and 
. colum! 7 _ ‘an 
—_ = " : : 


fo 


oo 0 


——S = 
OK 


GB 5 ° 
fo 
a) 
— ‘ Poor 
Figure 8.18. Options for size relationship between the beam and its supporting girder 


est beam connection as only the top flange of the beam needs to be coped. Also accept- 
able is having the beam and the girder that it picks up of the same depth. This requires the beam to be 
coped at the top and bottom flanges but otherwise has no issues. A less desirable situation is the case where 
the beam is deeper than the girder that is picking it up. This may happen when the span of the girder is 
much less than the span of the beams and can satisfy force and deflection criteria without needing a sec. 
tion as deep as the beam. A girder that is less deep than the beam results in an awkward connection and 
will usually result in an RFI from the fabricator, it also looks strange in the field. 


This gives the casi 


Plan View of Roof Detail at Centre 


Figure 820. Beam connection to a single column 


8.5 TRY TO USE W200 BEAMS OR LARGER TO SIMPLIFY CONNECTIONS 


Sometimes a calculation on a short beam will show that only a W100 or W150 section is required, and 

while there are some locations where the use of beams of this size is very appropriate, the connection 

details will be more difficult for beams that are less than 200mm deep. Bolts in beams that are less than 

200mm deep must be spaced horizontally rather than vertically. The connection is more robust and easier 

to execute if the bolts can be in a single vertical row, as shown in Figure 8.19. Moreover, the connection 

load eccentricity is reduced. 
115 RONF, CORC. SLAB VER —— 
PE(NOM)RO.9t COMPOSITE THPE 
GALVANIZED STEEL DECK 


8.7 AVOID TORSION ON OPEN SECTIONS 


As open sections are weak in torsion, wherever possible designers should avoid framing that relies on the 
torsional capacity of I-beams, channels, planar trusses or other open sections for stability, If the torsional 
capacity of these members is required for the system to work, it will be flexible and may be subject to 
excessive deflection and vibration. If torsion is unavoidable, then closed sections such as HSS should 
preferably be used for the member subject to torsion and detailing of the end connection must include 
means by which the torsion in the section can be transferred to the support. The designer should be aware 
that the typical bolted web connection to a wide-flange beam would not be regarded as a suitable means 


of removing torsion from the beam. is required 

Figure 8.21 shows the framing for the roof of a mechanical room where A carved cg pire, 
The beam at the edge cannot act as the girder because its curved shape will require it ele weasel 
ability that it does not possess, Framing using 4 straight girder below the ro es 
beam only as a facia support is the appropriate structural solu! 


tion in this case. 


Figure 8.19. As shown in the photos above, the connection with the two bolts in a horizontal 
row has resulted in a long connection plate that should be checked for stability. 


/ 
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Figure 8.21. Beam connection to a curved edge 


A well laid-out design will provide framing that accommodates unbalanced loading without having t 

on torsion of open sections. For example, a canopy supported on a single support at the Centreline etait) 
desirable architecturally but does not work well unless there is equal loading on both sides of the K Y be 
or unless a stiff HSS is used as the support beam. Two options are shown in Figure 8,22. mnopy 


J 


Relies on torsion for stability 


Stable under unbalanced loading 
under unbalanced live load 


without considering torsion, 


a) b) 
Figure 8.22. Beam connection to a curved edge 


abe Of partial-height facades supported by a spandrel beam, the floor slab and a diagonal strut 

can combine to develop a force couple that resists the torsion that would otherwise be applied 
lternatively, a perpendicular “roll beam” that resists the spandrel torsion in flexure (note 
ction between the spandrel and roll beams must resist moment) can be used. Information 
ig facade supports can be found in AISC’s Design Guide 22. 


ING THE FRAMING TO ACCOMMODATE SNOW DRIFTING 


ng loads will often cause the deck to be overstressed unless the span of the deck is reduced 
‘beams, It usually would not be economical to have the beam spacing the same as required 
‘drift area throughout the entire roof so the designer is left with the option of adding extra 
he snow drift area or changing the spacing of the beams in the bays affected by the snow drift- 

lions are shown in Figure 8.23. In Chapter 7 when we looked at roof decks, we examined 
of deck capacity in drift areas. Note that the drift can extend from the higher roof in any 


———————_____] 
oo} ————————__ | | re 
——— | + RP er, 
ae Sl 
a i ie 
Pee 
ee ———— 
ee. -— 
—_—_— —————— 
° 4 ) 7 ae 
Figure 8.23. Beam layout in snow-drift areq: ‘i 
the beams are spaced closer together in the recipies Vee 
Snow drift 
8.9 SUPPORTING STEEL COLUMNS ON BEAMS 
Frequently it is necessary to support a column on a beam to create ’ 
special details are necessary to prevent local and perhaps global fobcaa a ae Yes this occurs, 
$16 covers the local resistance of beams due to point loads from above j rm 


FranePait itis god practice wo 
of a vertical stiffener prevents undesirable behaviour including stability Assisting the web, the addition 


: Z issues. 
The bearing resistance of an unstiffened web is given by Clause 14,3, 


; i 2, which on 
and yielding. The bearing resistance depends on the location of the load (end eras 6 caer 
the thickness of the Mange and the thickness of the web. 5 

For an interior load, the capacity is the lesser of; 


i) B= 0,W(N +100)F 

ii) B =1.459,w° [RE 

where @,, = 0.80, N = length of bearing, w is the web thickness and t is the flange thickness of the 
* supporting beam. 


For a W410x39 in 345MPa yield steel with a 150mm bearing length (N = 150mm), 
(W410x39: w = 6.4mm t = 8.8mm) 


Wy 
B, = 0,.0(N +101)F, = 0.8 * 0.0064m *(0.150m +10 *0,0088m)* 345,000; = 4204 


| iN WN 
5, =1456,w? [FE =1.45*08* (0.0064m)’* 345000 * 20°10" 25 = 3958 


The governing capacity is 39SKN. This magnitude of load is e one-starey col- 
joists (stiffeners are seldom placed under point toads from jot es) sa cer oot ots 
umns. However, regardless of the numbers some design offices will 


under column loads as good practice. It is worth keeping in mind that 
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pse of the Second Narrows bridge during its construct} 
struction j 


{nilures 1n Vancouver were the colla 
the collapse of the Metrotown Save-On-Foods store on opening day in 1988, and both th in 1958 
fan unstiffened wide-flange beam web at a load concentration CS¢ failures Pond 
‘ tte 


largely duc 10 failures 0 
For stability 1 may 
where the column is picke 


beam added perpendicular to the main bea 
ting the column from twisti ™ at 
m twisting the transfer bent i 


on when the top of the column i 
Nis not stabj ¢ 
lized 


be desirable to have a 
d up, This assists 1n preven 


js of particular importance during structural steel erect! 


the deck is not stabilizing the transfer beam. 
Especially if the column is picked up near the end of the beam the drawings should 
: clearl 


{nctored shear that the steel detailer is to use when designing the beam connection. Y Show the 
The support for the column will usually be a base plate that is bolted to the beam. T 

$16 requires there be 4 bolts between the beam and the column base plate, As holes f O Assist in eFection 
remove approximately 44mm from the top flange of the beam, it may be necessa “i the two bolts wij) 
the beam to account for the bolt holes if the flange is less than 300mm wide Gages increase the sj “ts 
removal of 15% of the flange for holes is usually ignored; see Clause 14.1) of 300mm is 45mm 5 

hree-quarter height web stiffener is all that is necessary and 

Unle: 


For lightly loaded columns, a t 
beum is sandwiched between a column from above and below, in which case a full h 
eight stiff 
ener jg 


always used 


Clause 14.4 of $16 has some detailing requirements for bearing stiffeners requiri 
ring that the 
Y be 


detailed as columns, Width-to-thickness ratios of bearing stiffeners should conform t 
© Clause }] 
The 


requirements to satisfy Class 2 using F, = 300MPa ini 
sa s 2 using F, =. plate for the minimum sti 
(F,), resulting in (b/ <19,6), which gives stiffener size as shown in meee Would be (b/t}<349) 


able 8,12. Flange-width and stiffener size 


8mm 


re may need to ‘ . 
e 8.2: ce ic this depending on load conditions from the column bei 

Bee iar bolts to Re transfer beam at the column location to assist with ng Supported, 

column base plate, which may require choosing a aioe tr 

ciently wide 


i WIR 
n the supporting beam. 


Figure 8.24. Colui 
‘ mn Support 
on beam with full-height peas 


ins Se ae 

Scie 

NCE OF eR ggg 
NG 


avolD COLUMN TRANSFERS 


ers are always expensive, both fro 
colt me avoided if possible. Conversely, ets 
ine} ns inside their rooms and a change of use in Te 
gC ut 10 include a column transfer. Transfers wil] ui 
- ch as sone in Figure 8.24 for pica involye 
ed ing column trans er would be advantageous. For e P the column Con 
ie gown the comes Wes: is better than running er cite aScheen netting the framin a 
nis would require running the beams or j in the Walls bety, 
JOtsts pe; ten 


for a column transfer whe A . 
* Corridor but would 


Point Of the fabr; 


Usually y and the 
Iding tomer to sy designer 

One B8estions and 

of plac. 


tion * 
90 setailing SY 


yumns ee 
On size yaries; & 
ejenate the need 


gTePS IN FLOORS OR ROOFS 


1) have small changes in elevati 
Many Danae ' vations that are consi 
ily involve placing a beam or girder under bole es 


00! 
steps ysua : 
cioptt 8:258° Sometimes the roof step is of a sufficiently smal} 


erably less than 
Upper and | a full storey hej 
See han we Tol tgs as howe 


A solution where a single beam pi 

icks up both Pper 

» Figure 8.25b. In some cases, even if the a UP both the roof levels and lower edge beams 

the top of the roof and have a single do Not conflict it ae be preferable and j 
beam givi is 


shown I 


she edge girder at 
Preferable to deepen 


ng the same 
solution as 
right. 

Figure 8.25, Beam 
Placement in rof steps 


| standard Step - Edge beam or 
| girder at upper and lower levels 


Small Step - Sing) 
: je edge beam 
girder supports b th levels or 


a) 
b) 


8,12 AVOID FRAMING THAT “GOES IN A CIRCLE” 


Framing for steel floors should be desi 
connections provi Saar ates : 
pant : yee po two ends at one a coe i an plas: 
peter ar ge raming system that cannot be erected i t cay pana 
Neale me time. Such a system is shown in Fi eharg fa ac ahah 
wien anaes a producing the awkward framing s hs Sats ENA 
Which then transfers a cam A transfers partly to Beam B aera oars . In this system the loads “go 
Kien isan Ps of the load to Beam D, which in farm tale was erage 
bee ria nportant to note that beyond the fac oe noes alive 
1s unsound from a structural stint pees sie 8 
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ra 


a) b) 
Figure 8.26 Beam framing that “goes in a circle” 


Framing of this sort will need to be changed during the shop drawing stage, possibly resulting in additional 
charges. 


8.13 BEAMS LOCATED IN WALLS 


Architecturally it may be desirable to install beams in walls, but this has two effects: 

1) The flange width of a beam to be located in a wall is limited to 25mm less than the stud width 
intended to be used in the wall so that tbe final wall with its steel stud and gypsum board 
construction will be straight, even if there is a slight variation in the placement of the structural 
columns, For example, a W310x31 beam with a flange width of 164mm might be the most 
economical section to use, but if it is to be located in a 6-inch (152mm) stud wall a W360x33 
beam with a 127mm flange would be selected. As there are very few deep beams with narrow 
flanges there is a limit to the depth of beams that will fit in walls; for example, the smallest flange 
on a W410 beam is 140mm. Flanges of beams are often buried in walls for the perimeter of low- 
mise buildings, and these walls usually have several columns on the outside gridline. While the 
Structural columns will have some variation from the outside gridline it is still desirable to have 
4 straight outside wall and this is achieved by keeping the steel studs forming the wall exactly 
centred on the outside gridline. Using a beam with a 140mm flange width in a stud wall with 

152mm studs leaves very little ability for the steel stud contractor to adjust the position of the 
studs if the structural beam that supports the floor or roof above is not in exactly the right location. 

2) Ifthe upper track of the studs is attached to the bottom flange of the beam that is to be buried in an 

exterior wall, the studs can transfer wind forces to the bottom flange of the beam and produce out- 
of-plane bending. An interaction calculation is required between the moment caused by vertical 

_loads on the beam and the lateral forces from the wind on the studs, Out-of-plane deflection of 

th bottom flange should also be computed, It may be necessary to stiffen the bottom flange of the 

by adding angles to the bottom flange or it may be necessary to decrease the column spacing 
edge of the building. In cases where the bottom flange is trying to pick up wind loads, the 
flange of the beam should be attached to the column with clips (call up on drawings) such 

Wind force in the bottom flange can be extracted by the column, as shown in Figure 8.27. 
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Figure 8 .27. Bottom flange of beam picks up wind loads 


en trying to fit beams in stud walls (a practice common in many low-rise stel buildin 
Note th gchools) the spacing of the exterior columns may need to be reduced to give beam fang oe 
including tly narrow for the wall stud size selected by the architect. Instead of adding the angles to the 
is an b/ Figure 8.27, it may be more economical to use a heavier beam as shown in the follow 
am 

se example. 

LE—DESIGN AN EXTERIOR WALL BEAM 

m is located in an exterior wall where the wind load on the studs, including interior and 
is 1.25kPa. The tributary height of the studs is 3.5m /2 = 1.75m and the wind load is 
bottom flange of the beam. Compute the combined stress caused by the factored wind 
and compute the deflection under service wind load. The columns are spaced at 4.0m. 
load on the beam is 4.5kN/m and the live load is 5.3kN/m. A loading diagram is shown 


at wh 


hown in 


EXAMP 
A W310x31 bea 


exterior pressure, 
transferred to the 
and vertical loads 
The vertical dead 


in Figure 8.28. 


Figure 8.28. Loading 
diagram of wall system 


The factored wind load = 1.75m * 1.25kPa * 1.4 = 3,06kN/m 
Note that the load factor for wind load is 1.4. 
Factored moment = 3.06kN/m * (4m)?/8 =6.1kNm 


The $ for the bottom half of the beam is S, / 2 = 36.7x10°mm? /2= 18.4 x10'mm' 
(W310x31 is a Class 3 beam so using Z would not be appropriate.) 
M, =O * F, * S, =0.9 * 345 000kN/m? * 18.4 x 10m? = 5.71kNm 
isi : ; - plane condition is less than the 
This is obviously unacceptable considering the resistance in the out-of De i cass wick 
applied-load moment and we would need to consider the simultaneous 
Will result in biaxial bending ider using a beam 
5 step consi ing 
__ One option would be to add angles to the flanges of the beam, yh geo 
With more capacity to resist the wind forces. Try W310x39 with a 
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spe Zfor te box bal f te Beam i Z,/ 2. 135 x 10°'mm"/2 = 67.5 x 10'mms anceived for the roof of Figure 8.30 had smaller members 
4 be a ate), mink ¢ custom trusses with curved top and 5 48 & Mix Of straj 
(W310x39 is a Class | section 0 Z ws te 3 une panes ular trusses that were both curved a Picton The smaller pes sane 
M.#@°F,°2)* 0.9 * 345,000kN/m? * 67.5 x 10m? = 20,9kNm neering the lack of repetition and complexity of the roof made fre to be 
mn s < 4 
4 ectiug ot the same ¢ Not roje budget. To keep some of the Interest of the roof and not oii the solution too expensive 
The beam is under biaxial bending from the win 2 f cl eter Oo s ok ced a series of barrel vaults, which was considerably less comp Ompletely back to a fa Toof 
would need to be combined with the moment in the stiff axis from vertical loading using the requir % this ge POPs to be possible within the project budget. This is shown in pe had more repetition and 
irements vas eet rarrel-vault roof is shown in Figure 8.32, vit drawing in Figure 8 31 
u Jt. 


of Clause 13.00) 
rom vertical loading during maximum wind 


Moment f 
(Sim 125945" (47/8) +05* 5.3" (47/8) = 11.25kNm + 5.3kNm = 16.6kN: 
m 


« | 25D + 


M, My, 6.1kNm | 166KNM 4 09 4 0,09 = 0.38 (OK<1) 


= Ra deli 
MM, | 09kNm | 189kNm 
Deflection calculated using the W310x39 and the 0.75 SLS factor for wind loading, 


5°WeL' §°(| 25kPa*1.75m*0.75)*4.0° *1000 
Sfp cise = 75a Dis 
tea E* 1 384° 200*(7.27/2) mm « L153! 


Conclusion: Stress and deflection are OK ff W310x39 ts substituted for the W310x31 


8.14 TRY TO KEEP FRAMING SIMPLE AND USE REPETITIVE ELEMENTS 


To achieve economy in stec! framing it is desirable to have repetition in members, and a reasonably con 
ventional and preferably simple layout of members, One example of a structure where this was not able 
to be achieved is shown in Figure 8.29, The roof was desired to be dramatic and a series of Interastsiea 
cones was architecturally conceived that would have achieved this aim in a very elegant manner, At a 
side of the roof u series of barrel vaults would have been visible and there would have been a wae 

contouring of the top surface of the roof. , 


pon vga 


| 
sniog) oie om 


1S) Bi ey 


Figure 8.32. Barrel vault roofs following steel erection but before the architectural 
finishes are added. While the framing did not fully satisfy the architect's desire for a roof with 
intersecting cones it did produce a solution that was more dramatic than a flat roof and fit within the 
project budget. When doing curved roofs, the deck and support beams should be laid out such that 
the deck is bent the “easy way” and the structural members are bent to give the curved profile 


8.15 APPROPRIATE INPUT LOADING FOR VIBRATION ANALYSIS 


Vibration is one of the limit states for structural steel and should be an important consideration in the 
design of the structure. A floor that vibrates too much can be very annoying and cause considerable dis- 
comfort to the users. The analysis of a floor for vibration involves three stages, all of which have consider- 
able variation in the approach and parameters used. 

1) The input loading 

2) The model including the damping 

3) The acceptance criteria. 


tins 


Figure 8.29. Roof as architecturally 


conceived — set of intersecting cones Pigure 8.30. Resulting schematic 


design of roof system 
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tinuous due to rhythmic activity such as aero ompositely designed beam has a lower fre 


can be con : eb Dice | : ue 
The input loading for saath or trains can also pacar a Merge The sete? = as " ae ed beam. The compositely designed Neamt toe ! higher nt i ) than the non-< 
cub. Machined a which the vibranon decays away; this type O° Vibration can be typifieg Stn posted ely designed bea ; Seration than does the i 
can also be transitory, aaa ned walking. The live load that is associated with this dynamic ; bY floor compos ffer floor yibrates naturally with more cycles Per second. A more flexi non- 
excitement ie sk +e the design live Joad for the floor. Oading ig : on of vibration and will often be more perceptible to the fans Xible floor wil} have a greater 
always const aplitt . 


ERIA FOR DETERMINATION OF ACCEPTABIL ry of 
v 


DAMPING TO BE USED WITH VIBRATION ANALYsg, cRIT 
: of floor accelerations varies with the frequency of the IBRATION 


6 SELECTING THE 


8.1 5 ~*~ 
. brations and the resultin 
; effect on the percep” of vibrations and the resulting annoyance to buijg: seption : pee ? loor Aap 
ee ‘mn " rey amped system the effects of walking vibration will quickly disappear, an The me will rave an undesirable vibration environment, comparison is ale oe aan Te determine 
oat mpd system the vibration may continue for some time. This is demonstrated in Figure ts a fafic gfre yency. The perception of and annoyance due to vibrations will vary ‘sea that plot accelera- 
ee ac from output of FEMA'S poscatione Pe yee Unfortunately; MaNy steel flog, rd Foor vibrations on @ footbridge or a steel Stair are less objectionable than in ~ Ing on the type of 
ae " hos without softenih ine mae! pacisoot ve be very lightly damped i eid ng where occupants are ae Tes: The perception of vibrations will also vary ee OF apartment 
an / such as those set up during walking taking @ long time to dampen out, Damping will ect puil 2 rations that quickly dampen out will be less objectionable than those that kee neon Oe deat 
; nica effect on structures that are close to resonance with the forcing function of a continuous chug) ait ave the opportunity 2 aN soit pres of vibration continues, To ike Rea - along 
54 b, - a5 Figure 8.34, plot both the acceleratioy : nt of this 
tivity. _eptability chart in al Get = 
tion such as rhythmic ac ty he 1 ositel) designed W41 0x39 beam is plotted to show where it ila a) for various activities, 
c Ld pf 
Bare Floor 3% Damping 
———— on Le 
"| es 
i 7 
Finished Floor, ceiling ducts, 6% Damping 4 2 | 
flooring and furniture ao : 
se ‘Moar — ot Figure 8.34. Recommended peak 


acceleration for human comfort for 
vibrations due to human activities 
Source: Allen and Murray, 1993; ISO 
2631-2: 1989 


Finished Floor with partitions 12% Damping 


designed 
using W410x60 
non-composite 


Figure 8.33. Compared damping of vibration for various floor types 
Source: FEMA's educational program Nonlin 


om 
8.17 FLOOR VIBRATION ANALYSIS METHODS b. go 
Basic analysis of the floor frequency and acceleration of the floor can be found by following the proce- ee \Wopeaaies ce 
dures outlined in Floor Vibrations Due to Human Activity, AISC-CISC Steel Design Guide Series 11. a pee 
i 2 46 ow a « 
Frequency (Ht) 


EXAMPLE—FLOOR VIBRATION ANALYSIS 


Floor vibration analysis often consists of a spreadshee 
These spreadsheets can be developed using the examples found in the listed references, The example 


shown in section 8.18 is from a spreadsheet developed to address the vibration calculations quickly. The 
aim is to find the effective frequency and acceleration of the floor such that it can be compared to accep- 
tance criteria. The results of that analysis are as shown in Table 8.13, as compared to the W460x60 beam 
that would be selected if composite behaviour was not assumed. 


t analysis using the beam and girder properties, 
8.19 LATERAL VIBRATIONS OF WALKWAY STRUCTURES 


The materiat on floor vibrations usually focuses on vertical vibrations; however, there have been some 
well-publicized examples of structures that have “failed” as the lateral movements due to walking have 
made the structure too uncomfortable to use. One such structure is London’s Millennium Bridge, which 
was opened and then immediately closed unti! additional damping could be added to stop the lateral 


swaying. The websites listed in the reference at the end of this book provide a good background to the 
Millennium Bridge vibration issues. The design engineers have demonstrated an excellent example of 
r engineering analysis solved the problem. 


crisis management by creating a website that explains how thei : 
While vibrations are generally considered to be an annoyance, they can also cause discomfort and alarm 
and even death, In November 2010, over 350 people were killed in Phnom Penh, Cambodia when a 
stampede occurred on a crowded bridge that had begun to laterally oscillate from the numbers of people 
walking on it. 


Table 6.13 Floor vibration analysis 


W410 x39 
Composite Design 


4802 
Acceleration 0.533% 9 0.667% 9 


Source: AISC-CISC vibration manual 
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Sample Floor Frequency Analysis 


CONCRETE SLAB ON STEEL BEAM FLOOR FREQUENCY 

[Fue | Steel FloorFreq2.xis 

ET Follow CISC Steel Design Guide Series Floor Vibrations due to Human Activity (1997; 
) 


LL= los | Live load at time of analysis (KPa) 
}oo3 | Damping ratio 0.02 for shopping malls 0.03 for office 


Coa eee Constant force =.29 kN for offices and shopping malls 
SIDL= 'o2 em Superimposed Dead Load (KPa) (not incl. beam / slab) 


Steel Beam Information 

t= 10s | Beam length (m) 
ise Beam Spacing (m) 

/6640 Beam Area (Sq mm) 

[212 _| Beam Inertia (mm”4 / 1206) 


Beam Mass (Kg/m) 


}4so | Beam Depth (mm) 


= Girder Span (m) 
Le Girder Mass Kg/m 


Emma Height of girder (mm) 


2 
a 
® 
g 
= 
® 
ov 
° 
S 
s 
° 
2a 
a 
a) 
S 
3 
3 
2 


[ao [Sab Weight Deck Weight @/sqmp_—— 
Computation of beam section properties 
Foaabe [190 | Toalbenthot sab om) Goooha web) 
fee=__[16000 | Noauns for Concrete (Wa/1000) 
oer 


|204 —_| Surface density of slab (Kg /sam) 
Dynamic Modular Ratio of concrete 


Computation following vibrations due to walking 
(Follows method of Allen & Murray 1993) 


See also example 4.3 in CISC guide to floor vibrations (1997) 


Effective slab width (m) 


w 


Depth of slab (mm) above flutes 
ta Transformed slab depth (mm) 
[25920 | Transformed concrete area (sq mm) 


Eee Distance from bottom of beam to CL. Concrete 
se | cele eters ———— 
=| Itransformed part 1 (inertia of transformed slab) 
for Itransformed part 2 (Offset of concrete area) 
[z2__Tuareormedets Geena) part 3 (beam inertia) : Ed 
2 — Itransformed part 4 (Offset of steel beam area) 

Hares = Gates los Sel 


ransformed inertia (total of parts 1 to 4) 
Ee Supported weight (Live load) (KN / m) 


= Supported weight (Superimposed Dead load) (KN /m) 


Supported Weight (Beam) (KN / m) 
[eo | Supported Weight (Slab) (KN / m) 


Transformed moment of inertia beam direction. m*4/m x 1E06 
[oao | Effective beam panel width (m) 
429 Weight of beam panel (KN) 


" 
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concrete above flutes) 
aa 
as oo [tots 
face | 6000__| Modulus for Concrete (MPa / 7,000) 
Surface density of slab (Kg /sqm) 

Transformed siab depth (nm) 
ie pmoe | Transformed concrete area (sq mm) 
HE —fens Joan enim mcm 
[vos _[S361___ | Centre of gravity transformed beam fom bot enge 

[17 | transformed part | inertia of transformed slab) 
fuze [24 ___| tranctormed part 2 (Oftset of concrete area) 
Fia= [400 __| transformed part 3 Coeam Inertia) 
Fie= | 700___| transformed part 4 (Offset of stee! beam area) 

formed intertee (total of parts Ito 4) 


Trans! 


[eo [e2 | 
[Bp kick: [711 _| max of % times floor length 


fonwe [a2 flewwottonme 
wie [sar [oesrowetwet 
[ove Toss [rm ace i encore pn so as paw] 
iC a 


|Og= | 127656 __| Girder trans mom of inertia 1g/ Lg for interior girders =| 


9.08 


LUMNS, BEAM-COLUMNKS, 


AND FRAMES 


covers menibers that are loaded with an axial force and in some : : 
ef _{n most buildings the members with axial loads are the colseat Bei linc oe 
bers and in some frame members and elements such as braces rata ae 


be Feansc loatae: (s correctly to prevent this failure. We will al; 
j element . We will also cover 3 
to design these sary to determine forces on the columns we design, some of the Building Code 


COLUMN DESIGN 
i idelines for the design of steel coli dings j 
1) The following are gui f ign lumas for buildings in Canada. These 
) guidelines refer to columns with Jow moment that are not part of the nie resisting system. 
‘Ag moment frames are used infrequently, this covers the vast majority of columns in low-tise 
puildings. The Te, mer ws 
Determine axial load in column using appropriate requirements from the Buildi 
2) exeves oa the column should include load factors and live loadredntions, Se 
3) Determine what, if any, moments are present; if there are significant moments present, then the 
design should be performed as a beam-column. If the beam connections are designed to carry 
reaction shears to the column centrelines, then the columm moments are often taken 2s being ze00, 
4) Determine the unsupported length of the column using Clause 1033 of $16. 
5) Using the column capacity tables (green pages) of the C/SC Handbook, select a colunta section 
that carries the required axial load for the unsupported length, 


9.1 


Design the base plates. 
¢ The following points should be kept in mind: 
Use only Class C HSS sections. Do not use Class H sections (or the tables for Class H sections) 


as these sections have a much longer delivery time and greater cost than Class C sections. 

* Where possible, use square or circular HSS sections in preference to rectangular HSS sections 
as orientation of placement is not an issue with a symmetric section and the column cannot be 
installed in an incorrectly rotated orientation. 

* If using rectangular HSS columns or wide-flange columns, then the KL/r ratio about both axes 
must be evaluated, This is especially important if there is support in the weak axis at mid-height, 

making it uncertain if weak axis or strong axis buckling will govern. 

Call up a cap plate at the top of HSS columns to prevent water getting in. Water may lead to 

internal rusting of tube spitting under freezing conditions. 

+ KL/r must be less than 200, When using column capacity tables (green pages) of CISC Handbook, 

this is automatically taken care of as axial values for lengths that would produce a KL/r of greater 


than 200 are not listed. 

When using HSS columns be aware of the different properties for ASTM A500 and 40.20 stee! 
as the A500 sections are weaker than the difference in yield strengths (345MPa or 317MPa instead 
of 350MPa) would indicate. This is because the tolerance standards in producing the sections for 


Table 9.1. Differen 
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, i 21 sections and wall thi 
sed when producing G40 thicknes. 
A500 differ from those US , G40.21 section, producing stren, 8 for an 
“he Jess than that of & similar GH). P 8 Bth losses u ASqq 
section may be Je in Table 9.1. Pt 105 ¢ 


similar sections. See examp 


ces between HSS sizes and materials 


fees [Femme [room 


640.21 350MPa 


HSS 102x102x6.4 


ASTM ASOO | 345MPa 2n0 


640,21 350MPa 1900 


HSS 102x102x6.4 


HSS 102 Dia. X 6.4 


HSS 102 Dia. X64 | ASTM ASOO 317MPa 


+ Your design should reflect the availability of materials. Round HSS sections are very dif 
obtain in G40.21 and should only be designed in ASTM A500. Square or rectangular oe ficult to 
be G40.21 or ASTM A500. Ons can 
+ Columns supporting fire-rated assemblies may be governed by M/D ratios (mass over per 
ratios) as that is often a criterion in fire rating. For columns supporting fire-rated Rete 
review the architectural rating requirements and increase column weight as required to 
required fire resistance, (See discussion in Chapter 1.) 
+ Columns in single-storey buildings that are primarily loaded with axial load (i.e., the 
part of a moment frame) will be lighter when designed with HSS members than when ‘an at 
with wide-flange sections. However, HSS material is more expensive on a weight b aes 
wide-flange sections, Bt basis than 
* HSS sections are often used for exposed columns as they have a cleaner shape than the wj 
flange section, have less painting to cover them and will be easier to keep clean. pi 


mblies, 
Rive the 


EXAMPLE—DESIGN OF A STEEL HSS COLUMN 
Design an interior HSS column for a single-storey building in Vancouver for the load combination 1,25D 


+155 +04W usi iven i i 
pa using the loads given in Table 9.2. Columns are spaced at 9m in one direction and 10m in 


Joists at 2000 o/c 


‘ 
n 


W530x72 Girder at 9000 o/c 


Total lo 


COLUMNS 
‘ MEAM-COL MNS, AND FRAMES 19 
FS 
= 9.0m x 10.0m = 90m2 1 


is 4.7kPa computed using 1.2 
ctored load is mt 8 1.25D +1554 
a ‘7kPa). Note that there is no area reduction for the vate heey 


8 + 1S* 1874046 
tored Column load = Factored area loading * Tributary area p 


snow loading 


Fac 
4 akN/m? * 90m? = 423kN 


1 shows column dimensions that need to be considered for length cal i 
; culation. 


ure 9: 
i 200mm 
x fl Centreline 
ae we supporting 
members 


Figure 9.1 Column showing 
dimensions that need to be 


consi 
Ror idered for length calculation 


Length 


ate the column length: Column length is given in $16 Clause 10.3.1 and Tequires that the unsup- 


Calcul é 

ported length of a column is from the centre of the restraining members to the top of the base plate 
Height from U/S of Deck to top of slabon grade = +7.40m 
Add top of Slab on Grade to top of footing = 4030m 
Subtract 25mm grout and 20mm base plate = 005m 
Subtract U/S deck to centre supporting members = ~0.20m 
7.45m 


This type of column is considered pin-ended: KL, = 1.0 * 7.45m =7.45m. Say, 75m 


Using the column capacity tables (green pages) of the CISC Handbook with KL, = 75m and C; = 423kKN 
we find the following columns satisfy the criteria: 


HSS 152x152x9.5  C,=458kKN = Weight = 40.9kg/m 
HSS 178x178x6.4 C, = 502kKN Weight = 33.4kg/m 
HSS 203x203x6.4 C,=700KN Weight=38.1kg/m 


The CISC Handbook column capacity tables list L, of 7.2m and 7.6m, Consequently, you can interpolate, 
calculate exactly using the formulas or be quick and just use the values for 7.6m as was done in the preced- 
ing calculation, Unless there is a pressing reason to use the 152x152 section the 178x178 section would be 
selected as having the least weight, Note also this section has excess capacity over the 152x152 section. 


EXAMPLE—DESIGN A STEEL WIDE-FLANGE COLUMN 
Design a steel wide-flange column for the problem of the previous example. 


Axial load is unchanged (P, = 423kN) and KL, is unchanged (7.5m) 
dbook we find the following pos- 


__ Using the column capacity tables (green pages) of the CISC Han 
sible sections: 


Weight = 46kg/m 
Weight = 49kg/m 


W200x46 
W250x49 


C, = 431kN 
C, = 430kN 


rope FOR CANADIAN BUILDINGS 


192 sreccromat 
terms of weight) chat satisfies the load criteria is the 


WTA 


Te mest cmcenicl section (8 OTE vier than the most ecoaomscal HSS columa. 


cooacencel wide-Sanb* TY, 4 also be considered with s viable loed path -_ 
rte vp) 09 nde a ope gece 

is ee ewe ee, bad a faczred wet wind wplft of 1,10E%, Men te tects 
ei ay pe IbPr* 1m * = SKN. This wos eee cach anc ie 
‘wold ceo be OENIZ3 SEN} * load facor gg Tea 


footing *t "1 
GON = 22.5KN and the vern the size of the footing. 


Colurnns Picking Up More Than One Storey 
sospeaded floors must carry the load of the suspended floor as welj | 
The column takedown will often be similar to that sho inTieat 


Eel 
a 
el 

| =| 


Using the NBCC load combinations studied in Chapter 2 when we discussed load combinations, we ger 
the following factored load at the bottom of the col mn: 


C= 125D + 15L + 1.05 = 125°319KN + 1.5°105KN + 1.0*100KN = 656kN 


a 

C2 125D+ 10L+ 15S =125* 31i%KN+1.0* IOSKN + 1.5 * 100KN = 654kN 
The Building Code load combination Table 4.1.3.2.A shows we don’t have to consider both snow and 
downward wind as simultaneous companion loads. Downward wind will therefore usually be ignored 


from column takedowns unless it is greater than the snow load, 
For columns in buildings that are only two or three storeys high, it is common for the steel faba 


buildings, it is common to have columns of constant cross-section throughout the height, even if 
tion required at the base is larger than the section required at the underside of the roof. The colut 
required at cach level is a function of the unsupported length and the axial load. If unsupported | 
are the same for all storeys, then it is possible to design the column using only the axial load at the column 
base, However, if the unsupported length is greater at the lift to the roof than at the lower 
Se en See es be aeons 
or columns that are continuous over two floors can be determined by exeminatice of 

$16 Annex F. Item (b) shows a column hinged at the top and fixed at the botioataealts c 
for this is 0.80, while Situation (c) shows a column pinned at both top and bottom with a recommended 
Ko 1.0. A typica) two-storey column will have pinned conditions at the top, continuity at the mid-level 

agmeareed! pinned at the beue plate and while it might be argued that K could be less than 1.0. valoe 


this situation. 


Cours, 
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TORSIONAL BUCKLING OF CRUCIFORM COLumns 


cans so shapes that purty inclnde crocif rel mata Araneta 
of buckling is covered in S16 Clause 13.3.2. There are 19 Figare 
three equations, depending on 4s 


= 
He 
Figure 9.2. Craciform column made from a wide flange and neo tee sectis 


Vor metric about two axes the equation for torsional buckling és: 


I F, oi Wage 
re £8. wall sag tee fE K, = torsion effective length factor = 1.0 


hican be shown that as T=%+Y,47,+7, where X, and y, are the offsets of the shear centre from the 
centroid of the cross-section. In a doably-symmetric section bods x, and y, will be xm. Also as 1? =1/4 
we get 
2 1 
| EC. ai} 

f ee + ee 
The axial resistance of the column is then computed from translating the buckting load to a factored resis- 
tance in the same way that we handle columns that buckle faterally. 


1 
C,=0AR (+a) * 
Additional information and a theoretical background oa torsional buckling can be found in Timosbenko 
and Gere, Theory of Elastic Stability. 


EXAMPLE— DESIGN A CRUCIFORM COLUMN ; 
Consider a W610x174 Cruciform column with an unsupported length L., of 6m ia 350W steel. Determine 
the factored compression resistance C, taking account of torsional buckling end compare to the C, from 


lateral buckling. 
The section properties are as follows: 


J=2 (J for W610x174) = 2 (2800 x105mmr*} = 5600 x1 mar? 


C, = 2 (Cw for W610x174) = 2(10 900 x1 mar) = 21 00 x1 
A=2A for W610x174) = 2(22,200mm?) = 44, 400m 
1, =1, for W610x174 + 1, for W610x174 


——- tS 


sn in iat 
jes shove = 1904108" 
2 
B= 200p00MPa = 200K 
G.277,000MPa = 77KN/ es 
p= 3SIMPa = 0.SSRN 
2 42180010" mm 77th #5600210" men! ’ 

46 200KN { nam i = 
a nace rat 1594210" men + hai pos 
= 1.9510; 

fn snl 4810) RRO 


F, [OSS / mn. o.g2g 
3 =134 
C,=eAR(1+4")* = Where a= 


g(t 34) (-1 1 1.34) 
=09* 44400mm?* 0.350kN/mm? * (1 + 0.8 
a 13986KN * (1.603 = 13986KN * 0.703 = 9835kN 


Compare to traditional lateral buckling: 


aL 1594x10° mm! _ 199mm KL | $000 _ 517 
ry 44,400m0n r 189 


From CISC Handbook table of Unit Factored Compressive resistances: ©. 29aMPa 
C2293 x 1OENIn? * 44,000 x10-4n? = 12 892KN 


In this case, the buckling in the torsional mode occurs at an axial value of 76% of the axial value for 
lateral mode buckling. 


9.3 GALCULATION OF C, FOR SITUATIONS WHERE THE 
BUCKLING LENGTH IS DIFFICULT TO DETERMINE 


‘There will be some situations where C, is desired but the calculation of } or KL, is difficult to determine 
but C, is known. Take, for example, the curved frame of the cofferdam shown in Figure 9.3. The desire 
was to have circular beams at the exterior of the frame carrying the pressure of the water, leaving the 
region inside these beams clear for working once the cofferdam was in place. With the water pumped 
out of the cofferdam, the exterior pressure of the water puts large compression forces in the curved ring 
beams, While the unbraced length in the weak axis of the beam was determined by the bracing in the 


exterior frame of the ring beams, the determination of the unbraced length in the plane of the ring was 
more difficult to determine. 


ing tO ; ical 
pesortiNB sesion can be determined. Wit C, known, C/A can als be deny : 


gader comP Figure 9.4, and as the stress at buckling is known i - Both Pyhtin, 
ye own canbe found and hence he value of Cc be de svn sess reine meV 
perm athe ring beams is illustrated in Figure 9.5. ed. Resistance toin-pane bay, 
Lng he case examined, the in-plane Duckling of the ring beam was a more ~ 
ae pane wckding of tbe Pesls, and spokes were added tothe of + SCVETE nitustion than the 
oF ging, 25 shown in Figure 9.6. waning fo reves te inane 
Ps qmbont OF ELAFTIO STSSILErT ? 
uniformly Ting sed sarang igure 9.4. 
orien om ha rl py epgan te si le! 
1208 Peal rales of tse crilorm pesssare is tht, valon wich ix tne in-plane 
Ton i igi in the ammemed allghtly Gelornied 8 ofa rng under axial 
8 formulas 
ore of the ring fa shown, ‘The dolled fine inclcatan the Timoshenko’ found i 
Ts Fg. 14 Dall che ving, ed the ful Lim repreassts the eighty Fen TBeory of Elastic 
intial roses shape porhenertaytg y 
distributed prewar is Ia 
sere d eat 
Yaseked 
hn tells dl Ga renevel over eae 
of the ring om the upper partion can be. 
by a longitudinal cemprer 
sive force & and by & bending mement 
2d, acting 00 each of the crces pactlons 
Aand B. Les qbe the uniform normal 
Preemure per wait length ef tbe santer 
Ties Of (ns ting and wi Gn veda Ae 
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3 known the effective Kir can 
8250: be determined and C,/Acan 
270 be obtained for the in-plane 
$400; buckling of the ring beams 
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Figure 9.6. An evaluation 
showed that the rings were 
overstressed and spokes Were 
added to prevent in-plane 
buckling 


COLUMN BASE PLATES 
e columns is covered in S16 Clause 25 and Part 4 of the cy 
SC 


9.4 
The design of base plates for wide-flang 
The procedure is as follows: “] 
Handbook he value of factored axial force C; for the column and size the column, 
1) Determine re required base plate area. The base plate area is conservatively pe. 
- aime of Ann = Cr / (0.85 * (D, = 0.65)*F ‘.). A conservative approach governs he be 
a ose formulas in the concrete code that allow greater contact pressure i Teas 
aoa Read A23.3 if you wish to exploit this ae certain 
3) Select the dimensions of the base plate. The base plate shou be au where possible ou 
less chance of getting anchor rods or base plate orientation wrong. This is illustrated in oo vhs 


Figure 9.7. Configuration for 
computing overhangs for base 
plate calculations 

Source: Figure from Part 4 of Cls¢ 


Handbook 


4) Compute the required thickness of the base plate. Using the dimensions shown in Figure 9.7, the 
plate thickness will work out as follows: 


2C,, (Cantilever _ Lengthy 
2 B*C*0*F 


where (Cantilever_Length) = the larger of m or n 


(Altematively, use the cantilever length from Figure 9.7, assuming uniform pressure on the underside of 
the base plate and determining the base plate thickness from first principles. Note that this method is easier 
to remember and will be the way that the remainder of the base plate problems in this text are solved,) 

5) Add anchor rods (previously called anchor bolts) for erection and shear resistance. Where possible 
use four anchor rods as this makes erection of the columns easier. S16 now requires that base 
plates have four anchor rods, unless steps are taken during construction to ensure safety, 

6) Apply a continuous fillet weld between the column and the base plate. This gives even bearing 
between the column and the base plate and for HSS columns provides the added benefit of 
providing a seal weld, In the absence of overturning moments on the column, the weld size should 

be based on the minimum weld size required for the thicker piece of steel being joined. This can 


be found in Part 6 of the CISC Handbook and is as shown in Table 9.4, 


9A. Minimum weld sizes 
ent 


neral 30 welds are rare and 5mm or even 6mm will usually be substituted 
In ge « 


E—DESIGN A BASE PLATE FOR THE STEEL HSS CoLum 
ate for the steel HSS column selected in the Previous ¢ IN 
Xample. Footing concrete j 
is 


Desig? C 
Base plate for HSS 178x178 column with axial load, P, = 401kN. 
c, AOILN * 108 ran? / pp? 
= a mam | m 
Min. base Plate f° 9 35(@ = 0.65)*F'. 0.85*0.65*25,000EN Tat = 2903 1am? 
= Ei . 
; mension of square plate = ¥2903 1mm = 170mm. To Satisfy concrete 5 a 
pf ood be 170mm x 170mm; however, this is less than the size of the tei) ee 
: vas the base plate by 75mm on all of the four sides to allow for placement of eo Using. 
soyeen base plate and HSS. Base plate = 75mm + 178mm + 75mm = 328mm ore rant weld 
overhang cantilever is the distance from the centre of the HSS wall to the Ssige'er tha fess ade: 
330mun - 178m + 6.4mm ‘ 
Overhang = — "a> = 79mm 
Option 1: _. _ [2C,(cantilever _ Lengthy? 
Use formula in CISC Handbook =t, = B*C*6*F 


'» = 930mm * 330mm *0.9*0.300KN / mm? =13.0mm 


This would probably be rounded to %-inch plate (12.7mm) 


Option 2: 

Work out from first principles 
Factored pressure between concrete and plate = 405KN / (330m x 330m) = 3682kN/im? 
Factored Base Plate Moment = Factored Pressure * Width of plate * (Ove: rhang)?/2 


Mr, = 3682kN/m2 * 0.330m * (0.079m)? / 2 = 3.792kNm 
Moment Resistance of plate = M,=¢ * Fy * Z 

Width * Height? qT: = 
oo + wear 


Fora plate Z= 4 
Z for a rectangle can be found in Part 6 of the CISC Handbook but this formula is used so often that it 
must be memorized just as we have to memorize the moment of a uniformly distributed load on a simple 


span beam without reference to a table. 
M, = (@ = 0.9) * (Fy = 300000kN/m?) * (B = 0.330m) * (7/4 =3.792kNm 


Solve for t 
t=0.013m 


. a eden 
198 sraucrewal® soa 


; the formula calculation piven ; 
Use Ut-dnch plate = 12.7min (reassuringly same #5 m6 manon Benin the Crp 
Base plae thickness govern? me 


therefore use continuous 6mm fillet weld between Hgg a 
base piste. 


Result: 0.x 12,7mm base plate with four 19mm (3/4-inch) diameter A307 anchor 
Ue 33 filet berween the HSS andthe base pla 


IDE-FLANGE 
EXAMPLE— A BASE PLATE FOR THE STEEL wi Coty 
Desigs wh ol pa steel wide-flange column selected in earlier example with wacom 


axial load,C;=405EN. i i i 
ee ied base pate size to satisfy concrete bearing requirements willbe unchanged from preyog 


170mm minimum) 
example Sena flange width of 203mm and a depth of 203mm. Try 350x350 base PIALE With 4 sacha 


rods at 40mun aff the comers 
= S008) 79mm 


TOs ad a cop, 


Overhang 
(The overhang is equal to the plate dimension parallel to web — 0.95 * Section Height) /2 


= 350-080) ohne 


Overhang 
(The overhang is equal to the plate dimension parallel to flange — 0.8 * Flange Width) / 2 
Overhang of 94mm governs 

Contact pressure = 405KN / (0.35m * 0.35m) = 1146kN/m? 

Moment = 1146kN/m? * (0.094m)?*(0.350m) / 2 = 1.77kNm 

M, = (@ =05) * (F, = 300000kN/m*) * (B = 0.350m) * (? /4=1.77kNm 

Solve for t, get t= 0.0087m. Use 3/8-inch plate t = 9.5mm 


Weld size: Flange Thickness on W200x46 = 11.0mm. Web is thinner, As neither the column nor the 
base plate has elements thicker than 12mm we can call up a Smm fillet weld, 


Result: 
350mm x 350mm x 9.5mm base plate with four 3/4-inch diameter A307 anchor rods. Use 5mm continuous 
fillet weld between column and base plate. 


9.5 ANCHOR RODS FOR COLUMN BASES 


Anchor rods are installed in column base plates for several reasons; 

1) To assist with erecting the column by holding it in place prior to the attachment of beams, S16 
requires that there be a minimum number of 4 anchor rods on column bases but allows for fewer 
anchor rods if “special provisions” are taken. 

2) To provide stability to the column base to make sure that it is restrained. The forces involved 
Will generally be small and a resistance of 2% of the column load will be sufficient, Use of four 
3/4-inch diameter A307 anchor rods will provide a shear resistance of 4(33,4kN) = 134KN. This is 


sufficient shear capacity to resist an axial load of 134kN / 0.02 = ich will adequatel 
cover all columns of low-rise buildings. a 


, minor shears occurring due to minor unbalanced oads 
4) Te —_ creche to the columa. 1 wid Sod cn te clan 
ing * i he 
claddis ; wind uplift loads. 


Tors. ificant overtuming moments and shears from the 
js oe column being part § moment 
frome. 
A ¢ tension or overtuming loads, anchor rods are general constricted 
yates 8808 Tass low-grade bolt mater wihminioun eae saga as on 
ee ro TMT sizes i listed in CISC Handbook Table 31. anchor sf 1SMOR Be 
iqcludiSB embediment (760mm for «3/4-inch diameter bolt) o be hooked to provide 
method of providing resistance to pull-out sto head the ea of the eibedans 
following reasons: 
necessary for area reduction for 


bar has a continuous thread that makes it easier to extend i 
») The Dywidad To olt becomes damaged. if the bolt is set too low 


. The Dywidag bar comes in larger diameters than does A307 anchor rods, 


da square washer plate on the embedded end, anchorage can be essi provided i 
F embedded in the concree is too short to provide anchorage 7! wad 
<iraight len plates where there is significant moment (e.g. for high Signs or moment frames) consider 
For ¢s to directly transfer shear to the anchor rods, An example of a moment-frame cofema 
done is shown in Figure 9.8, 


By puting 


‘ ical plat 
dding vertical pl 
sere this has been 


Figure 9.9. Moment. 
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shown in red and the tension forces in green. The aim is toy 
the anchor rod and from the compression flange to the SFr the 

1 5 Concrete f 

that has to be resolved. Using a traditional flat base 


cot 
thick base plates that lead to difficult welds. Adding nee 


Compression forces are 
from the tension flange to 
transfers involve an eccentncity 

very quickly results in very 
worse eee 9.9 means there is a good lever arm for the moment (see the White 


Fe My Tah For Class | and 2 sections and 
MSS 


My i <1 For Class 3 and 4 sections 


0 the «: 
al aT 
length of vertical plate to carry the shear. TOM) aaa nk M, ap 
equation 2 is only tt vaph Cae abe in Which case ra 
( upporte fe member.) fj 
9.6 CALLING UP COLUMNS ON STRUCTURAL DRAWINGS secoust of he Uns M,’ in Equation 2 ig 


Sufficient information must be shown on the structural drawings to put across the MpLE—DESIGNING Utara tet MOMENT 


; Structural j ‘ C G40.21 102x102x6.4 HSS wi} 
designer. For columns this includes the following information: ral ‘Ment of t, ermine if @ ot tha bac ee re = 350MPa with a ’ 
» The location of the column including any offsets from gridlines must be of the walls a 200KN and a bendi n diameter hole 
= shown on Plan La tis oriented such that the holes are in “webs” NOt “flanges » oud%8 Moment of 1 sk 

Clause 4.2.1 requires this.) - (S16, omen! + lag issues at this stage. he ( nh Im, The 
«The size of the column (e.g., W200x27 or HSS127x127x6.4), related shea design ang 
© The onentation of the column if the column is a 

> Avwide-flange column solution: i to this problem is to look i , 

» Arectangular HSS column The easiest solution to P in the column capacity tables 


HSS 102x102x6.4 column the ables (Breen pages) of ¢ 
‘y and find that for an in the moment resistance ; TSC Hand. 
seh be to find M, using QF,Z for Class 1 and 2 section and OF, for hae ata An alternative 
somputed T, to be 702KN in Chapter 5. and 4 sections. We have 
200kN | _1SkNm 
71, «| * TO2KN ” 25.6Nm 


» Atananglc to the grdlines 
* The details at the top of the column, including 

» Cap plate details for HSS columns 

» Stffeners in beams if they cantilever over the column. 
* Calumn splice details if it is intended that the column will be more than a Single lift, 
* The base plate information, including: 

» Size and thickness of base plate 

» Weld between the column and base plate 

» Number, size and grade of anchor rods 

» Dimensions to anchor rods from the column centreline, This is usual] 


= 0.29 +0.59 = O87(0K < 1) 


As the interaction ratio is less than 1.0 the section works under the combined 

$16 does not give a formula for tension combined with ben ding about 
nation such as the one that follows would be appropriate unless the beam 
modifications by use of M,’ instead of M, would be appropriate, 


tension and bending, 

{Wo axes, but use of a combj- 
WAS unsupported. In that case, 
y Covered in details on 


the base plates. 1, Ma, Mo oy 
» Embedment on anchor rods is usually shown on drawings. T, Mm, My 


Two examples of base plate details are shown in Figure 9.10, Tension members with bending are less common than compression members 


of a tension member with bending would be the bottom chord of a truss whe With bending, An example 


BLUSE © rine c— BASE © lexiavie Te there is a hanging load in 
MG 4-6 AIO GLY \ GALVANIZED cay the middle of the panel. 
AOR UI IE 3B! 


4-54"4 4307 GALY 


T1® FOR O74 OC “f \ ANCHOR RODS HIE. 3" 
t . 


9,8 BEAM-COLUMNS 


Beam-colurmns, especially those that are part of the lateral frame of the building, pose more difficulty in 
determining their resistance than do columns that are carrying primarily axial load. For a beam-column 
with axial force and moment about the strong axis only, the owchart shown in Figure 9.11 defines the 


procedure, 
(cme 13.8 Axial Compression and bending (single axis bending) Figure 9.11, Flowchart 
to calculate axial load of 


beam-columns 


Se 


Figure 9.10, Base plate details 


8.7 COMBINING TENSION AND MOMENT 


Axial tension and bending is covered in $16 ( 


Class | or 2 
& I shaped? 


“lause 13.9, which requires evaluation of two equations: 


Ty 
yh eee 
7 * el 


, 


GC i ° 
Me ann ee <1.0 


, a 


Lateral Torsional Buckling Check 


¢ M, it OFZ for Class 1 and 2 section and FS for Class 3 and 4 sections. 
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o flowchart) 
For braced frames: U, ibe a1 (See 
C, 


For unbraced frames U; = 1 0 


‘ umn capacity tables (green 

= Axial resistance usually calculated from colum1 ( Pages) of Cy 
Satin "which tnkes account of weak axis buckling. Use K = 1.0 if P-Delta effects Ge 
included in the analysis. been 


M,, = Moment resistance about the same axis as the applied moment taking account of Ta 
ae 
length. PPorteq 
3 wee, 


= > 


LE 
Bending about two axes makes it more necessary to check the cross-sectional stren 


: : gth check 
overall strength check as well as the lateral torsional buckling. The flowchart for bending about on the 
is shown in Figure 9.12. axes 


Clause 13.8 Axial Compression and bending 


Not Class 1 or 2 
or not I shaped 


Cy 08S My BYU My 9 


C M 


" ° 


Cross Sectional Strength Check 


Overall Member Strength Check 
Lateral Torsional Buckling Check 


Cross Sectional Strength Check 


Overall Member Strength Check 
Lateral Torsional Buckling Check 


Figure 9.12. Flowchart for bending about two axes 


COLUMNS, BEAM-cony 
MNS, AMD Fy 
203 
of this procedure should be noted: 
qspects of thls PP ne 0.85 factor the section shape must be Isha, 
Tose 6 get to use the 0.85 factor. Ge ot 
FF $16-01 the f factor was a constant value of 0.6. Now: 
prior 
06+04%A,* Of 


| member strength check and the lateral torsional bucklin 

0) A aa ad frames and allow Unxaloest to be calculated in un g strength ce m2, rer 
ol : ced frames as W is less 1 with the frames, : 
1 in unbra braced = 

less than Tsals Occur in moment- 


-axi hecks for bending about a 

.< of the moment axial strength c g about two axis is len 

The analysis ke mistakes. Use a canned program such as S-Stee|® (make sure ae eacavice and 
itis easy «6-09 rather than $16-01 or $16.1-94 as S-Steel® has evolved over several versions” a version 
that od) or write your own program check against sample problems before of the stee] 


a solvin; 
iy interested in. Refer to the example in Part 4 of the CISC Handbook for a g the Problem you 


wing bending about two axis and check whichever program you are using against a Saat 
invo! ainst a known : 


jg COLUMNS IN BRACED AND UNBRACED FRAMES 


in $16 the interaction formulas set Uy to | in unbraced frames. The situation in braced frames is more 
cone unbraced frame Uj can be set to | as the maximum column moment occurs at the column ends 
and the moments should be amplified in the analysis of the structure to include the effects of P-Delta and 
notional Loads. Moment frames require this type of computer-assisted analysis. Analysis by hand of a lat- 
erally loaded moment frame 1s no longer considered a cost-effective method of analysis in a design office 
setting, as the P-Delta effects and notional load effects on the frame cannot be included in a reasonable 
i riod. 
ie ereeel frames U, is amplified and is more often 1 or greater, as the moment can be greater in the 
midspan in a way that is not reflected in a P-Delta analysis of the structure. For example, columns acting 
as wind gitts in a braced frame have their midspan moment increased by the axial effect and this ampli- 
fication occurs only in the member length. Axial amplification of the moments within a member is not 
picked up by most frame analysis programs or occurs in individual members (such as the wind girt) where 
a P-Delta analysis is not undertaken. 

The qualities of unbraced frames (moment frames) and braced frames can be compared and con- 
trasted as follows: 

Unbraced frame (moment frame): 

* Maximum moments at beam /column joints 

* Get forces on column from computer analysis that includes P-Delta and notional loads 

Braced frame: 

* Maximum moments can occur within column span 

* Evaluate column individually and apply U, factor 

* UU, will generally be 1.0 or greater 

* Notional loads will not have much effect on the columns but will increase forces on braces 


These qualities are illustrated in the sample unbraced frames (moment frame) shown in Figure 9.13 and 
the sample braced frame shown in Figure 9.14. 


| 
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a} 
Figure 9.13. a) Unbraced frame (moment frame) b) Braced frame 
the moment by the axial force. U; increases the 


fication of 
ine repre mT ep an ld wig ONG the foe ea o 
sarpproach the backing axil Joad forthe column, The flow ahs 


Figure 9.15. Flowchart 
to calculate U, 


Note that in the case of end moments, x can vary from —1.0 to 1,0, s0 the value of @, can vary from 0A 


19. 
However if there are distributed loads in the span of the beam-column co = | and the equation simpli- 
fies to: 
imal: 
1-—4 
¢, 
2 
where C, is the Euler buckling strength about the axis of concer © ~ ar if we are bending about 
the stiff axis of a wide-flange use the stiff axis moment of inertia when determining C.. 
There are several situations where we would baye axial compression combined with bending, One 
example would be the top chord of a truss where jolats or deck is supported between panel points in the 
trust. Another example is a column that eupports a latecal load from wind on the exterior cladding. 


ification of the moment as shown in Figure 9.16. 
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Figure 9.16. Axial amplification of the Moment 


= pesian OF BEAM-COLUMNS 
9A ; ; 
toe desgper mast cc Se SORCWiNG oes eel satsaig 


ity of the beam-columa for any of these limit states implies faitere 
4 6 is ese for al tre iit sae in desig, he Seas og he 
|, The beam-column design interaction equation for Class J and 2 |. inter 


is: 
c, 0850 Me , PUM 21.0 and Ae «Me 1.0 (Clause 1382) 
i i. M, M, M, 

pacripts x and y indicate the “stroog” and “weak” axis cases, sespectvely, 
este fe ee ate faci ee a 
in the beam-colamn, and: 


factored 
respectively, 
po05+0A*A, 5085 [Clause 13.82] 


=bre is the weak axis slenderness ratio (samme as the one used for columns). Although not sted 
explicitly in S16, use the same K for Ay in determining 6 a3 for C, (typically K = 1.0). 

Since the definitions of the other parameters vary depending on the limit stsie being checked, they 
we defined in the following subecctions. 


Limit State 1 —Cross-sectional Strength 


This limit state only needs to be checked for members in braced frames simply because for nabraced 
Frames it ean never govern. For this limit state (only), Ms, and Mo,» if both are present, ovens 
vr cross-section (i.e. they are not necessarily the masximans values on the member), The various 2 
yet-undefined parameters are defined a3 follows: 

. C, is as defined in Clause 133 with A= 0, 

+ M, is as defined in Clause 13.5; 

. U; is as defined in Clause 13.8.4, but not less than 1.0; and 

. 1, is taken as 0 in the calculation of 6. 


Limit State 2—Overall Member Strength 
the mensber as a whole, scoonting for 


This limit state addresses the inplane (ic., no LTB) behavioes of 

the Pd effect. It is analogous to flexural Srckling of» colnana, but the coc nfvenced by te owes 
of bending aoa an ects a the denne ht were aed aterm #8 
redefined for this limit state as follows: 


: AUILDINGS 
RAL STEEL yor ¢ ANADIAN aul 
206 grructl 


3.3 (i.e. use G, min) except that for uniaxial bendin 


to Duc 
K = 1.0 [Clause 10.3.2]; 


nad in Clause 13.53 . 
» M,isas aad 4 faa 13.8.4 for members in braced frames; and 
e U,isasae : 

Ns 1.0 for members 1n un 


it State 3 Lateral-Torsional Buckling Strength 
Limi = 


if no bracing is provided that would 
need only be checked if no . ae 
ur i ee teliet is about the weak axis only. The parameters in the , tLTB. 
ot OCC 
se iat again for this limit state as follows: | | 
redefined ye a8 defined in Clause 13.3 and is based on weak axis buckling using the ac 
° aie length (£ 1.0) [Clause 10.3.3], although it is common to use K 
= . 
M,, is 8S defined in Clause 13.6; 


i fined in Clause 13.5, 
ws is z ‘eased in Clause 13.8.4, but not less than 1.0, for members in braced 
nx ~ 


J), is as defined in Clause 13.8.4 for members in braced frames; and 
U= 1.0 for members in unbraced frames. 


braced frames. 


Of course, this limi 


fr ames. 


coe3wee#¢ 


One thing that is useful to note in the interest of design efficiency is that for cases where LTB 
= Sur 3 will always govem unless one of the following situations applies: 


gover for members in braced frames); 


2) You have either uniaxial strong-axis bending or biaxial bending and C,, <C,, due to the 


of intermediate lateral braces (Limit State 2 could govern); and/or 


3) You take K < 1.0 in determining C,, for Limit State 3 (either Limit State 1 or Limit State as 


govern). 


Even if one or more of these cases applies, where LTB is possible it is still common for Limit State 3 to 


govern the design of beam-columns. 


EXAMPLE—CHECK THE INTERACTION OF THE BEAM-COLUMN 


Check the interaction of the beam-column shown in Figure 9.17 using the interaction formula and m thod 


above. Try W310x118. Use 345W steel. Assume braced frame. 


175 kN/m 


Figure 9.17, Sample beam-column 
Solution: 
The section should first be checked to determine Class of section. 


Table 5-1 of the CISC Handbook 


Table 43 of the CIsc shows this to be a Class 2 section for bending. 


Handbook shows this to have a Class 1 Web and Class 2 flanges. 


od in Clause | : 1 te aed a: Cases, 
. C,isas defin Kling about the bending axis is used (even if it does Not give the 


sign equation! 


tual w, ; 
= 1.0 for simpliciy 


is POSsible 
1) You have either uniaxial weak-axis bending or biaxial bending and @), < 1.0 (Limit State | oF 


COLUMNS 


Pa 
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F PEAM-COL UN, AWD Fry 
MES 
«s Class 2 for beam-column and the section is T-shaped. 
‘jon 
2000KN For w310x118 with kL = 3750mm C, = 3830, 
CFT ig # 3,798 = 300kKNm 


42175” 3 
Mr joxt18 La = 4920mm (OK >3750mm) 
for W3 


at 
10° KN /m? *275x10% m‘ 
I rv *200* : 
aC ar “oa (G.7m) —~ = 3965 1EN 
ffl ysed, 48 
: oads in span so @; = 1.0 


Have interior I 


bending is in the plane of stiff I) 


the above information into the interaction formula: 
Place 

0.85*U, * My 2 2000KN 0.85*1.05 *300kNm 
+ 


ae eearys 3830KN _-6OSKNm 


=0522+0.443< 0.963 


(OK: <1 O) 


MPLE— DESIGN COLUMN IN MOMENT FRAME 
., moment frame (not a braced frame) with axial force and end moments. P-Delta 
one ciel in the analysis as have notional loads to get the forces shown. Patents effects have 


buckling check. 


2000 KN | 
200 KNm 
a W310x118 
3700mm 
300 KNm 


Lateral Torsional Buckling Strength Check: 

* C,is computed using K = 1.0 provided that P-Delta effects have been included when computing 
the end moments on the column. C, is determined using the minimum buckling resistance; it can 
therefore be chosen from the tables. C, for the W310x118 with an L, of 3700 is extracted from 
the column capacity tables (green pages) of the C/SC Handbook and interpolation is used to get 
between C, = 3830KN at L, = 3750mm and C, = 3940 at L, = 3500mm. 

* M, is based on a laterally unsupported member. From the beam resistance tables given in the 
beam selection tables (blue pages) of the CISC Handbook the L, for a W310x118 is 4920mm 
and any unsupported lengths less than this have an M, of 603kNm. With our unsupported 
length of 3700mm we therefore have a M, of 605kNm. The value of L, can also be found in the 
column capacity tables (green pages) of the C/SC Handbook with the factored axial compressive 
Tesistance. 

* U; for beam-columns in unbraced frames is 1.0. 


| 
SS 
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inicraction= ot + whl Ebb = 0.519 + 0.421 = 0.94 s 1.0(0K) 
3850 60S 


In general for building columns the lateral torsional buckling check will govern for uniaxial bendj 
cross-sectional strength check and overall member strength check should be considered if st s but 
is strange SMUation 


EXAMPLE—CHECK CROSS-SECTIONAL AND OVERALL MEMBER STREN 
Continue the preyious example and perform the cross-sectional strength check and the Ove 
strength check. 


GTHs 
Tal] Member 


Cross-sectional strength check: (shown for completeness but will not gover in unbraced f; 
* Cis computed using A = 0 giving C, = OAF, 
© C,=(0.9) * (15,000 x 10mm?) * (345, 000kN/m?) = 4658kN 
* Mis determined as though the section is laterally supported, 
* WU), is taken as 1.0 


Tames) 


The interaction for cross-sectional strength check is: 


as BED = 0.429 + 0.421 = 0.85 <1.0(OK) 
4658 605 


Overall Member strength check: 
¢ (is computed using K = 1.0 provided that P-Delta effects have been included when computin 
the end moments on the column. For uniaxial bending C, = C,, (Strong axis bending), g 
* Use strong axis bending. Tstrong = 136mm 
© KL/r= 1.0 * 3700/ 136 =27.2 
* (C/A=297MPa (use Table 4-4 of the C/SC Handbook) 
* (C,=297,000kN/m * 15,000 x 10m? = 4455kN 
* \, is based on a laterally supported member 
* Uj, = 1.0 for unbraced frame 


In the example in Part 4 of the CISC Handbook the interaction for overall member strength check is; 
2000 ‘ 0.85* 1.0 * 300 
4455 605 


As expected (with the column bending about one axis only), the values of 0.85 for cross-sectional 
strength check and 0.87 for overall member strength check are below the 0.94 for lateral torsional 
strength check. 


= 0.449 + 0.421 =0.87<1.0(OK) 


9.11 SEISMIC CONSIDERATIONS FOR COLUMN DESIGN 


For columns that are in multi-storey buildings that derive their resistance by brace bay frames we are 
required by $16 Clause 27.5.5.2 to have columns that are not Class 4 sections ~ they therefore need to 
meet the requirements of Class 3 sections. 


As we saw from Chapter 3 on section class for square HSS to meet Class 3: : s i = 35.81 


Looking at the b-over-t ratios for rectangular sections as given in Table 9.5, we see only two sections that 
do not comply, namely HSS 254x254x6.4 and HSS 305x305x6.4. 


5. b-over- 


qable 


at ae Pacha 
= 60 | 94 5.9 
8 

E, 39 | 67 

4. 

a 

| 298 

[9.53 

| 11.13 

12.70 


9.12. P-DELTA EFFECTS 


lly more of a problem with 

Delta effects are usual 111 structures i 

aoe of members (moment frames) than those structures tat at 

stability (braced frames). x Y on 
There is considerable detail in Appendix J giving calcula 


Ane 


EXAMPLE— P-DELTA EFFECTS 

p-Delta effects can be illustrated by the simple model shown in Figure 9.18. This mi 

supported om a pole under wind loading. As the wind deflects the weight late ast ag Tepresent a weight 
tric from the base and a moment due to the displaced weight (equal to P* Y the load becomes eccen- 


the load causes the weight to deflect further and the base moment to inc D) results. The eccentricity of 


their stabiti 
axial stiffness 


ty from the bending 


tion methods for Com 


asier method is to have a computer program Perform this task. puting P-Delta effects, 


V=6 kN J P25 kN 


i Displacem ent = Delta (4) 


H=Sm 152x 1522 8.0 Post 


M=V*H+P*4 


Figure 9.18. Simple model to illustrate P-Delta effects 
For the model shown in Figure 9.18, the elastic deflection due to the horizontal load can be computed as 
follows: 
Aa UH? _ 6KN *(Sm)’ 
3*EI 3*200*15.1 
The elastic moment at the base of the post can then be calculated as: 


= 0.083m 


M=V*H + P* A = (6kN * 5m) + (25KN * 0.083m) 
= 30kNm + 2.08kNm = 32.1kNm 


Oe 
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9.14 OVERALL FR ing against buckling failure of individual member 


itiy 
uch of our design © ‘siey of the overall frame. Nee, 
Pea anes wo examine SUADILTY sis is different from P-Delta analysis in that i jg 


buckling failure, This can be illustrated jn the gt 
¢ 


While 
in some C8 


200 kN 


| 152 x 152 x 8.0 post 


HeSin 


| 


Figure 9.20. Overall frame stability 


intend to be a comprehensive manual f 
‘< chapter does not intenc ! manual for connection desion- : : 
Ts ckground and redirection to source where more information 2a ines to provide 
pene the designer’s involvement with a structural steel project aff ound. This chapter also 


3 . ; er the design j s 
ing the review of shop drawings and the site review of the steel erection, Phas ae ce includ- 
strvctural section (HSS) members, such as those found in trusses, are discussed in re hollow 
Chapter 6 on trusses, 


for seismic elements are covered in the chapters on seismic design, but these secti 
, ions rely 


nections gist . 
oo es we establish in this section. 


0 with th on the princip! 
a P ; is 2.0 with the recommended desi 

+ of S16 we find the theoretical K value is 2.0 wi 1gN value 
Using Annex I of S16 w kling load would be: being 


2.0, With K being 2.0 the theoretical bue 40.1 CONNECTION DESIGN FOR THE STRUCTURAL DESIGNER 


‘th the possible exception of seismic elements, in the Canadian structural steel i a 
vate ee the fabricator designs most of the Steel-to-steel and “simple” Seen 
with the help of his or her detailer and a connection engineer that the fabricator retains. Nevertheless. me 
designer needs to know enough about the design of connections to verify that the fabricator has detailed 
them to meet the intent of the designer. The design engineer must also knowledgeably respond to questi 
on the connections posed by the fabricator. 

The engineer of record is responsible for performing the structural design, including sizing the ele- 
ments and determining the forces on any connections. The fabricator then is responsible for detailing the 
connections based on loads the engineer of record provides. However, the lines of responsibility are not 
clear-cut. If a problem were to occur with a connection and it was proved that the issue had arisen from 
the work of the fabricator’s engineer, the engineer of record would still be implicated, even in those cases 
where the drawing general notes require the shop drawings to be sealed by a professional engineer. The 
engineer of record will still be involved with the design of the connections, will review shop drawings, 
and will at the very least expend time fixing any problems identified. Therefore it is in the best interests 
of all parties to make certain that the connections satisfy the intent of the structural design. 

To avoid questions during the detailing stage, forces for connections other than uniformly loaded 
simple span beams should be clearly shown on drawings. This includes any “pass through” forces where 
the connection is required to act as a short compression or tension element, Such an element transfers 
axial load in the beam on one side of the column to the beam on the other side. 

Additionally, connections of seismic bracing should be detailed by the designer and shown clearly on 
structural drawings. This includes details of anchorages required to transfer forces between the structural 
steel and supporting concrete elements. Supporting concrete elements can include concrete beams and 
columns, in the case of a steel penthouse of a concrete building, and concrete foundations for buildings 
using steel throughout. 
< Also, because most standard beam-to-girder connecti 
in the shop, it is necessary for the designer to have an unde 
capacities. 


Pframe Screen requesting buckling analysis of this problem and the results are shown in Figure 9,2), 


Figure 9.21, Pframe screens during buckling analysis 


Results for first buckling mode, Buckling Force = 200KN * 1.49935 = 299.9kN 
Compares well with 298kN found by hand analysis. 


ons are field-bolted, with any welding occurring 
standing of bolted connections and welding 


oe 
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7 } SIGN 
TIONAL TRAINING IN THE ART OF DETAILING 

40.2 ADDI = a SAGA provides some information on connection ¢ Pe _SHEAR CONNECTION FORCE DETERMINATION (UDL) 
The material contained al engineer. The aim is to show some of the issues an Bn Thin, exAM! the connection force for a W410x39 of 350W steel with a 7.5m span, 
te standpoint ee esOUrees availabe. A ful Gia a ve beeen cin a petermine 

nd for som here, and those desiring more backgroung Tequires .™ . 
Ce eit “ be silts or American standards. Should ine olution M, of @ laterally supported W410x39 using the procedures outlined in Chapter 3. The easi- 
eras further Sei ras training on connection design with Canadian Stan Ply termin ee look it up in the beam load tables (blue pages) of the CISC Handbook, where we find 

: n i . 
seh erat connection design in # ore el Ne PUter-based-training' ® Ming att me 227KNM: 
ae “es CSA standard $16 and the CISC Hand00 onstruction. Additiona ido _ sponent = een 
course U ° ign.ca. a 4 : 4 he factore' 8 yy Ww! f 
be found at CT S anectiOon design training with American standards, the a. Mea T 
For es aden (AISC) has produced a papa online Program that coven a tes _wb_4M,_y 

of Soles structural steel shop drawings. The wile raining Series includes the bag Py The end shear = ——=— "= ty i; Lad MERE 
and review ed connections, various types of shear connections, and yer. SI dey ‘ eV, le ee TO 

bolted and weld i i i be ertical and teil d connection force = V, L 
Pee Th course is in imperial units. More information can be found on the AISc Webs) orion Factored © 2 75m 
bracing, The oo raining Seis.” ig 

rm “Detailer Training ; the ; | 
ane solution 2 tables (blue pages) of the C/SC Handbook and find the “Total Uniformly Distributed 


Use 
10.3 BEAM CONNECTION DESIGN FORCE 


for the fabricator’s engineer to know the connection design shear force 


beam load 
a Load for Laterally Sup 


ported Beams (kN).” For a W410x39 with a span of 7.5m, the total fac- 


aes dis 242kN (as illustrated in Figure 10.2). 
tore 


a Saas are those from a beam to either a column or Supporting girder, and these MOSt com, As half of this will oe up at each end of the beam, the factored connection design shear 

are designed and detailed to transfer shear force only. The engineer of record will not s pecify ae force = 242kN/2= . 

force at the end of each beam and the connection design engineer will not be ©xpected to doa sna The shear resistance of the beam, V,, is 480KN and as this shear cannot be developed in a 7.5m long 

analysis to determine the loads on each beam. Therefore, the structural drawings should state that Ww. 410x 39 before the beam develops a plastic hinge from the moment, it would be unusual to design the 
the ¢ end of the beam for the shear capacity of the beam. Note that the beam load tables take 


beam connection is to be designed for a shear corresponding to the uniform load flexural capacity 
laterally supported beam of the same span and section. In graphical form, this can be exp =H ora 
in Figure 10.1. It should be noted that the beam is connected for the load calculated to give the 
capacity of the beam, and this shear will usually be much less than the shear Tesistance, V, d 

from the beam load tables (blue pages) of the CISC Handbook. , determined 


Beam is loaded until moment at 
Uniform Load =wr centre (wL7/B) = M, 
Connection design 
force = weL/2 
Beam is considered to be 
laterally restrained 


Figure 10.1. Beam connection designed for shear 


Thi sre an : 

aon feed will be sufficient for most beams, and possibly conservative if the governing design 

servative and the oa . deflection or Jateral-torsional buckling. (Where this value is considerably con- 
Joint ls congested, the actual design shear should be specified.) The caneey 


be conservative i ; 
the Giese z . ares Vie loads applied close to the end of the beam, such as would occut W! 
design force to be used by the pce ETS the structural drawings should state the connect 


There are t 5 
. Manipulate the equsan e® factored shear force for connection design: 
* Use the beam load tables end = WL/2 and M, = My = wL2/8, 


blue pages) of the CISC Handbook. 


connection at th 
account of both 
is lim 


CSA G40.21 350W 
ASTM A992, A572 grade 50 


BEAM LOAD TABLES 


| | / 1160 
| 1860 1640 1480 1280 1240 1 100 

paper hee 1350 1180 1040 879 

2640 2320 2000 1700, 1430; 1250 1130 985 869 


2310 2020/1750 1510, 1230 1070) 965 845 745 
2020/1770 1530 1320, 1070, 938 645 739 

1790/1570 1360 1160 055 63 751 

1610, 1420 1220 1060 859 750 676 
682 
625, 
577 
536 


010 885 64 66 537 169 i22 69 
' 


Figure 10.2. Total factored load for a W410x39 beam 


the shear and moment capacities of the beam and therefore the end shear on the W410x39 
ited to 960KN/2 = 480KN corresponding to its shear capacity. The beam load table for the W410x39 
section does not give a capacity value with a 1.0m span; however, the load capacity of the beam at a span 
of 1.0m would also be 960KN so that shear capacity of the beam is not exceeded. 


| 
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bolt types used in connect 
BOLTED CONNECTION DESIGN apie 10:1 Three bolt ty ee econ 
ions in beam: OF rods 
10.4 BASIC __ielines forthe design of steel -bolted connections in S Used j A307 steel columns. Seldom used rae concrete ang 
wing are very basic gu e “inf rmation contained in this chapter be read in COnjy ID builg. tions in structures and may not © ste! connec. 

The following «sanded that the informal! anata? WUNCtion connections Used in slip-eritieg 

in Canada, It is inten additional information on bolted connections is found. With 
in ; i ‘ 
the CISC Handbook, endl mt imperial-sized bolts as these bolts are less expensive and . High strength bolts used in most structural connec. 

Bolted commen ts. Even on projects where the drawings are in metric units, the bolts nl tions for buildings 
available than metnic-Si2) sal sizes such as 3/4-inch (19mm) diameter, not as M20 bolts. When deq: aago _| Higher strenath and less ductile than Aa2s bons 
be called up USINE IPE ould be based on imperial sizes. A 3/4-inch diameter bolt has Jess «eB ports _| these are not typically a first choice in building con. 
connections, bolt sees advantage of being more readily available. Attempting to use M20 bo ty struction due mainly to their higher cee 

s ‘ . . 

than an M20 bolt “= for information (RFI) from the fabricator being a request to switch to Vd inn ' 
result in the first et ; h holes are generally sized to give some tolerance and for ease of bolt placement and. as eae 
(19mm) diameter as including many moment-frame connections, the shear in the beam f Bolt of $16 Clause 28.4 (and unless explicitly precluded by the contract documents) = ne provi- 

at bod conection ccna pemntperer Mere a Ts Member al gub-punched or sub-drilled and reamed, or thermally-cut (machine-guided). In the ce Sei 
ferred by mt , bolting to a variety of elements, including a single angle connection, a double angle cop sts + d fabrication practices, the hole is made 1.6mm (1/16in.) larger in diametey fas ae al 
are provid ; y cal end plate shop-welded to the supporting girder, and shear Plates welded to co} bo ne bolt, $0 the connection can slip slightly. Clause 22.3.5.1 of $16 allows 3/4-inch (19mm) = size 
ser saint that connections should not be the weak link in the chain of possatial failure, and ot ed in holes up to 22mm in ai ameter without penalty, so connection design should assu nde 

Itis aint in the connection resistance, the , factor for bolts is given as 0.8. (This we be ees hole for a 19mm bolt. Similar allowances state toe ae oe ume mm 
Savon fr the value of 0.67 in $16 used prior to 2001.) nnectiOns rely on the bolt acting as a pin to prevent large moveme: - Bearing-type 


Beam connections are frequently performed using double angle connections, but a single angle con. 


nts between the connected 
elements, 
nection is also used sometimes, as shown in Figure 10.3. 


a as i ly on the bolts to clamp the 

‘hile slip-critical connections rely On| P the connected parts together, creati icti 
es * een the parts such that slip is prevented at service loads, . gis Ele 
or 


40.5 BEARING CONNECTIONS 


The most common type of bolt for connection of steel parts in buildin 
A325 bolt used ina bearing-type connection. For bearing-type conne 
of these bolts can be taken from Table 34 of the CISC Handbook, 
in Table 10.2 (shear capacities are for single shear). 


Bs is the 3/4-inch (19mm) diameter 
ctions, the shear and tensile capacity 
reproduced for 3/4-inch (19mm) bolts 


Single angle Load Resistance Double angle 
connection connection 


) b) ¢) Table 10.2. Shear and tensile capacity of bolt 
a. 


Shear capacity | Shear capacity 
threads inter- threads excluded 
cepted 
¥%-inch 79.0 kN 113 kN | 
Diameter 


Source: Table 3-4 of the CISC Handbook 


Figure 10.3. Sample beam connections 


Many of these connections are illustrated in the yellow pages of the CISC Handbook with accompanying 
tables to assist in design. Care should be taken that the tables are appropriate for the connection being 
designed (¢.g., the single angle connection shown in Figure 10.3a (left) is bolted to both beams, but Table 
3-40 of the CISC Handbook covers the situation where the angle is bolted to the supported beam and 
welded to the supporting girder). 


Connection design must check for a variety of failure modes, including the following: 
* Overstress of the bolts. 


* Inability to transfer the shear through the eccentricity from the bolt centreline to the centreline of 
the supporting member. 

* Bearing failure of the plate from trying to pick up too much bolt force on too thin a plate. 

* Block tearout of the web or Supporting plate. 


The region of the bolt that does not have threads, called its shank, provides a greater resistance to shear fl 
than the threaded portion. $16 recognizes this and reduces the bearing resistance capacity of the bolt if the : 
shear plane is intercepted by the threads. To use the threads-excluded bolt values requires more control " 
on the part of the fabricator, but may result in fewer bolts being used. If connections are detailed on the 
design drawings using threads excluded, the drawings should clearly state that this is required. 

Bolts can act in single or double shear, as shown in Figure 10.4, Generally, double shear connections 


require more fabrication, but as the bolt intersects two shear planes in double shear, each bolt can carry 
more load. 


Three basic types of bolts used in connections are shown in Table 10.1. 
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Bolts mn 
Double shear 


le vs. double shear conditions 


Bolts n 
Single shear 


Figure 104. Sing 


hin due to bearing def, 

i i he connected parts are too t bearing 

ity of the bolt ts Soe Pa bolt, For 3/4-inch (19mm) bolts acting in single shearras that 
in the base material t its maximum if the connected steel is 350W or 300W (F, = 4 maa 
ty will bea less than 7mm, refer to Table 3-6 in the CIs one ang 
is at Se ee sh os will require & material thickness of 12mm if the bearing stress is not to pe - 
ts in double | | 
Bolts! cally also have to contend with an eccentricity, Under thege 


gned for shear will typ! bolt in a group will change as shown in Figure 19 5, 


city. : 
‘onnections desi 
: a ting direction on each 


circumstances the resu 


Figure 105. Change in shear direction in bolt groups 


The force on bolt groups especially those with several rows of bolts, can be complek aad Aiea 

e ’ nt 
ist with this task. ' 

CR eet pty ae bolts is given in Clause 22.3 and Table 6 of $16. For 3/4-inch (19mm) 

‘eal edge distance is 25mm at cuts that are rolled, sawn, or gas, plasma, laser, or water set 

sap sheared edges. To account for this requirement Bot il the a designer should 

es. : . {abe the ringiead a 

i Jates and use 32mm. End distance (in the direction pri applied 

consider sheared connecting pla 


ion members may be greater. ; ; b 
Se aia centre-to-centre distance between bolts (pitch) is 2.7 times the bolt diameter; hoy 


3.0 times the bolt diameter is preferred to facilitate assembly. 


i itch, E ‘ 
eo hea of two bolts to assist in erection and provide redundancy, 


Bolted connections always use a minimum \ HM : ‘ te 
The beam or connected element is lifted into place and held in position with the pointy end of a 


ift pin i i i i hole. 
wrench or a drift pin in one bolt hole, while a bolt is placed in the second ; ’ 
Examples of bolted connections where eccentricity of the load must be considered are shown in 


Figure 10.6. 


a 


Some fabricators standardize their details 
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4 


Load Resistance 


Figure 12.$a 


Figure 12 $b, 


Fish plate must account for ; 
eccentricity between force and seme ante consetionbrwece bean sad 
resistance ban ses pe ane TUNE account for 

be nvisted istence if wide-Mange is not to 


a) B) 


Figure 10.6 a) Fish plate must account for eccentricity between fo 
ree 


j ited angle connection be 
and resistance. b) Bo ed ang ction between beam and " 
account for eccentricity between force and resistance if wi Ye sid a 
ideflan is 


E—DETERMINE THE NUMBER OF BOLTS 

the number of bolts in a single vertical line that are requ; 

from the centre ofthe bolt ine. Use 1mm (/4-ncb)A325 bol 
pe connection. 


EXAMPL 
Determine 
at 200mm 
pearing-ty 


Pport a 250KN shear acting 
with threads excluded in a 


Solution: ; - 
i 9mm (3/4-inch) diameter bolts in a bearin eee 

The capacity of the 1 mk ig type connection reads excluded i 

1{3kN/bolt. Use Table 3-14 of the CISC Handbook for a single row of bolts saa ‘ies at Is 

(see Figure 12.6). With a moment am, L, of 200mm = Bes 


C= P/V = 250KN / 113KN=2.21 
Using the bolt pitch of 80mm section, read down the table under L = 2 = 
that exceeds 2.21 this occurs with five bolts with C = 2.19 (close eeu we m4 a me eke 
19mm (3/4-inch) A325 bolts at a pitch of 80mm. See Table 10.3 (CISC Handbook Table 3-14). 


Table 10.3. Eccentric loads on bolt groups 


ier ECCENTRIC LOADS 
alte la ee ON BOLT GROUPS 
se Ve) eve Coefficients C 

bt. * 
Table 3-14 


Number] Pitch 
of b 
Bolts mom 


Moment Aim, L, mm 
PEE 
039, 035) 032] 026) 02 
1 079! 071/ 064! 053; 040 


75 175 
09, O74] O61) O51, 0.44 0.16) 0.13 2 
1.87 1,50 1.24 A 0.90 3 
2.96) 251 214) 1.86, 163) 145) 130! 1.18) 099) 0.75 O51 4 
406' 358) 3.14 | 276) 245/ 219) 198) 180) 152] 1.15 077 5 
516| 468) 420) 376/ 338! 306) 278) 254) 216, 166 1.12 6 
625/ 578) 529| 482] 439) 4.00] 366} 337 223 151 7 
7.32} 688| 640) S91) 544) 501/ 462 428) 370) 288) 2m; 197] 8 
838, 7.97| 7.50} 7.01) 653} 605) 564) 524| 457| 359; 293) 247} 9 
943/ 904) 860, 811| 762) 7.14) 668| 628| 550| 437) 359) 303; 10 
105 | 101 968) 922) 873) 824] 7.76) 7.30) 648) $20) 430) 364) 11 
1s | nN2 | 108 | 103 983/ 934 8.285 | 23 750) 6.08 505 | 4D] 12 


| | 


a UMBER OF BOLTS TO SUPPORT SHEAR 


ber of bolts inas Ing i I es rt a SOKN sh 
Ex AMP ingle vertical line tha’ q Ppo 2 
ne the num , Use 19mm G3 4-inch) diameter A325 Bolts Wi Acti, 


i ing type connection with threads jn 
Solution: of the 3/4-inch (gam) ae - Meee 3 bows INES ype ay 2 
The capacity N/polt. Use Ta ¢3- 1. of 200mm He: 
shear rat ert g0mm pitch, With a moment arm, L, of 200m: 
of bolts and ass 


Ce«PV= 250kN /79,0kN = 3.16 


der L= 200mm until we find a value of C that exceeds 3.16 this occurs wi 
able under b= 


: th 

’ ; 19mm (3/4-inch 48 
Read down the t for six bolts is too low.) The connection requires seven inch) 

<r a ee a sen if the shear plane intercepts the bolt thread. Sameer 
A325 bolts at a 


10.6 SLIP-CRITICAL CONNECTIONS 


‘ti i ire three things: 
ee cai’ the contact surface between the connected elements referred to 7 
ates ee ie (Palate or galvanized surfaces are not acceptable though under some limi 
aeaail some primers may be acceptable and galvanizing is acceptable in type C Surfaces 
cire 
233.) 
Th es of A325 or A490 bolts. (A307 bolts are not acceptable.) ; 
2) A teasioning OF the bolts to provide a clamping force. The bolts must be tensioned to 70% ¥ 
3) their specified minimum tensile strength of the bolt. This tightening requires greater inspect; 
including torque testing of the bolts. Péction 


If any of these three items is missing, then the connection will not be recognized as a slip-critical coat 
vba of slip-critical bolts depends on the surface condition’ of the clamped parts. These 
requirements are given in Clause 23.3. The most basic is “clean mill scale” in which the surface must be 
free of oil, paint, lacquer, or any other coating in the bolt area and slightly beyond. Clean mill scale finish 
is classified as a Class A finish. A Class B finish requires blast cleaning. 

For slip-critical connections, the bolt capacity is given in Table 3-11 of the CISC Handbook but, for 
the most common bolt — the 3/4-inch A325 bolt. The values are given in Table 10.4. 


Table 10.4. Capacity for 3/4-inch A325 bolts 
Service load Shear capacity Service load Shear capacity 
Class A surfaces Class B surfaces 


19mm (3/4-inch) diameter 


A325 Bolts (regular hole or 
short slot) 


Slip-critical connections are desi 
service loads and then checkin 


gned on the basis of making certain that the assembly does not slip at 
values in Table 10.4 show 


ig the factored load conditions using the bolts as bearing bolts. Note that 
service load shear capacity at the top of the table. 


5 WILD ¢ — ti (<;sS”””” 
TRUCT Ral gtt CANADIAN 8 SINGS 
sTal { fi POR 


CONNECTION DESIGN 221 
: be found in the C/SC Handbook ; 
mensions can D f in Part 6 for metric-¢i 
ane bolt dimension plus 2mm while the length is 4mm longer than , He font The width of 
the hole bolt and 28mm longer for a long slot on a 3/4- 
m) 


‘ his for a slot P 
inch (19mm) bo! > Slot on a 3/4-inch 
19mm '<ize of 21mm oF 22mm (see Clause 22,3.5.1) ) bolt. A 3/4-inch (19mm) bolt may be 
in a hove 


DETERMINE THE NUMBER OF 
BOLTS IN SLIP-CRITICAL CONNECTION 
umber of bolts in a single vertical line that are requi ed 

ern ek the centre of the bolt line. The dead load is ¢ “quired to support a 250kN shear acting 
at 200m 


qual to the live load and the i F 
; Pieter ; : Service load 
3/4-inch A325 Bolts in a slip-critical connection with short slot ho! ‘onsid bo the 
185kN: ie clean mill scale. les. Consider the bol 


ction with clean mill scale finish j 
-14 of the CISC Handbook for a sing| € finish is 
/polt. Use Table 3 Bie row of bolts and assume an 
23 ee arm, L, of 200mm 80mm pitch. 


C= PIV = 185KN / 33.7KN = 5.50. 


wn the table under L= 200mm until we find a value of C that excee: i i 
Rese a the connection requires nine 19mm (3/4-inch) diameter A325 wives oe. = 
ee 7 hese bolts would then be tightened to70% of their factored tensile capacity. The increase from 
mas bolts found for a bearing type connection to eleven bolts in a slip-critical connection shows sec 
the ritical connections are used only when there is no alternative. , 
ce critical connections are required in the following conditions: 

1) When slotted holes are used and there is a shear to be transferred through an eccentricity. 

2) Where there is fatigue loading or frequent load reversals. 

3) Where the structure is extremely sensitive to deflections such that slippage into bearing cannot 

be tolerated. 


10.7 BLOCK TEAROUT OF CONNECTIONS 
(TENSION AND BLOCK SHEAR FAILURE) 
Block tearout of connections occurs where a shear failure plane fesses tose the ceates helo Doce 
and provides a weak link in the connection resistance chain. 
Figure 10.7 shows the type of failure that we are guarding against. 


Block 
tearout 


Figure 10.7. Intended behaviour of block tearout 


New formulas have been included in $16-09 to cover this situation; Clause 13.11 covers it for gusset plates 
and for coped beams, These formulas are advancement from previous editions of S16 as they account for 
the effects of tension in the connection as well the net and gross length of the connection. The new for- 


mulas reflect research from the University of Alberta which shows that rupture on the tension face occurs 
before rupture on the shear face. 


For the coped beam above, the formula of Clause 13.11 are follows: 


T=, [u. Ay F,+0.6A, eh 


ons of interest we get: ms 
.* pfficiency factor ed by one leg 0 one piece and by the other leg to a Pe 
cal with single vertical row of bolts second 


beams fort 
beams with 


wo bolt lines 
more than 


two bolt lines 


are as shown in Figure 10.8, 


Figure 10.8, Connections 
subject to block shear 
Source: $16 Commentary 


A, = Net area in tension 
Ag = Gross area in shear 
@, = 0,75 


When using these formula 
parts are in tension, See Figure 10.9, which is 


Shear on Dotted Line Tension on Solid Line 


& Figure 10,9, Tension and 
! block shear failure 


taken from the CISC Handbook and modified. 


Tension and 
shear 


Tension and Shear Block Failure 
$16 Clause 13.11 


As shown in Figure 10.9 there may be more than one failure id whe: 

. a is hates ah wi al apa. plane and when evaluating block failure itis 
| to Clause 13.11 for block failtire in gusset plates, a similar modification where no tension 
EXAMPLE—DESIGN A BOLTED CONNECT! 

ESIC 1ON 
d connection for a W460x74 350W steel beam spanni f 
pips a spanning 7.5m, Assume an eccentricity of 
po oi ¥ the bolts and the centreline of the supporting beam, ‘The top flange of the 


8 it is necessary to decide which parts of the connection are in shear and which 
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ne the design load for the connection. Use beam load tables in Part 5. The capaci 
ad WAG0X74 beam with a 7.5m span is 546kN. The connections will therefore nape 


273kN each end, 


! peterm! 


step! support 
N/24 
inc 25 bearing type bolts will be used with 
-exlect the bolts. 3/4-inch A325 Beat with threads excluded fi 
: ila capacity of polts is given in Table 3-4 of the C/SC Handbook. A325 bolts “scone: 
ee ded the threads are excluded from the shear plane. 


Check the bearing resistance of the bolts in the beam web. W460x74 has a web thickness of 
3: ai «resistance for 3/4-inch bolts is 15SKN from Table 3-6 of the CISC Handbook. (Bearing 
\ of the web 38 OK for single shear but will govern with double shear.) 


lect the connection type, Use 8 Hae ARS connection that has a single shear plane, Eccentrici 
she bolt and the end of the angle is 75mm. : 


_ «. Determine the number of bolts for eccentric loads on a single line of bolts on Table 3-29 of the 
step 5: Determine Vy, = LISKN, Pr = 273KN, C= Py/ V; = 273 / 113 = 2.42, Need 4 bolts providing aC 
; 5. Length of angle = 80mm *(4— 1) + 40mm + 40mm = 320mm. (OK fits in the 395mm available 
7 S distance between fillet welds of the W460x67 (Dimension T in the W shapes beam properties table 
| 
in Part 6). | 


6: Check plock tearout at the coped end Ag. 


step # 
petwee t 


Sieg , is the gross area in shear and taken as the beam shear 
area less the coped portion. 
35mm and the width of the web on the W460x67 is 9.0mm. Bolt holes for 19mm | 


The depth of cope is 
bolts taken as 22mm and centre of bolts from end of beam taken as 35mm. 

Ayy = d"W w*cope 

Aq = 457mm*9.0mm — 9.0mm*35mm 

Aw = 4113mm? - 315mm? 

Aw® 3798mn? 


A, = Net area in tension = 35mm*9mm = 315mm? 


U, = Efficiency factor = 0.9 for coped beam with single vertical row of bolts 


F, 

T.=@, [u, hy Ft. 6Agy rd 

Placing the values of A, and A, developed above in the $16 equation for block tearout we get: 
T,=0.75 [oss 1Smm?* 10¢4)*450,000KN/g2 + 0.6#3798mm2*10(4350 0008450000) 

T, = 0,75(1039kKN) = 779KN 

(OK>273kKN) 

Away from bolt holes: V, = 0,60 @ A, Fy 

V, = 0,60 * 0.9 * (4113 = 315) x 10%m? * 350,000kN/m? 


V, = TL7kKN (OK > 273kN) 


Step 7: Minimum size of angle — check bearing and shear. 


INOS 
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iate table in CISC Handbook, 
Need 6m for beariag resistance (Se° APPR } ei SOMMECTION Dasion 228 
92.5kN) “Bs t section 
shear resistance of te ang from S16 Clause 13.11 ij ie 
= - for angles connect by only one leg w; 
= 320mm *6,4mm 2048mm' Age = 0-5An ly one 8 With three bolts in one 
.: oun? Teasion line similar 1 Figure 12.8 left-hand side, 1, = (0.75N(0.6X625x10-6m?}450,000KN/m?) Tow (Clause 12.33. (Gi) 
27kN 
(E+) T=! 
eed 
T= D,|U Ae Fite 7] } For two angles T, = 2*127EN = 254kN 
Simplify as A, = 00 ‘The design summary is shown in Table 10.5, 
FF, 
7,20), (0Ay 72) = qeble 10.5. Design summary for 2-L75x51x64 braces 
Substitute Agy, Fy, ad F, 
T,=075 [o.e2048mm7*i0“ ome 1 pe & : sn at intermediate bolts 
. and end connection 
1, <0,75{491KN] = 369kN (OK > 273EN) = 
Connection 
6.4mm (1/4-inch) angle. : 
inl itis worth noting thatthe net section at the end coanetion forthe memaer i den 
the other values and often govern due to shear lag effects. 6 significantly lower than all 


Step 8: Call up the connection: four 19mm (3/4-inch) diameter A325 bolts - threads excluded 
pitch. Single angle connection use L127x127x6.4. 


10.8 CONNECTION OF BRACES NOT DESIGNED FOR YIELDING 


When we reviewed tension capacity of members in Chapter 9 we looked at the case of a L76x¢yym 
double angle brace and found that the gross section capacity of the brace was 414KN while the rane 
capacity was 422KN. If we were to conclude this example and look at the connection at the ae 
brace which involves three 19mm bolts in a row through one of the legs of each angle we would 
equations ii and iii of Clause 13.2. 


Under some circumstances, tension on an element can i 
increase the loads on those bots. Bolts in teasion and prying scion seco <tenetng that item and 
of the C/SC Handbook along with some worked examples, as sho aaa Ss intern 


" i 
. | 40.9 THE EFFECT OF PRYING ACTION ON BOLT Loans 
J 


Block Shear 


ae oie (64mm) = 173n0n? 


A, = (800m + 80nom + 406.41) = 1280mn” 
U, = 0.6 for angles connected 


nveluan vo4ns Ext) 


For each of the two angles this reduces to: 


T, =075 0,6(173x10m?)430,0002%. 4.0.6 *1280:10~ m2 (200.000 + 450,000) I - ae 
m 2 a 
T, = 0,75(46-7KN + 288KN] = 251kN Figure 10.10. Bolts in cension and prying action 


For two angles T, = 2 * 251kN = 502kN The prying effect is worse if the plate that is bolted is flexible as the value of Q will increase and therefore 
the tension on the bolt. Use the formulas and charts in the CISC Handbook. The desire is not to overload 


a 
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“ASADIAS BUTE UY 


the botts in tension, The CISC Handbook bas an example where the bolt tension is 


prying action eat TS 


17 ANCHOR RODS AND BASE 
PLATE CONNECTION TO CONCRETE 


A307 bolts are frequently used for anchor rods when connecting steel elements to con, 


have a Qi, of 0.67, 80 if we look up the capacity of the bolt in Table 3-4 of the Cis: ote 
incorrect values because Table 3-4 uses @, of 0.8. Wefig 
Table 10,6 calculates the shear and tension resistance of the anchor rods in 


requirements of S16-09 Clause 25. 
Use caution when evaluating the formula for A, (the net tensile area of the rod) for im 
the formal is in imperial units, d must be in inches, and the area produced is in square Perial rods ag 


Table 10.6. Anchor rod capacities {kN per bolt) (S16) 
A307 Anchor Rods 


®ccordance with the 


The formulas for combined shear and tension on an anchor rod are given in $16-09 Clauss 25.3.4 as fol. 
lows: 


Vin Tee 
, fal 
(7) (pst 


EXAMPLE—DESIGN A BASE PLATE CONNECTION TO CONCRETE 

Accolumn at the bottom of a lightly loaded brace bay has a factored uplift of 9OkN and a factored shear 
of 100kN, It is proposed to use a base plate with four 3/4-inch A307 anchor rods. Determine if this meet 
the requirements of Clause 25. The base plate is stiff enough that we can ignore prying, 


Solution: 


Let's conservatively assume the anchor rod threads intersect one of the shear planes. For each bolt T, = 
59.9KN and V, = 33.2kN plug these values into the equation above. 


1OOKN 90 
(Geasznn) * (Fesagny) = 075)"+ (038"= 0.71 OK <1) : 


V, = De H(AeFy +N) 


2065 
Weer 0, Coaticieat of fiction 


N = Axial force acting on the assemb} ig 
(AgFy +N ) is a clamping force Y Positive for compression 


values of ps for the shear friction values between Stes! 
1253 appendix D Clause D435 giving the following Base plates and grout can be of se cen 
= 0.8 if the contact plane is a full plate thickness f 1 
‘vould be the situation fora base pate buried in conse lp tafe ofthe comcre, This 
«= 0.6 if the contact plane is level with the top surface of the 


4= 05 if the contact plane is above the level of the . . 
tion where the base plate is above the level fads carte Concrete, (This isthe usual sites- 
from more recent editions of A233.) Plaster. Note that bis case was omitied 


EXAMPLE—DESIGN A BASE PLATE CONN’ 
TO CONCRETE WITH WIND ur * 
Continue the previous example with a factored uplift of 9OKN and factored, 
shear friction with four 3/4-inch (19a) A307 tachor ros. The bse pa Tome Non ee 
and sits on a 25mm layer of steel shims and grout. a — 


Solution: 
¥,=¢.u(AF +N) =0.65 * 05 * (4% 285 * 300 x 10° 90kN) 
V, = 0.325 * (4*85.SKN —90kN) 
V, = 0.325 (252kN) = 75.6KN (No Go this is leas than the 100kN applied) 
Try four 1-inch diameter A307 anchor rods 
V,= 03 * (4*152.1KN —9OKN) = 167KN (OK >100kN 
Use four 1-inch diameter anchor rods) 


For small shears like 1O0KN we can probably get away with doing shear and tension transfer with anchor 
rods but at higher values it will be necessary to use shear lugs which provide a more direct method of 
transferring the shear force to the concrete, 


10.11 BOLTED CONNECTIONS UNDER S16 


Bolts have a @, of 0.8 this applies to metal to metal bolts but not to the bearing capacity of the bolt, 
The term “anchor bolts” is no longer used and bolt-like objects connecting bese plates to concrete are 
called “anchor rods” and have @,, of 0.67. 
Formulas in Clause 13.11 cover shear and tension block failure and the formulas that covered shear 
only on connector plates has been removed, 


, t 
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ic WELDED CONNECTION DESIGN 
2 ign of steel welded connections for beams § 
i ic guidelines for the design 4 Rag = or 
The following ae Ver RE ht this chapter be read in conjunction with the CISC Handbok, wa 
ing wet creas on welded connections is found. tatcan to weet nae 
additional sna in many connections, especially those Where 
1D i ’ 
Welds ae tol are ops 


40.12 BAS! 


ipment and qual connection is the fillet weld in which a triangular bead of wets « 
se common type of welded the two steel parts to be joined, as shown in Figure lone 


added at the comer intersection between 


= Figure 10.11. 
ics t Tanguay boda let wg 
a) ) 


dimensions in the fillet weld are as follows: 


Lied on D ~The weld size. This is referred to in the capacity tables 
1) Dime se b 
Dimension t, — The throat size 


The dimensions are shown in Figure 10.12. 


is Dae Figure 10.12. 
i: a t= Effecuve throai of weld Fillet weld dimensions 


Where a fillet weld is used against the edge of a plate (as shown in pee 10.116), the maximum size of 
fillet weld must be Jess than the plate thickness, as shown in Table 10.7. 


Table 10.7. Maximum weld size at the edge of a plate 
Plate edge condition 


[vax 
Sieeesvanet een (tT 
[Sworedeaget>érm ___|tanm | 
ole de 


symbols can be found in Part 6 of the CISC Handbook, which gives a great deal more options 
ieee comfortable calling up. For example, for a fillet weld the basic symbols are shown in 
Figure 10.13. 


id ‘ 
U ‘ 
Figure 10.13. 


Basic weld symbols 
s ‘ 
Verncel lane bebow Verucal Ime ebove Vertical ine above & below 
Wradar lme udicates | | Yoder Ene stcheates | | Sender hawt mdhcatn weld both 
vod ts de. abd Sepia aa ee 
a) 


b) ¢) 


sci _ ~~ 
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Black flag is the field weid symbot 
Note that vertical tine on the fle 
Weld syn bot is siweys on tho left 


a) 5) 


determined by 
Temember one number tp know 
Capacity of (10/6) * 0.933kNinm a 
Tight angles, the size of the fillet weld 


depending on orientation, Forces 
be conservative and quick in cou- 
these clauses were incorporated in the C ie. 


Consequently, many desiguers will conservatively use the values for 0d area th 


weld and the force, as shown in Figure 10.15. 
=a : 
50" 
a) ry 


Figure 10.15. Capacity of weld depending on orientation 


Regardless of the force on the Weld, the weld size must satisfy the minimum weld size required for the 
thicker piece of steel being joined. This requirement is set out in Part 6 of the CISC Handbook and is as 
shown in Table 10.8. The principal Teason for these requirements is that a very thick plate can draw the 
heat out of a small weld very quickly, creating the potential for weld cracking. 


Table 10.8. Minimum weld sizes for various plate thicknesses 


eo 
as 


‘When applying Table 10.8, a thin section to a larger section the welding code 
size need not exceed the thickness of the thinner part joined, unless 9 larger te 
stress.” 

Similar to the tables that assisted us with bolted connec: 
tables that assist with the design of welded connections, 


EXAMPLE~ DESIGN A FILLET WELD 
A 12mm thick fin plate from 300W material is welded onto 8 Vertical stee} Surface 
to the surface using a fillet weld each side of the plate as shown in Fi that 


is 
gure 10.16, ;Perbendica, 
connection necessary to support 250kN at 100mm from the Vertical support face, Determing the Wel 


100 mm 
| 250 KN 22 mm plate al 
L=? 6 
a) 


7) 
Figure 10.16. Fin plate welded onto a vertical steel surface that is 
perpendicular to the surface using a fillet weld each side of the plate 


Solution: 
Using Table 3-34 of the C/SC Handbook we desire to find the weld length 1 and fillet size, 


example that accompanies Table 3-34 has the length of weld assigned and we mu 
find the correct answer, Our factored load is P= 250kN and our eccentricity is a] = 100mm. 


The Cisc 
st iterate to 
Try] = 200mm aa(ca 100mm) (1 = 200mm) = 0.5 


From Table 3-34, using a 12mm plate and a 6mm weld and a = 0.5, we find C’ = 1.20 


1 required = 250KN / 1.20 = 208mm 


(our guess was very close to the correct solution — don! 
always come out this close), oo Gad 


Note that as the length of weld increases the ability of the weld to resist the eccentric moment improved 
Some designers might argue that 200mm is close enough to the answer an live with a small overstress, 
Rather than using 208mm we will try 225mm. 

Try 1 = 225mm a= (e = 100mm) (1 = 225mm) = 0.44 

From Table 3-34, using 6mm weld, C’ = 1.281 required = 250kN / 1.28 = 196mm (OK) 


ne? that 
tion design, the CISC Handboo, 
naa 


jon modulus (bb%/6) 
e that the section m as ‘ 
pri ig sens He snore” thet he hts wat sk ea 
Note also that f the plate got too slender we may ain, te: Wed for 
on unbraced beams for the buckling of an uns Want (0 Consider 


As the capacity of the plate should be at least the Seu Pecklng See Chap 
checking the plate thickness isto check that with » guj weld Dem ot the one 
ehickness should be at least: Sach tide of plate og Other way of 
29D\=. 29D) lickneas the 
1217 CoxdS) 1Al4 
2*D 2% 


[a cnr Cae A aa Taig ~ 8487 (OK 12mm) 


EXAMPLE— DESIGN A FILLET WELD On THR 

vices tram mera 
uuface using a fillet weld on three sides of the plate. The piss, thet is 
velop td Soton sown it Fgwe 1017 Daeg nash ge Be 


at 100qun from the end of the horizontal fillet welds, Se Wedd yb meyee 
60mm 100mm 
250 kN 
it 12mm plate 
L=300mm ? 


Figure 10.17. Fin plate welded onto @ vertical ste! surface 


Solution: 
Using Table 3-28 of the CISC Handbook we desire to find the 
Using the geometry we find the eccentricity of the loads to the 
2°60 *(60/2)+ 300%60 
a*300nen TOO 8 60)e 300 Slam 
a= 15tmm /300mun = 05k = 60mm / 300mm = 0.2 


fillet size. Our factored load P = 250KN, 
Centre of mass of the welds, 


Using these two values and Table 3-28 of the CISC Handbook, we ind Cis 0.147 


P 250kN 
O- Cai~ 4479300 757A Use Geum weld 


10.13 CONNECTIONS USING A COMBINATION OF WELDS AND BOLTS 


Sometimes it is desired to increase the capacity of a bolted connection by welding the coasection plates 
fo the beam. Because itis difficult to analyze welds in combination with bolts, Clause 21.10 allows welds 
to be used in combination with slip-critical bolts in mew work, provided thet the differess dactilities af 
the bolts and the transverse and longitudinal welds are accounted for in scconiance with Clause 13.14. 
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OINTS AND DEVELOPING THE WALL OF A HSs Type 


“non-structural” design, it is often necessary to try to develop the t 
ft tube can carry moment. The HSS tube is frequently welded to SAP ACY of he 


40.14 BUTT J 


For handrails and othe! 
wall of an HSS tube so the 


that is perpendicular to the 


Figure 10.18 Welding a HSS tube 


The tension in the wall is @F,t, where t is the thickness of the wall of the HSS. 

The capacity of the weld is that for a 90-degree weld (1.21kN/mm for a 6mm weld), 

However, W59 (Clause 4.3.1.6.1.4) states that the maximum effective throat thickness of parti 
penetration weld (such as a fillet weld) should not be greater than the wall thickness of the HSS mea 

Using the values shown in Table 10.9, we see that the maximum capacity of a butt joint is only 9} % 
of the wall strength. It may be necessary to increase the thickness of the wall of the HSS should the weld 
not be capable of developing the moment required to satisfy guardrail loads. 


Table 10.9. Weld required for various thicknesses of HSS wall 


‘wan cine inm | 32 | 48 | 64 | 00 | 95 [0] 
war tersen win tor J 151 | 202 | 282 | 290 | «00 
wet Reaorenmy [496 [744 | 991 [1.39 | 1472 [200 | 


so | a0 | 100 | 120 | 150 | 200) 
rweitven (om 354 | ses | 707 | 848 [1061] va 
mona efecive vost om) | 32] 40 [64 | 00 | 95 | 
wet coocty wind | 082 | 138 | 104 | 230 | 27s | 374 | 
conscy Deveoped om) ome [9m [ om | ove | ove | ov | 


In Table 10.9, we also sce that the weld size gets very thick once the wall gets thick, We will look at the 
connection of HSS members for axial loads in Chapter 15 on designing bracing for seismic loads. 

For normal guardrail posts, however, it may be possible to increase the capacity of the weld by real- 
izing that the tension result for the weld is outside the wall of the post being connected and computing the 
moment result of the weld stress at that point. 


_ EXAMPLE—DETERMINE THE MOMENT CAPACITY 
"Determine the moment capacity of a 8mm weld on a 48mm diameter x 4.8 HSS (G40.21-Grade 350W) 


it subject to moment and take into account the offset between the centre of the weld and the centre of 
of the HSS as shown in Figure 10.19, 


HSS in a butt joint configuration as shown in Figure 10.18. ¢mbeq Plate 


Figure 10.19. Offset between the centre of the weld and the c 
entre of the walll of the Hiss 
7=9.0x107 mm? M, = 2.86kNm 


‘The diameter of the weld circle is 48mm on the inside aiaeree 
The plastic section modulus of a hollow circle is Z = (6X43 — 43) — 
Z = (1/6643 - 483) = 25. 2 x 10'mm3 


Assuming the base plate is from 300MPa material and tekier 
applying @,, = 0.67 we get a stress of 300,000kN/m2 * orore areas on load and 


Applying this stress to the Z of the weld material we get a ; 
25. 2x10) mm? = 3.58kNm get a moment resistance M, = 142,100kN/m?* 


Limit to the plastic capacity of post = 2.86kNm 
Repeating the above calculation using a 6mm weld results in a at capecity of cay. 
M, = 142,100kN/m? * (1/6)(60° — 489) = 2.50kNm (<M, of 2 se : 


Final Result: Use 8mm weld to develop the moment capacity of the tu ile satisfyi ; 
weld throat for the 4.8mm wall. M/ be while satisfying the maximum 


10.15 CALLING UP PLATES 


Note: Thanks for input from three very knowledgeable people who have me : 
fabrication business: Tim Fraser, Thor Gaul, and Rob Third. Spent many years in the steel 


Before 1980 the CISC Handbook recommended that plates be called up as Width x Thickness x Length. In 
1980 the recommended wording for calling up plates on drawings changed to Thickness x Width x Length, 

There are significant savings to make if the plate can be cut from bar stock where it needs only a 
single cut to be cut to length. Plate sections that must be cut on two sides are more labour intensive and 
should he avoided if a suitable bar stock piece can be selected. Bar stock is typically rolled in imperial 
measurements for both width and thickness, Two common plate thicknesses called up on drawings are 
10mm and 12mm. The 10mm plate will often be substituted with 3/8-inch (9.5mm) while the fabricator 
will, if possible, substitute 1/2-inch (12.7mm) bar where a 12mm plate has been called up on a drawing. If 
the structural drawings have intended to use 1/2-inch plate but have rounded to 13mm, then the fabricator 
may send a Request for Information (RFI) asking if 12.7mm plate can be substituted or if more expensive 
9/16-inch (14.3mm) plate has to be used. Preference should be given to selecting plates or bars that are 
the metric equivalent of 1/8-inch, 1/4-inch, 3/8-inch, 1/2-inch, 5/8-inch, 3/4-inch, or I-inch or in half-inch 
increments thereafter. 
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ncrements to 6 inches wide and in J-inch increme 


Widths of bars come in half-inch i \ . - 
a maximum of 12 inches. See Chapter 1 for a table of the available bar sizes. the d 


Two steel fabricators indicated that, while plate should be called up with the thicknes, 

‘ : ; ; 

appropriate to call up bars with the width first as this 1s easier from the standpoint of material first, itis 
8, 


40.16 GUSSET PLATES 
Gusset plates are sometimes used to connect elements, particularly in brace bays where th 
become quite large. When in the brace bay, the gusset plate is part of the seismic resistin e Plates can 
the design engineer, however, in practice, the sizing of the gusset sia : . ™ ang 
8 often 


should be detailed by 
to the detailer. i 
Check the following: 
1) Shear lag to verify that there is enough connection distance between the brace elem 
gusset plate. ent and the 


2) Tension failure of the gusset plate (away from the bolt holes if bolt holes exist), 
3) Tension failure of the gusset plate in bolt hole area if these occur. 
4) Buckling failure of the gusset plate if the brace can go into compression. 

rmine that the end distance is sufficient to provide ductile 


5) For seismic braces, dete 
behaviour in accordance with the requirements of Clause 27.5.4.3. (This will be 
cov . 
Chapter 15.) Cred more in 


A section on connecting a plate at the end of brace is included in Part 3 the CISC Handbook Thi ; 
refers to checks for shear lag, yielding of the plate, and failure in the plate across the bolt line $ 
The CISC Handbook example is only partly appropnate to the design or checking of a Po 
as typical gusset plates usually taper and get smaller toward the brace, and typical brace menial 
compression forces that must be considered in the gusset plate. have 
Additional information on gusset plates and cyclic testing can be found in Cheng, Grondin, and Yam: 
“Design and Behavior of Gusset Plate Connections,” a paper presented at the AISC Fourth lena iy 
Workshop * Seno in Steel Structures, held October 22 to 25, 2000, in Roanoke, Virginia 7 
r is available in the Other Technical Resources section 0 
aa ‘3 f the ePubs and Freepubs page on the Alsc 
The AISC reference shows that the effective width of the gusset plate can be considered as the “Whi 
more Effective Width,” which is shown in Figure 10.20 as the line that is 30 degrees from the first : 
line. The AISC reference shows that the 30 degrees could be considered to be 45 degrees. bs 


Totational 


poset ple 
thackuess, ¢ 


Figure 10.20. Whitmore effective wid! 
3 th 
Source: Cheng, Grondin, and Yam. “Design and Behavior of Gusset Plate Connections” (2000) 
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veference shows the consideration of the various failure 
ring but does not have a numerical example. nae Bisset and effects of cyclic 
CONNECTIONS OF STRUCTURAL STEEL TO 


40.17 CONCRETE ELEMENTS AND OTHER ATERIALS 


| steel structures are connected to conc ; 
ef : rom steel, this connection will be at ke (oii eo) If the building is compl 
if many of the vertical load carrying elements of ag using anchor rods and ee con- 
ay be necessary to transfer the load of beams to the fac went are constructed from Plates. 
attachmen i # Concrete wall or to make ot 


ral drawings. AS the contractor will be reluctant to have formwork by ra design engineer on the 


Alm 
structé 


struc : , 

the connection such tha Soe 

tis desirable to design the t any elements = 

ine formwork has been stripped. There are two products to shiv ean wl Seeuciaag 
aim: 


}) An embedded steel plate with shear studs (Nelson 
embedded in the concrete at the time of concrete ares Welded to the rear of the plate, This 
by welding to the embedded plate. nt and attachment of the steel is cae 
2) By the use of drilled expansion anchors (Hilti™ Kwik Bolts or Hilg™ 
common). or Hilt™ HSL bolts being the most 
While the connection to the embedded plate may be designed 
must be designed and detailed by the engineer of eae a the see detailer, any embedded items 
interaction between information provided by the stud or insert —— these items usually involves an 
concrete code. Examples of design using these products can be found Ghee the steel Standard, and the 
of a detail for connection of a steel beam to an embedded steel plate is eb shae literature. An example 
diaphragm chord Is attached to the wall with an expansion anchor Shown in Figure 10.21. The roof 


Figure 1021. Detail for connection of a steel beam to embedded steel plate 


In the same way that the structural drawings must fully detail the connections concrete, 
pea must show connections between any other materials, feta bles aia aa wood, 
Ea - <a a concrete, and between steel and masonry. The detailing is required for both steel sup- 
Boe ids elements (g., glued-laminated [Glulam] beams picked up by a steel beam or column) and 
elements supporting structural steel (e.g., a Glulam column picking up a steel beam). 


— \, a 


CHAPTER 11 
MISCELLANEOUS METAL 


main vertical system for the building and shown how to design 


ign of the : g 
We have ioe omg the columns. However, no building design would be complete wi rhe’ 
deck, the a", ris Lae scellaneous metal.” These include canopies, stairs, guardrails, and a selection o¢ 


: the structural drawings but do not appear to be part of the “p.: 

~ cam a ner paleatohe the designer can spend as much time designing and detail are 
secellancous steel as on designing the main bones of the building. The level of detailing tae 

maid a significant effect on how your client (usually the architect) views your work, and the 

ful ae baale items can often mean the differeace between getting or not getting the next job with 

that re Miscellaneous metal can also be a significant source of income for the fabricator, who wal 

claim extra fees if these items are not shown on the contract documents or are poorly coordinated ai 


the architectural drawings. 


11.1 STAIR DESIGN 

ic design is a shared design between the architect and the structural engineer. The architect will usa. 
ioicfen: sel Stacy giving the rise and run and a full dimensional layout, while the structural 
ate will size and show the stringers and other members supporting the stair as well as the construc. 
tion of treads and landings. Much of the stair design is done with typical details such as those shown in 


Figure 11.1. 


Figure 1.1 Typical framing for a short steel stair supported at grade 
on the low side and on steel structure on the high side, Note that the stair 
stringer is supported with a full-strength splice at the crank 


: uch as the one shown in Figure 11.1 use preman 
aay Sm Tpese are shop- welded tothe channel singers ~~ 


godt tair arrives on site as a pre-fabricated steel unit Of the stair, ang 

ro the general contactor asthe concrete wo the sen ot PU th sel prt ote 
ae pve sufficient depth to get the pans in place without havin The ct hes 
a ose 


The main stringers for the stair are made from channel sections, 


ace. ae 
into ia the stairs and eliminate the small pockets that would be presenti 


i i the strin 
«je-flange sections. Figure 11.2 shows a stair tae Me BeTs Were 
wide irom a channel stringer, constructed with a Soasinicted 


Figure 11.2. a) Typical framing for steel stairs uses c: ms 
stringer as this gives a clean edge 10 the sir, b) The wide fartere sections for the 


i i : Be shown i 
is much more difficult to detail and fabricate and creates pocks bole os he ie 


Most steel stairs located in public areas will have bent-plate stair i 7 

after the steel structure is constructed). In industrial areas, palace blr le wit china 

shown in Figure 112a, where steel pans are filled with concrete after the stair is erected, a stil 

from metal gratings. Typically, landings on stair with concrete weads willbe fom conctos on meal occ 
Figure 11.3 shows a small stair in an industrial application, 


Figure 11.3, Small stair in an industrial application 
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. ements that apply 10 steirs that are accessible by the public 40 not 
wth Nevertheless, stairs would still be designed for a live load of 4.8kPy_ *pply in j a wanoRALs AIS GUMEERE 


MPLE—CHECK STAIR STRINGER sand guardrails are often a challenge for the . 
EXAl shown in profile in Figure 11.4 (rise of 2500mm and run of 3 structural 


. with ow ied metal pans and channel stringers on cach side. On plan vi Sony nfiguraion requirements and be designed for significan, atisty several Buildin, Cod 
load kPa and seine load is 2 0KPa ceding sige wight ad conan Mele ee ot sini Pat 3 ft —— oe and are ually etn te wees desi on irements are 
i 48kPa and? : i ed in Part 4 of the Building Code and are re hees 3 design, while 
that the C310x31 stringer meets strength and deflechon requirements, PRR. Checg acini pS £ 1 di 7 Tspoasibility of the struct the force aspecty 


A Agineer, 
re cnt ana a ene 
are shown in Tabie 11,1, 


Dimension to top of guard 
greater than 10m trom sta landings next stars where the ups 


Height of guards in front of seats i 
face of a theatre balcony “assembly occupancy uses such as at the 


Height of guards at ends of aisies 
such as atthe face of a theatre bang nf a assembly occupancy uses 


No sphere greater than 100mm shalt 
guard. Deflection calculated using the OSkN soy Ine elected pices of 


Between the height of 0mm to 900mm 
that assists cimbing Chis elnatesheizoneal anne emit the guar 


ht suas on srs messed fama nesng J 
eon edna eee tenet 


Maximum and minimum height of handrallin stair 


Figure 11.4. Concrete-filled metal pan stair with channel stringers 


lution: 
ne first step is to realize that the load is vertically downward while the stringers are incli; This 
that only # portion of the load is perpendicular to the stringer. The portion of the Joad that is 
the stringer will give rise to generally small axial forces and a need to anchor at the base of the stair 
for an evaluation of the stringer, we are mostly interested in the bending that is caused by the port Fe 
the load perpendicular to the stringer. Portion 


The slope of the stringer is ArcTan (Rise/Run) = ArcTan (2.5m / 3.9m ) = 32.7 degrees 
The length of the stringer from geometry is 4.63m (square root of (25m)? + (3.9m)?) 
The vertical lond = (1.5m/2) * (1.25 * 2.0kPa + 1.5 * 4.8kPa) =7.275kN/m 

The load perpendicular to the stringer is 7.275kN/m * Cos(32.7 deg.) = 6.12kN/m 
Factored moment = WL? / 8 = 6.1kN/m * (4.63m)* / 8 = 16.34kNm 


We consider the pans that are welded to the stringer provide lateral restraint and the channel ig 
considered to be laterally supported. 


Moment resistance of a C310x31: M, = pF, S, = 0.9 * 350,000 * 351 x10* = 110kNm 


Strength is about six times the load imposed, but we will continue to use this section a3 a smaller 
size section would pot provide sufficient end closure for the stairs. 


865mm to 965mm 


Height of handrails in landings may be 
to ty to double up ue ofhaukeh eeeerae IF guard is required. (aim here Is 


Clearance between handraits and adjacent surfaces 
oF abrasive in which case the clearance must be 60mm 


see Ae BCe a Guardrails are often built from round sections, in which case the designer has 1 choice of pipe sectioas or 
Deflection is not an issue. HSS. The pipe sections should be designed with a yield stress of 240MPs as this isthe minimum yield for 
The C310x31 works, While it would be possible to find a smaller section that would work fg sich eval be ac oelalig W/E Ene ee 
strength and deflection, the C310x31 is used because it provides sufficient depth for the pans of) uso bs called up. Taescuactr in aaa ie om HS 
fully covered and is the lightest weight C310 that is available. While lighter weight “Mi: but alto havea higher ield stress. Due to availability, G40.21 soeeiinsi tibiae or end al 
Coamnels” such as MC310215.8 do exist, the C310x31 is used because it is easier to source. and ASTM S00 with a yield of 317MPa should be used. The section properties used should be those 
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eorresponding to the ASTM A500 HSS sections, which takes account of the req 
those pare The force requirements on the guards, pickets, and handrails whale iy thicknegs 
ar antform loads, Where both a point load and a uniform load are given, both are to he Polat loads tay, 

ned to the worst of the two as shown in Table 11.2, i vit, 


the element being desig 

Table 11.2. Required loading for guard and handrail design 

viewing stands without fixed seats and for means of jw 
achers and arenas 


| 
ire CCU = 
seme time as the outward load) . 
500mm above the surface where the vehicle wheels are sup- 
outward force, thus reflecting that a balcony guard is more likely to be pushed than pulled, 
determining the picket spacing, The rule is that a 100mm diameter ball cannot be allowed to fit between 
The force on handrails is given in Part 3 of the Building Code as 0.7kN/m or a point load of 0.5kN, 
to be between 865mm and 96$mm, which means that the handrail must be below the height of the top of 
rails on one side only, if the stair is 1100mm to 2200mm wide it must have handrails on both sides of the 
EXAMPLE—SPACE HANDRAIL SUPPOATS 


t covered in the two categories above, (This 
it the ae coach type of guard in a buliding that Is not a 
Vehicle guardrail In a building covered by NBCC design (e.g. 
parking facility), The point foad is considered to occur at i 
ported | 
Under NBCC 2015 a provision was introduced that permits the inward force on the guard to be half 
Pickets within the guard are required to resist a service level force of 0.5kN applied “ee 
picket; however, under NBCC 2015 we are now required to consider the deflection of the picket when 
the pickets in their deflected position. This is to prevent children and animals from forcing their way 
between the pickets of a guard and then getting stuck when they try to pull back, 
Handrails need to be graspable and for circular handrails the size range is 30mm minimum to 43mm 
maximum, This means that 8 48mm HSS is not permitted to be a handrail. The height of the handrail has 
the guand at 1040mm. Guards on stairs that are designed in accordance with the Code often have both» 
guardrail and e handrail as shown in the Figure 11.5, Stairs that are up to 1100mm wide can have hand- 
stair or ramp, If the stair or ramp is over 2200mm wide there must be intermediate handrails, which will 
require intermediate posts, 
Determine the maximum distance between supports for a handrail made from round HSS with a diameter 
less than 431m, 


Solution: 
We will use ASTM A500 sections, as G40.21 HSS sections are not easily available, Unfortunately the 


CISC Handbook docs not list HSS sections that are smaller than 48mm. A 43mm maximum diameter 
allows us to use a E-S/8-inch diameter (42.2mm) HSS but does not permit 1-3/4-inch (48.3mm) dinpahet: 
HSS Sectiona The only section with a 42.2mm outer diameter has a listed wall thickness of 3.58amih. Ai 


— 


A 


STM sections, we are to determine the 
ph other AS ; We design properti 
x78 retical wall thickness. We are therefore wishing to f a nae Wall thicks, Mealy 


of the oe The ASTM AS00 sections have 
HSS. The A: a yield of 31 Teslstuace of 

32Mrance for four round sections of various mate fale tee 113 shows ©4222 x 
handrail wm withthe maxinrum 43tnm dine = 


Hss 42mm Diameter x 3.2mm 
Pipe 42mm Diameter x 36mm 
Stainless Steel 42 4mm x 25mm 
stainless Steel 42.4mm x 25mm 
found the moment resistance, we can then di _ ‘ 
ad. Typically the handrail will be cos. 


Having 
ous over several supports and we will take ad Of thi : 
ve shown in Table 11.4. image ofthis by using some coetinnity ia the moonen, 


qable 11.4. Load determined for various handrails 


Letus use the section with the largest capacity (HSS 42mm Di 
tance of 1.39kNm. Looking at Table 112 wes ecalaninateen oda ea moment rei 
load is 0.7KN/m, Load factor = 15 for live load. i while the uniform 


For point load: PLI6= O9EN *15*L/6=139kNm > L=6.1m 
For distributed load: WL? / 10 = 0.7kN/m * 15*L?/10=13%Nm>L= 
From a streagth point of view this span is quite large and should be revie wedfeedcacen 


We might consider it a good idea to combine the handrail with the i A 
zontal element butte vertical stanchions wil be overloded wid acy ae at cet te nn 
have stanchions spaced at 1300mm, then the factored load at the top of the stanchion is: 

© From the point load: 1.0kN * 1.5 = i5kN 

¢ From the distributed load: 0.75kKN/m * 1.3m * 1.5 = 1.46kN 
The moment at the base of the stanchion is 1SkN * 1.070m = 1.605kNm, which is not satisfied by any 
of the sections that have a diameter of less than 43mm. To address this problem, 2 48mm diameter tube 
can be used for the stanchion which requires a more complex counection at the top because the handrail 
dimension cannot increase beyond 43mm. Altematively an HSS 6026.4 sleeve can be used at the base of 
the stanchion. The inner diameter of the HSS 60x6.4 is 472mm so the 42mm tbe will fit im but seeds 
to be wedged tight and seal-welded at the top. The maxinmmn height of the 42zum tube to the point of the 
sleeve is 139kNmm / L.SKN = 0.927m. 

One requirement that needs to be chocked is the requirement thet the handrail project beyond the end 
of the stur as shown in Figure 11.5. The handrail is required by Code to extend beyond the and of the 
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evering the handrail. With our point load of 6 

and assuming in this case that the lana 

h a factored moment of 0.9kN * 15+ ta 
= 


done by cantil 
dof the stair OF ramp ( 
nd up wit 


is 18 usually 
the en 


he stair) We wi 13, including th 
Table 11.3, incluaing jose made from 
Stainless steg), 


is positioned 
0.405kNm 


Figure 11.5. Handrails at the base ofa 
stair. Both the edge handrail and the centre 
handrail have Code mandated projection 
300mm beyond the end of the stair of 


ARREST ANCHORS 


11.3 FALL 
are frequently require 


d fail arrest anchors 
maintenance 0} 


d where there is access to a roof for maintenance 
f rooftop mechanical equipment or access to window washing equip- 
from the design engineer's standpoint is that the location of the anchors is determined 
eer who is usually retained after the structural drawings are tendered. While guard- 
fall restraint - the aim being to prevent falling in the first place — fall arrest anchors 
and the impact of a falling worker sufficient to halt that person’s fall. A fall arrest 
for an impact load. Fall arrest loads are specified by industrial regula- 
s WorkSafe BC. In British Columbia the fall arrest load is a 
ws roof and ceiling mounted fall arrest anchors. Figure 


f a roof anchor frame. 


Roof-mounte 
activities, including 
ment. The challenge 
bya speciality engin 
rails are designed as 
are designed to withst 
anchor must therefore be designed 
tions provided by provincial agencies such a 
factored load of 22KN (5000 Ibs), Figure 11.6 sho 
11.7 shows the structural drawings for the design 0} 


Figure 11.6 a) Roof-mounted 
fall arrest anchor. b) Ceiling- 
mounted fall arrest anchor 


Figure 11.7 Roof anchor 
frame that can be used with 
OWSJ to produce only ve 
loads on the truss 
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EEL STUDS AND GLAZING IN TALL WALLS 


where the floor-to-floor height is greater than 5m wil ‘ 
G eg in support for studs or glazing. Examples of this are ercnckee ere that the 
the stud size needed. Figure 11.8a shows a gym Soait with a Mextucatal oad . = pirts 
vel 0 above and below a strip window. The bay is complicated by being a eas 

peight © steel stud design Is usually done by the speciality structural engineer and is not part of the hes 

ppile the © ncer’s SCOPE the elements that support the studs are structural items and must be 

rizontal beams that are shown in Figure 11.8 were all fully designed one 

n structural drawings. HSS beams are frequently os = oo ee 


er and shown 0 
e dead load of the wall, which in the case of the wall in Figure 


cal load from th 


the bas poth verti 
often SUP 4 brick cladding, and lateral load due to wind and seismic loads. This means that i 
8 i the design 
mpute the forces 


m 
engine HSS will therefore be un 


e as the tributary width for 
oment connections woul 


a) b) 


Figure 11.8. a) Extra framing in wall of gym. Note the horizontal HSS beam 


at the mid-point of the wall which reduces the size of the wall stud required and the 
horizontal HSS beams above and below the window. b) Airport terminals and other 
large public buildings will frequently have high glazing walls that require supports 


often have tall feature glazed walls that 


Public buildings such as museums and airport terminals will 
‘or the full height of the glazing. Figure 


ine support, as the glazing mullions will not be able to span 
8b shows one such wall where the glass is supported by a mix of steel framing designed by the base 
ullions, which are designed by the curtain wall i 


b after the base building drawings are 
here the load of the glazing 


building designer and the glazing m 

= designer will only be working on the jo 
) to state on the base buildi i 

pleas uilding drawings W: 


hat the assumptions are as to W’ 
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11.5 CANOPIES 


Almost every building will have some sort of a canopy, and public buil din 


Miscery 

‘ . : 8S Often ha ludi hoist be ; ASEOUS METAL 245 
particularly elegant features, As the structure is an integral part of the ve Canopj equipment, including a hoist beam that is required to acer... 
significant influence on the design and several iterations can usually be x OPY; the Architect wiht ceveit Escalators (Figure 11.10a) will require piece with the installation 
is an interesting challenge in Canada as the load on the canopy due to the ain? Snow drift on have, beams to take the point load reactions from the ese. sine ae at the bottom of the» Maintenance of the 
the base uniform roof snow load. For example, going through the snow drift cal eeatly are ; pit framing at both ta of the moving walkway and need tase walkways Figure 11.108) 
with S, = 1.8 and S, = 0.3, with a 60mx50m upper roof and a canopy 5m below aan ONS for a Limes walkway at intermediate points. Considerable time ig ‘com : wall require 

u 


snow drift result on the canopy of almost 8kPa which is approximately 4.6 time: r TOof, gi 

upper roof. A snow load of 8kPa, requires almost 3m of 3kN/m3 snow to bean Pes Snow load on ® 
doubtful situation. To get around this some engineers will limit the drift load ae oak Canopy, iS 
roof snow, giving a canopy snow load of 4.8kPa in Vancouver (approximately 1.5m eR to2.5 times the 
This loading reflects the suggestion in the NBCC Commentaries that, for multi-level sow 8 3.OkN/m3) 
snow in the drift area should be evaluated to determine if it is reasonable, Can: a are ts the depth of 
using glass so as to provide more light to the region below. The glass should not be = Often constructey 
diaphragm and structural elements should be analyzed and designed as if the glass oman ne to bea 
lateral resistance, Figure 11.9 shows a canopy for a retail store in Vancouver, in aes ae load but no 
beams are plate sections that are considered to have no torsional resistance and Cy =0.Th SUpport 
members comes from stools that support the glass, and the loading of the members tise toad on 

of gravity needs to be considered in their design. The glass is not considered to be a dia Ve their centre 
canopy is in Vancouver, it also needs to be designed for seismic loads in all three directi Phragm. As this 


parallel to the sidewalk will produce weak axis bending on the cantilevered beams. sod ~ Seismic loads 


/ ae, ee 
STI \ i | 


a) b) 
Figure 11.10. a) Extra framing for a pair of escalator its. b) Frami - 
in an airport. The lower section in the Jorge is pr Pgs don hei rf moving walkways 
er Section is 


for the running section. The top surface of new installations will usually be flush with the floo 
r 


11.7. ART PROJECTS 


Art projects are often installed in public buildings and the structural engi ; . 
the structural design of the stability and mcacdie these objects — a = aay neveeppaberties 
another structural consultant will be brought in to work with the artist and act as an intermediary ike 
base building engineer. The extent of the involvement of the structural engineer will depend on the size of 
the piece and where it is to be located. At the lower end of the scale of involvement will be the review of 
the floor structure to take the weight of an art object. At the upper end of the scale the structural engineer 
will be called on to design the framework of the piece itself. Depending on your disposition, the designer 
may find working on art projects the most fun and interesting work or something to be dreaded. Each 
art project is unique and ingenuity is required to determine a solution that satisfies the structural Code 
requirements and forces of nature, while not offending the artist. 

Art projects need to be designed for the following loads: 


11.6 ELEVATORS. ESCALATORS, AND MOVING WALKWAYS . Self-weight, including the effects of eccentricity — frequently sculptures are supported at a point 
. , eccentric to the centre of mass. Consider a statue of a sprinter that is in stride at the finish line, 
Mechanized vertical transportation in the form of elevators will be required in almost every multi-sto- 


as shown in Figure 11.11, or a horse rearing on back legs, In these cases the addition of an extra 
rey steel building. Many large public buildings will have escalators to provide continuous mechanically column under the chest area of the sculpture while being the perfect structural solution is not 


a) b) 


Figure 11.9. Structure supporting a glass canopy on a rainy day in Vancouver 
makes it easier to see both the glass and the rain shadow provided by the canopy. The canopy 
structure is formed from plates that cantilever from a member in the wall above the door 


assisted movement between floors without interruptions. Large airports will often have moving walkways an aesthetically acceptable option. The forces on the sculpture will depend on the weight of the 
as international agreements limit the maximum walking distance between typical passenger stops to 300m piece, and while the artist may supply a weight, it is important to do independent calculations to 
and the distance taken up by the moving walkway does not count in this distance. From the structural verify this weight. 


‘engineer's standpoint the elevator will require the framing of holes through floors, and a pit of a certain + Wind loading is determined conservatively, as the shape factors and ee See ts ae 
size and depth at the base of the elevator. Elevators will also require an over-run at the top that may require easily available for most art projects. If in doubt, design it as if it were a beni to consider 
“dog-house” on the roof containing the overrun of the elevator and possibly some of the elevator maximum width and height as your sculpture. For some sculptures it may 


er « 
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Iptures may require a ; 
rectangles. Tall slender scu Special w) 
rtex shedding. Even large art pieces should not be cons) ind Study», 
evaluate ray ends to be transient and could be relocated wie te 
an adjacent Dui life 
of the structure. is also important. Even in high seismic rj 
culpture is also important. € Tisk areas 
Seismic oe mais m on artists want their sculptures to be as light as onaiath : Ofte, 
not the Lapel > structed with a moulding process that results in a hollow Sculpture for TON 
fates of pieces, The determination of the seismic load requires a reasonable All by 
the s “termination 
of the weight ts yee halen one or two IKN people (more for a larger sculpture) han 
oA Renate in the most awkward way possible must also be considered, The “yahoo s 888 
off t 4 Iso include a lateral load of IkN (service) for small Pieces and perhaps larger fan 
should als factor” load need not be considered to act at the same time as Ey 


sng ; The “yahoo , " : ; 
See vada but ec need to be considered in conjunction with the factored deaq loa 
sagas The “yahoo factor” is a judgment on the part of the designer and is not found in a 


pits the piece, It is better to uy 
11 often be the most significant load on elt oe ee 
Se va the sculpture than be defending yourself from liabilities for injuries incurred ty 


someone misusing the sculpture. 


a series of 


effects of vo! 
Iding from wind, as art t 


the piece as 


Figure 11.1]. Base connection for bronze statue. The desire 
here is to create a two-part base where the bottom part can be installed 
first, allowing concrete work to finish before the sculpture is installed 


An important aspect of design of the sculpture base connection is the decision on how much allowance 
for adjustment to provide. The support of the piece shown in Figure 11,12 allowed for adjustment in three 
directions by having slotted holes on the base in one direction and in the plate for the sculpture the holes 
were orthogonal, allowing the piece to have fine adjustment in the north-south and east-west directions 
as well as having a limited ability to rotate around a vertical axis. The addition of shims allows the piece 
some vertical adjustment in the upward direction only, as shims can be added but, once all the shims are 
removed, there is no ability to move further downward. 

Most cast sculptures are struck from a structural bronze that has a melting point of approximately 
950°C — considerably less than the 1370°C melting point of steel. The yield point and strength of the 
bronze will depend on the alloy used and, when checking the strength of individual pieces of a bronze 
sculpture, the designer will need to request material Specifications for the bronze being used. For sculp- 
tures made from bronze that are anchored to steel supports there needs to be consideration of corrosion 
av that there are not dissimilar metals in contact. Neoprene gaskets between dissimilar metals and 

hee ae area locations are dry and with a limited oxygen supply all help to reduce the 


BRICATION AND ERECTION 


oF STEEL PROJECTS 


chapter covers the designer’s involvement with a structural steel project after the design is complete. 
a includes the review of shop drawings and the site review of the steel erection. We will also look at 
Thi ly exposed steel which will require extra effort on the part of the designer if the appearance 


hitectural 2 
rt architect is looking for is to be achieved. 


12.1 SHOP DRAWING REVIEW 

During design of a steel structure, the fabricator, manufacturer, supplier, and contractor will all produce 
shop drawings. Shop drawing review may seem to be a tedious task but it forms a very necessary step in 
the checks and balances that must occur in a structural steel design prior to its fabrication and erection. 

Steel design results in a significant number of shop drawings that must be reviewed under tight sched- 
ule. On large steel projects, the number of shop drawings may be a hundred times the number of structural 
drawings for the project. The shop drawings are usually shipped to the design consultant with as many 
as six copies to be stamped and initialled and retumed, all relating to one shop drawing, with comments 
needing to be transferred to all copies of that drawing. 

The detailer is required by Clause 4.3.1 of S16 to provide the engineer with sketches showing his or 
her design intent for connections prior to the preparation of shop drawings. In practice this is seldom done 
except for larger projects. For larger projects the process of sketches in advance is to be recommended, as 
the fabricator will be more willing to change design-connection details if bundles of shop drawings have 
not already been produced. From the fabricator’s point of view, showing early design sketches may avoid 
the delay caused by a cycle of “revise and resubmit” on the shop drawings. 

Production of shop drawings by the fabricator will often result in requests for information (RFIs). 
These should be responded to with priority. Often the speed of response to the RFI will influence whether 
or not the information request turns into an extra charge. All responses to RFls should go through the 
coordinating professional. 

Slow review of shop drawings can result in construction delays and extra charges. For this reason 
accurate logs that track the arrival and departure of shop drawings should be kept. Transmittals should 
clearly show which drawings are being retumed and the date of return. All shop drawings should go 
through the coordinating professional (usually the architect). 

Immediately upon receipt of shop drawings, review them to ascertain that they are indeed part of your 
scope of review, Immediately return any drawings that are not structural in nature. Shop drawings that are 
for items not shown on your drawings should not be stamped or marked in any way that would indicate 
that you have reviewed these drawings. 

The purpose of shop drawing review is to check for conformance with the contract documents, not 
to check for the accuracy or completion of dimensions and quantities. 

Shop drawing review consists of the following checks: 


I 


EO | OR ee ee 


t the member size (€.g., W410x39) exceeds or agrees with the size 
re size of elements has been increased by the fabricator, vetify ON the 


ctural drawings. Whe’ ! ased 
stru rawing hitectural drawings has been maintained. For example, if a We 


i f structural and arc’ the 
ae lesigned because its 178mm flange will fit in an 8-inch (203mm) stud wall, subs 


1610x84 beam with a 226mm flange will violate one of the intents of the t 
Seats beam may not necessarily have an increased capacity; a W610x82 a Sizing 
resistance of 683kNm while a W610x84 has a moment resistance of 627kNm (22 smn 

2) Check member length. The shop drawing review does not confirm dimensions and the M 
drawing stamp will state this, but it is prudent to quickly verify that the Member Jen ae 


1) Verify tha 


approximately as expected. pe 
3) Review the proposed connection to determine if it meets the strength requirements. 


4) Verify that the material grade satisfies the requirements on the drawings. 

5) Review the camber of the beam to verify that it agrees with structural drawings. Floor 
should generally be cambered to give a flat floor after concrete is placed. This camber wii 
given as a function of length on the structural drawings (¢.g., “Camber all simple span floor = 
Span/360. Beams with spans less than 5m are to be uncambered except mill camber up”), 

6) Determine if any special details called for on structural drawings, including any mechanical 


or brackets shown on sections on the structural drawings, have been included correctly in the shop 


drawings. 
7) Check for any holes that have been added because the fabricator has referred to mechanical or 


electrical drawings. The resulting holes may violate the intent of your design. 


The following items are generally not reviewed by the structural engineer: 
1) Details to do with painting shown on architectural drawings. 
2) Exact dimensions of the beam (shop-drawing stamp should say that this is not being reviewed by 


the structural engineer). 
3) Quantities on the bill of materials. 


Shop drawings should be stamped with a company stamp that includes the date of review and gives 
appropriate disclaimers with wording suggested by your liability insurance provider, The disclaimer will 


include words to the effect of not being responsible for dimensions. 


Figure 12.1. Structural engineering 
Jirm stamp showing date of review and 
dimensions disclaimer 
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drawings are stamped “Reviewed” and the word “A, Rs 

shearer! your returning transmittal. Pproved™ is never used 

apP' Cla use 4.3.3 of S16 requires that erection diagrams be submitted to the 
o as “E-Diagrams,” they show the general arrangement of beams and provi iew. 

a key plan for 


sred t 
asd the beam mark numbers. They may also provide information about : 
Epos bracing requirements. An example of a steel “E-Diagram” and the ny, ion Sequencing or 
hown in Figure 12.2. ‘¢renced shop drawing is 
bt 
itn — A 
we! at gal — igure 122. 
2? $ erection shop drawin, 2 
+ watxta — 
ar 
yas 0610084 | te! 
| BAe 
pAPw360eSI_ | ee 
oarTW 360s a 360 
Ve 5} 
=e W610x 107 < rs 
edz #460x61 | BRAY WAG 
sinty W406! = Bat WAKE) 
BAIL W460s61 
se 
a ae 


Gia sa WaliOn§t 


¢ %, 
Syarg W510 | Press 


An E- Diagram as shown Figure 12.2 gives the location of the beam shown in the shop drawing, as shown 
in Figure 12.3. In this case B3A 1 can be seen in five locations. 

The shop drawing shows the beam with exaggerated scale such that bolt holes, duct holes, copes, and 
other details can be seen easily by the fabrication shop. As a result, dimensions on shop drawings must 
never be determined by scaling. 

The shop drawing will be checked for 

* correct beam size (W460x61) 
correct stee] grade 
number of bolts satisfies connection requirements 
conduit hole (as shown on structural drawings) 
camber 


ee ee 
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Figure 123. Sample shop drawing corresponding to E-Diagram 
Source; Reproduced courtesy Empire Iron Works 


42.2 SHOP DRAWING PRODUCTION USING 3-D SOFTWARE 


¢ the use of computer software to produce shop drawings has become more 
nbd Cor is now very a to see shop drawings not prepared using 3-D software, 
such as X-Steel are used to produce a three-dimensional model of the project that includes all 
Steel detailing programs often cost many times what the structural analysis software for the Project cost, 
and considerable training is required to be a productive operator, However, the 3-D model can be a very 
useful tool in determining the location of conflicts between the steel before it is fabricated, 
A growing trend is to have the structural engineer much more involved with the fabrication process in 
a manner that blurs the lines between the two parties. It is now more common for the structural engineer 
to transfer information to the fabricator electronically, including 2-D and 3-D models that can be Tead 
directly into the fabricator’s detailing model. 
There is a growing trend in the design and construction industry to move to a Building Information 


Modelling (BIM) standard of project delivery, In a BIM project, the architect and the consultants on the 
project document their design throu 


gh a 3-D model that is produced through specialized programs that 

include AutoDesk's Revit, The resulting model builds the structure in a virtual world and identifies many 
Of the conflicts that may occur between structural steel clements and other Services in the building, At 
about the same time the transfer of BIM models to the fabricator is occurring, it is not uncommon for 
the steel fabricator to build a completely different 3-D model in his or her detailing software. This seems 
wasteful but is a function of several factors, including the compatibility between the detailing software 
{often Tekla-based) and the BIM model {often Revit-based). There is also concern on the part of the 
ator that the model produced by the desi; 


gn engineer may not be as accurate as is needed for steel 
Asample 3-D drawing is shown in Figure 12.4, 
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Figure 124. Sample 3-D or Tekla drawing 
Source: Scott Detailing 


42.3 SITE REVIEW OF STRUCTURAL STEEL CONSTRUCTION 


h of the field-services time spent by the designer during the construction of a steel building is in the 
Muc f shop drawings. Consequently, the number of site visits for the designer during the erection of a 
review e steel building is much less than for a similar sized concrete building. 
erst ei by the designer consists of the following: 
* Determine that the members called for on the drawings have been placed in the field. This 
inspection is generally quite rapid as missing members will usually be spotted quickly. 
2) Review to see that all trimmer beams around openings have been placed. 
3) Review beam connections to see that all bolts have been placed. Again, this is a very rapid 
inspection. Missing bolts are obvious, although connections might be obscured by other building 
Jements. 
4) Review to see that all puddle welding or mechanical connection of steel roof and floor deck has 
been placed. Particular attention should be paid to making certain that welding or mechanical 


connection between shear lugs and deck has occurred and between beams running parallel to the 
deck span. 

5) Visit the site prior to placing concrete on metal deck to verify that reinforcing steel has been 

placed. 


6) Spot-check to confirm that grout has been placed under columns. The 


grout pack should be placed 
under the column prior to any significant load being added to the column, including the weight of 
any concrete on the metal deck. The grout pack will only be placed after the column is shimmed 
up. 
7) Review any inspection reports (usually welding reports) prepared by inspection agencies that 
visit the fabrication plant and site of the erection. Of particular concer is the resolution of any 
deficiencies that are found by the testing agency. 


8) Based on the site review, approve progress-payment draws. 


The steel fabricator will follow quality control procedures and hire a welding engineer and contract with a 


testing agency for review of some of the shop and field procedures. On larger jobs the designer will often 


Meet these engineers and technicians on site and, as a first step, welds and connections that look suspicious 
should be discussed with these professionals. 


Visual inspection of welding by a qualified inspection agency can find the following issues: 
* Incomplete weld segments 

Imegular profile 

Excess undercut 

Insufficient throat 

Excess slag 


———————e "he 


« Unfilled craters 
» Excess convexity 
¢ Bum-through 


rs would have difficulty distinguishing one type of fault from another. fy, - 
bly have found at least one of these problems. sa tthe 
; Id be available if requested f; 
: tes for steel sections and bolts shou ; Tom the ste} fa. 

on — steel should be referenced to its mill certificate. However, the review of the mae 
a sis sual performed by testing agencies for the owner and contractor. — 
ow Fad steps in the site review of structural steel construction include: 

1) Prepare dated deficiency lists for work not completed or not completed to the Satisfaction Of the 


design team. a P , 
2) Provide follow-up site visits to review any remedial work before these areas are ¢ 


building finishes. 
3) Sign and seal the final letter of assurance. 


Many stractural enginee 
weld looks ugly you probal 


by 


Figure 12.5. Active site during construction 


12.4 GENERAL NOTES AND SPECIFICATIONS 


The design drawings for a project containing structural steel will require general notes to cover those items 
that are needed by the Authority Having Jurisdiction, as well as by those building the structure and those 
reviewing it or modifying it later. This information is essential for getting a building permit, for making 
sure the construction of the building is carried out with the correct methods and materials, and for deter- 
muning the capacity of the building to carry extra loads in the future. This information would include those 
tems required by $16 Clause 4.2.2 but not shown otherwise on the drawings, including the following: 

1) State the design standard used ($16), including the edition, and the appropriate edition of the 
Building Code. It is important that these references be up-to-date. The designer should also be 
familiar with the referenced standard and have a copy for reference in the office. It is important that 
the correct Building Code be referenced. For example, submitting a job to the City of Vancouver 
Stating that the building was designed to the National Building Code of Canada is a good flag 0 
City that additional scrutiny of the drawings would be appropriate (the City expects drawings 
Submitted using the Vancouver Building Bylaw). 
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Specify the material or product standards. A gain it is importan 
The designer should also be familiar with the referenced 
in the office. tty 

identify the design cntenia for wind, seismic and special Joads. 

3) appropriate ones for the site and will need to be modified from Sathioarn should be the 
4) Specify live loads and superimposed dead loads for floors and fore next. 

modified for the job at hand — don’t give live load in classrooms if the ee a need to be 
that does not have classrooms. are for a building 

Identify the structural system used for the seismic design, including the appropri 
5) as well as the information required to reproduce the seismic f a appropriate RuR., values 

the S,(0.2) value, the Importance Category, and the Site Class. 

State the requirements of roof and floor diaphragms, inciudin eee ‘ 
® shown elsewhere on the drawings. & connection requirements if not 
7) Specify the required camber of beams, girders, and trusses. 

g) State the types of bolts and the pre-tensioning requirements, Also state the desipnati ‘i 

as bearing or slip-cnitical. ignation of joints 
9) Describe the foundation information used in the design, including a refe bee : 
the allowable and factored bearing resistance should be given; if piles are used, then include the 
design capacity of the piles. 


2) 
tandard and have a copy for refe 


by the designer, including 


Other items called for in Clause 4.2.2, such as the details for seismic connections, will usually be shown 
as details on the drawings rather than in note form in the general notes. As there is a tendency to copy 
the general notes from one project to the next, the designer should make sure that the general notes are 
appropriate for the project at hand. As an example, the notes on increasing the capacity of the botto 
chord on trusses supporting basketball hoops may not be appropriate in the design drawings of a hospital 
Similarly the notes copied from a previous job may be missing important items that are required on the 
job at hand but were not required on the previous job. Some consultants will use boilerplate general notes 
that have two to three sheets of notes and typical details that may or may not apply to the job at hand but 
are there “just in case.” Excessive general notes will tend to cause confusion, especially if the job is small, 
and may even result in them remaining unread. 

Specifications will often state much of the information that is stated in the general notes but in a more 
formalized manner. The designer should make sure that the items stated in the specifications do not con- 
flict with the material shown on the drawings. In the case of conflict between drawings and specifications, 
ihe specifications govern. Wherever possible, especially for small jobs, including minor renovations to 
existing structures, technical specifications should be avoided. This has the following advantages: 

1) There will never be conflict between the specifications and the drawings if specifications do not 
exist. This might seem obvious but it is surprising how often items on drawings will get changed 
and updated without a corresponding change occurnng in the specifications. 

2) If the items desired for construction are specified in the general notes and drawings, then the 

information will be available in the field to those doing the construction and trying to venfy that 
it has been done in accordance with the contract documents. Drawings will be on the site and 
in the hands of the field inspection team, whereas the specifications seldom leave the design office 
or the site trailer. 
The drawings will be stored by the designer, the Authority Having Jurisdiction, and often the 
owner, whereas specifications will frequently disappear following the completion of the project. 
The engineers trying to evaluate or renovate a building several years after its construction will 
be frustrated if the necessary structural design information is contained in the now-mussing 
specifications. Notes that read “For typical wall reinforcing, see specifications” make it very 
difficult to determine the capacity of the walls if the specifications have long ago been lost. Typical 
details can alternatively be included on the drawings. 
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12.5 CHANGES TO DRA 
Anormal structural steel project goes 


WINGS 
through several stages from conceptual design and desi 


er, then to shop drawings, fabrication, and erection. A gn develo, 
ment to working Sots yaad and changes in structural sizes and configuration en Prelitinar, 
phases the ern progress, the design solidifies to the point where it should be frozen at «As 
the working oh during the development of the drawings, in general information should be caltey 
facilitate change information appears in multiple places, itis likely that one or moreet 


tion only. If the same in 

vil peevedocbe! if a change is made. _ é me 

Costs of changes will increase as the project advances. anges in the structural d. esign Sale 
conceptual phase are expected and come with no costs to the project. Changes during per 
expected and come with 60'S Changes during shop drawing preparation and review will be even ess 
expensive and are less tolerated by project managers and owners. Changes during or after farienname 
be very expensive and will usually involve significant loss of credibility for the desj gn teaen) 
ers should be careful in situations where the structure is tendered well before the architect : en. 
complete, as this will increase the probability of changes in the structural steel during tender and 
drawings. Unfortunately, the pre-tendering of structural steel is becoming the norm in the present fay 


paced construction environment. 


42.6 OTHER REFERENCED STANDARDS AND CANADIAN 
WELDING BUREAU CERTIFIED FABRICATION PLANTS 


Two standards are very important to those who are carrying out the welding but may not be so well known 
to the design engineer. These include the following: 

1) W47.1 Certification of companies for fusion welding of steel 

2) W59 Welded steel construction (metal arc welding) 


Tbe W59 standards establish the quality requirements for the welds, while W47.1 sets the standards that 
the welding companies must adhere to if they are to be certified. 

It is usual that steel fabrication plants be certified by the Canadian Welding Bureau, to establish a 
level of checking and quality control in the plant, and that the welders are certified for the welds that they 
are performing. Drawings and specifications should require that the fabricator and his or her plant and 
welders be Canadian Welding Bureau (CWB) certified. 

This requirement was emphasized by the Association of Professional Engineers and Geoscientists 
of British Columbia in May 2008 in the article “Structural Engineers Required to Check Qualifications 
of Welded Steel Fabricators and Erectors,” published in Connections, vol. 4, no. 5, and available on the 
APEG website. The article said, in part, as follows: 


Recently, a structural engineer of record in Alberta issued a letter of certification indicat- 
ing that the structural steel construction on a project was in compliance with the Alberta 
Building Code (ABC); however, the firm that had done the welding for the structure had 
not been certified by the CWB. The engineer was subsequently reprimanded. Structural 
Engineers of Record involved in buildings constructed with steel are responsible for verify- 
ing that fabricators and erectors are certified by the Canadian Welding Bureau if the project 
is to comply with the Alberta Building Code. 


A similar requirement is contained in the British Columbia Building Code (BCBC) 2006, 
Division B, Clause 4.3.4.1(1), which refers to CAN/CSA-S16-Cl 24.3, Engineers involved 
eke ag abled structural design, review of shop drawings, and contractors’ submit- 
re és =e Feview OF inspection should be familiar with all aspects of compliance with 

ing Code, including CWB certification. The requirement for CWB certification 
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applies to a fabricator, erector, or manufacturer of structural elements of ildi 
where welding Is involved, including pre-engineered stee} buildings. any building 


sign, fabrication, and erection of structural steel buildings must : 

pe? of Part 4 of the BCBC 2006, “Structural Design.” tay feast be nes 
43 “Design Requirements for Structural Materials.” Specifically, for steet Sackes Ga 
“Design Basis for Structural Steel” requires compliance with CANICSA-S16 1“Li = 
States Design of Stee] Structures” and Section 4.3.4.2 “Design Basis for Cold aaa 
Steel” requires compliance with CSA $136, “Cold Formed Steel Structural Members.” 
Qualification for fabricators and erectors of welded construction is found in Clause 3 of 
this CSA Standard, which states: “Fabricators and erectors responsible for making welds 
for structures fabricated or erected under this Standard shall be certified by the Canadian 
Welding Bureau to the requirements of CSA. 


are three levels of certification for plants under the CWB as summarized in Table 12.1. For steel 


There fundamental difference is whether a qualified welding engineer is retained on staff aye 


structures the 
retainer. 


Table 12.1. Certification requirements for fabricators 


Qualified Welding 
Engineer Employed full 
time 


The level of certification for Division 1 or 2 means that those certified to this level are more organized 
and established than those certified to Division 3. Plants should be certified to Level 1 or 2, and CWB 
recommends the following wording on drawings and specifications: 


Welding shall only be undertaken by a company Certified by Canadian Welding Bureau 
to the requirements of CSA Standard W47.1 (latest edition) “Certification of Companies 
for Fusion Welding of Steel” in Division 1 or 2. All welding shall be done in accordance 
with and meet the quality requirements of CSA Standard W59 (latest edition). All welders 
employed by the company shall hold valid qualifications issued by the Canadian Welding 
Bureau. 


12.7. ARCHITECTURALLY EXPOSED STRUCTURAL STEEL 


Elegant and dramatic exposed structural steel is a significant feature of many modern buildings. While the 
designer tends to look at the steel from a structural standpoint, the architect will often look very closely at 
the detailing from an aesthetic point of view. The CISC and AISC have developed guidelines for architec- 
turally exposed structural steel (AESS) that will help with this process. Details of the connections should 
be carefully considered with the architect and noted on drawings where the requirements exceed normal 
practice such that they can be priced appropriately by the fabricator. 
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S are given in Appendix I of the CIsc 
Categories proposed by CISC for AES. 
i Pak? of er CISC Handbook) and reproduced as follows: 
tice 


Category AESS 1: Basic Elements 


Code of g, 
NIZING 
42.9 GALVA 


nizing is a great solution for protecting smal] Pieces of stee| from corros) 


Laahle suggest using galvanizing for his or her AESS 


Suitable for “basic” elements which require enhanced workmanship. 


. ae Sometimes . 

. ; ; Project, thinkin : _ T&S an archi- 
tect Mint? garbage cans will be reproduced in the Project. The Wickens acer galvanizing found on 
eas one and should steer the pero away from this solution ag the cad product nate active 

. Elements Viewed at a distance >6m on isappoint. Try suggesting silver paint in lieu of galvanizing. Galvani n, if not 

ae . ne pee following reasons: ; Balvanized stet should not be used 

itable for “feature” elements viewed at a distance greater than six meters. This Process mt > The galvan eS edes ae cs a Sere would like it to be. In some Places the 
Se ves basically good fabrication practices with enhanced treatment of weld, connection galvanized surface may appear milky with a white dery deposit. In Other places the surf, 

aati! tion detail, tolerances for gaps, and copes. will be shiny, while seemingly similar Places will be low lustre or dul finish, face 

and fabrica! ' » Even uniformly galvanized pieces can change appearance during Storage. Pieces ex, to 
AESS 3: Feature Elements Viewed at a distance = <6m weather will look different from those not exposed. posed 

Category : « The maternal will lose its lustre Over a short €nough period of time (two years or less, dependi : 

Suitable for “feature” elements — where the designer is comfortable allowing the viewer to on the exposure Se trees bs Coos ae : . 

see the art of metalworking. Welds are generally smooth but visible; some grind marks are ° The pelleted a vans nA wie one Pieces into a hot bath of liquid 

wed vival ie tas oon Ge ee roa ae peat the pico is submerged in are of tated aiveer Meares be fi 

i i i i j q e ie . “-* 

meally be viewed from iscaaces clceec Sima Mx eneters wad Ip frequently subject to touching from pieces that fit, potentially requiring connections that may not Sees 

by the public. 


concept. : 2 a 
e Welding to galvanized items requires removal of the galvanizing Prior to welding (the fumes given 
off by the welding are toxic and the galvanizing material is also not good for weld quality). Welds 


Category AESS 4: Showcase Elements 


inate” must be touched up with paints such as “Galvacon,” which seldom match the galvanizing of the 
This category would be suitable for “showcase or dominate” elements — used where the area adjacent to the weld. 
designer intends that the form is the only feature showing in an element. All welds are ¢ The architect will inevitably be unhappy with the final result and will decide that it is so 
ground and filled edges are ground square and true. All surfaces are sanded / filled. Toler- unacceptable that the AESS needs to be painted, which will result in extra cha thet he rane 
ances of fabricated forms are to be more stringent — generally one half of standard toler- won't want to pay. 
ance. All surfaces to be “glove” smooth. + Some studies have shown that hot dip galvanizing can make HSS sections brittle and lead to 

cracking. 

Category AESS C:; Custom Elements 


Suitable for elements which require a different set of characteristics than specified in Cat- 
egories 1,2,3 or 4, 


Applying aesthetic rules to steel construction w 


ill add to the cost and should be Clearly noted on the draw- 
ings. AESS is not Something that should appea 


r suddenly during shop drawing mark-up. 


12.8 PAINTING 
The architect usually 
28 of S16. 


Specifies painting of structural steel; however, some guidance can be found in Clause 
Pay special i 


Part of a renovation. Structural drawings and speci- 
be free of lead and mercury. 


CHAPTER 13 
INTRODUCTION TO 
SEISMIC DESIGN 


sats ismic desi inciples is fundamental to the successful design of al] buildings 

lication of seismic design principles is Idings in Bes 
ish Columbia as well as many other parts of Canada. This chapter concentrates on the fundamen 
seismic design including the basic philosophy. The notes will then review the calculation of lateral forces 
for seismic design using the static procedures of NBCC 2015 for low-rise buildings, Finally these forces 


will be applied to a simple building. 


13.1 BACKGROUND TO SEISMOLOGY IN BRITISH COLUMBIA 


British Columbia is adjacent to several intersecting tectonic plates, resulting in an active Seismic environ. 
ment. Minor earthquakes are measured on a daily basis, and the province is home to one of the | 
earthquakes ever recorded: a magnitude 8.1 event that occurred in the Queen Charlotte Islands in 1949, 
Many of the earthquakes that occur in British Columbia are not felt; nevertheless, the significant prob- 
ability of a major event occurring in a populated area has made seismic loading the goveming lateral load 
for most low-rise buildings. Smaller “crustal” events that have occurred in the past in British Columbia 
and Washington State are: 

* December 15, 1872, magnitude 7.4 event near Seattle 

* December 6, 1918, magnitude 6.9 event Vancouver Island 

° June 23, 1946, magnitude 7.3 event near Campbell River 

* August 22, 1949, magnitude 8.1 event in Queen Charlottes 

* Api 29, 1965, magnitude 6.5 event north of Tacoma, Washington 

* February 28, 2001, magnitude 6.8 event near Olympia, Washington 


four great Seduction events that occurred in the past 50 years with significant loss of life: 
* Boxing Day, 2004, Magnitude between 9.1 and 9.3 in Sumatra 
* May 22, 1960, magnitude 9.5 event in Chile 
* February 27, 2010, Magnitude 8.8 event in Chile 
* March 11,2011, magnitude 9.0 event off Sendai, Japan 
pacesriattiny that the subduction €vent will occur increases as we pass the 300-year mark since the last 
peep probability oa the event will Occur in the next 50 years is | in 8, while in the next 100 years 
hciebiec 28 — ae mean that there is a very real chance of the effects of this event acting on 
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FUNDAMENTALS OF SEISMIC DESIGN 


43.2 is fundamentally different from most other loads in thee « 
_ design is fun E ‘80S 10 that it is ; : 
seismic pe: in part, on the properties of the structure. Seismic loading also — loading that 
ads, at when compared to other types of loading. considerably more 
uncertain three basic rules for seismic design: 
ere a 
A puctility } 
) Capacity Dene 
3) Detailing 
+y —The structure must have elements that can accept Yielding and dissi : 
Dace g forces, our Building Code includes a ductility factors Ry and R,, that reduces itm 
comp to a more manageable value. But to take advantage of this, there must be a mechanism that | 
pee yielding to occur. The fundamental diagram to illustrate this principle is shown in Fi 


43.1. 


Code force without Rak, value applied 


Force 
Code force with R,R, value applied 


Figure 13.1. Equal displacement theory which shows that structures 
with or without yielding will displace equally. The desire is to have a yielding 
mechanism to get to that displacement while keeping the forces in check 


rinciple behind Figure 13.1 is that the structure will displace the same amount under sei 3 : 
ete of the amount of yielding in the structure. This is known as the equal displacement principle ‘ 
ifn0 ielding is allowed to occur, then the force will increase to the amount that would be found with the 
os i calculated using a ductility factor (RgR,) of 1.0. You cannot use the reduced forces with the 

-vyalue applied unless yielding is allowed to occur. <i ; 
Re te capacity in the seismic system before yielding occurs, then the behaviour will be 


as shown in Figure 13.2. 


——— Cade force without RR, value applied 


i — Force with excess capacity in seismic system 
—— Code force with R4R, value applied 


Force 


Displacement 


Figure 13.2. Effect of overstrength on the forces and ber gecirtch es building. 
While forces are higher the building displaces the same 
ieldi ign such that yielding occurs 
2) Capacity Design — Define a location where yielding occurs os ae karst eee see 
at the required force levels. This is one time that stronger = ee jement. The yielding element 
that link to the yielding element to be stronger than api a oe as of the stroctaré, Under 
is to act as a fuse protecting the more brittle and less de 
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ty design the forces jin elements in the structure are determined from the views: 
capacity 


the code forces 
how a yielding € 


Jement protects the structure is shown in Figure 13,3, 


Link elements must have capecity to 
carry load in yielding element 


PS 


Yielding elements must permit 
structure to be deflected to its 
displaced position 


Figure 133. Howa yielding element protects the structure 


3) Detailing - Much of the art of seismic design is in the detailing and tying everythin 8 together 
that inertia forces from any part of the building have a path to the seismic resisting elements 
can carry the forces out of the building. A building structure is made up of a series of s 
the vertical load carrying system, the diaphragm system, the bracing system and the f, ystems 
system. While good seismic detailing takes care of each system, it is equally important to 
the connections between adjoining systems. It is also very desirable to make the load ane 
direct as possible. Complex load paths will have more opportunities to illustrate any w as 
in seismic detailing. Past earthquakes have shown that seismic loading is ruthless in findin 

weaknesses in the detailing or load paths of the lateral system. 8 any 

An important part of seismic detailing is to try to make the building “regular.” Following the F 

22, 2011 earthquake in Christchurch of magnitude 6.3 which resulted in several collapsed buildings and 

deaths, the engineering association in New Zealand (IPNEZ) issued a statement which contained an excej. 

lent summation of this philosophy: 


A number of experienced structural engineers have observed that buildings with well- 
conceived and simple structural systems with minimal irregularities have exhibited supe- 
nor performance to those which may have only nominally or theoretically met codified 
requirements, 


As many of the buildings that collapsed in this earthquake were reasonably modern the New Zealand 
government has conducted a Royal Commission to determine the cause of the failures and determine if 
the current seismic codes were sufficient. The result was mandatory upgrading of seismically deficient 
buildings and a strengthened building code. : 


13.3 CALCULATION OF SEISMIC FORCES 
USING CODE STATIC PROCEDURES 


‘The seismic loading on a building comes from movement, as well as from imposed deformations and 
the effects of inertia forces. The load on the building will be a function of the dynamic properties of the 
e interacting with the effects of the seismic event at the site, 
hes 5 aa are dynamic and complex in nature, it is common for the seismic design of low- 
ee building performed using the static procedures outlined in Clause 4.1.8 of the Building Code. 
i n for computing the base shear on a building is as follow: 
LY 


that defined the minimum point of yielding no longer matter Adapt ey 
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the upper level of seismic force on a building with 
ot located on site Class F, We can limit the ae t A ray system having an Ry of 
f the following two equations; calculated in the base abe 


tions limit 
ater and D 
150° ae the larget 0 


v= 3 (RR) 


i ides a “floor” for the base shear — requir; 
i Jso an equation that provi requiring that the 
There's ke al value that depends on the type of structure. This lower limiting value a nhaibe shear a 
a minim bay buildings that have a period greater than 2 seconds and to wall str fen, Tame 


d brace- -rise buildings less than 
port nan 4 seconds. For low 8 10 storeys, these lower bound equations will not 


nter into consideration. 
€ 


where: 
S(T) = F(0.2)S,(0.2) oF F(0.5)S,(0.5) whichever is larger for T< 0.25 
= F(0.5)S,(0.5) for T = 0.5s 
= F(1.0)S,(1.0) for T = 1.0s 
= F(2.0)S,(2.0) for T =2.0s 
= F(5.0)S,(5 .0) for T = 5.0s 
= F( 10.0)S,(10.0) for T= 10s 


5(0.2) = Site spectrum acceleration at 0.2 seconds determined in accordance with code established pro- 
cedures that take into account the firm ground acceleration expected and the soil at the site, These values 
van be found in Appendix C of the Building Code. Values for the seismic coefficients can also be found 
ita the earthquakes Canada website (at no charge) by inputting latitude and longitude of the site. For 
Vancouver, use S(0.2) = 0.848. The values are given by the Geological Survey of Canada and are the mean 
values with an expectation of being exceeded by 2% in 50 years. 


|, = importance factor = = 

« 1.0 for normal buildings 
13 for High Importance buildings including elementary, middle, and high schools, community 
centres, and buildings containing large amounts of toxic material. 
1.5 for Post Disaster facilities such as hospitals, fire and ambulance stations, however, both 
seniors housing and buildings such as cancer clinics are regarded as being normal importance. 


* 


There is a High Importance rating for schools for three reasons: 

1) Itis considered necessary to protect the school’s young and innocent occupants. Consequently it 
is desirable to have a lower probability of collapse. 

2) The children have less ability to rescue themselves from a damaged structure so it is desirable to 
reduce the probability of damage. 

3) Schools are often used as gathering places and emergency shelters in the community and as such 
itis necessary that they be more likely to function after a major event. 


Note that these three reasons only apply to schools housing kindergarten to grade 12 students. As far as 
ae not considered to be schools. Under 


the Building Code is concerned, university and college buildings are 
Canadian codes, buildings that have high occupancy from gathering of many people, such as theatres, 
stadiums or airports, are not rated as High Importance. These buildings are regarded as being normal 


importance structures. 
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cture including partition load and 25% of snow load. Uecaig 
w load for seismic weight. Items that are Ce 

vote ve evsetal and mechaica equipment should also be included na Wy the wae 
such as sae loading 60% of the storage loading should be incladed and ke vein Wt 
seats tanks. It is not necessary to consider the full partition toed, Thalia i se 
he computing the weight that is used for calculating seismic shears, NBCC im ta 
wh imum partition weight of 1,0kPa required vertical Joad design is quite aa 
mini seismic design and the definition for W in Clause 4.1.8.2 states that a mae int 
= 4.1,4.1,@) need not exceed 0 SKA.” As there ia anja 
Prop. 


tk defined in sentence " ‘ 
tition load as be on the roof at the time as the design level earthquake 
25% snow load in our computation of W; however, we are required ety 


We Weight of the stm 


ability that the full snow will 


rae factor I, so the snow load used for the weight calculation on High j 
and Post Disaster roofs will be slightly higher than for normal importance buil, ings, nee 
modification factor reflecting the capability of the structure to g; 
energy through inelastic behaviour. The values for Ry are given in the Building Code t 
the value desired it is necessary to follow the detailing rules in the appropriate code, 

systems this is determined by following ALL the detailing requirements outlined for; 
pnate system in Clause 21 of CSA A23.3. For a steel system we must follow ALL i mL 
ments outlined in Clause 27 of S16. The Ry-value represents the amount of ductile Dehaviogy 
that can be expected from the system and for steel seismic systems the value of Ry ranges from 
5,0 for very ductile systems to 1.5 for systems that are not detailed for ductility. We wil} a 


the Lateral Force Resisting System (LFRS) more in Chapter 16. 


Ry= _ Ductility related force 


R,= The overstrength related force modification factor accounting for the dependable POttiON of the 
reserve strength in a structure designed to the provisions of the stee] standard, The overstrengeh 
factor is prescribed in the Code but it is a function of several factors as follows: 
Ro = Reize*Ra*Ryitd Ran *Rimech - 

Where: 

Rupe = Rounding of sizes and dimension (need 3.5 bars place 4 would be an example), 

Rg= _ Difference between nominal and factored resistance (i.c., 1/0) 

Rycad = Ratio of actual “yield” to minimum specified yield (Specify Fy = 345MPa but Actually 
comes out higher.) 

Ry =  Overstrength due fo strain hardening. 

Raccs = Overstrength arising from mobilizing full capacity of structure (getting a collapse mee 
anism). 


13.4 NBCC 2015 BASE SHEAR USING STATIC PROCEDURES 


Three important changes in the static Code procedure were introduced with NBCC 2015, all of 

an effect that can raise the required seismic shear on the building. The first of these changes is limi 

Plateau of the cut-off equation to a maximum of 0.5 seconds. The cut off equation is only intended to apply 

to structures that have a period under 0.5 seconds and under NBCC 2010 the two-thirds cut-off would 

often extend to i second for structures on soft soils and this was not the intent of the cap. The Mexico 

City earthquake of 1985 showed the catastrophic damage that can occur to buildings on soft soils in the 
second period range. For this reason the equation: 


UTRODUE TION TO susacic “3 


beyoud 0.5 seconde 


soure 134. Cartoon spectrums showing how the Umiting value of the 
Figu es under NBCC 2015 so tha the tof plateau does net etend bcc 


at ith NBCC 2015 is but different on the i 
second significant change wi : ‘On the effect on the calculation of 
a vars is the change if the spectrum calculation such thatthe building does have «higher compued bens 
shear a8 the period increases. 
Under NBCC 2015 to get S(0.2) we now have two equations: 
5(0.2) = F(0.2)S,(0.2) of 


$(0.2)=FO5)S05) 
The larger of the two equations is to be used. 


Under the NBC 2015, both S,(0.2) and S,(0.5) are examined for short period buildings as the desire is not 
to have lower required forces for the design of stiffer buildings than for the design of more flexible build- 
ings. If we have a building that has a fundamental period of say 0.2 seconds, it will soften during a severe 
sersmic event and the period will shift into the higher value (say 0.3 seconds). What this would mean is 
for a short period building the forces would increase as the event progressed. For taller buildings, their 
position on the spectrum results in a decrease in forces as the event progresses and the structure softeus 
due to yielding in the plastic hinge zones. For short buildings, NBC 2015 accounts for the saftening in 
the rising spectrum region by requiring us to design with the loads that would be appropriate for a softer 
structure. See Figure 13.5, which explains this in cartoon form. 
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Modified 


ieee 
| 


Spectrum rises 
between 6 2 and 
| OS seconds 


0.2Se 0.5 Sec 1,0 See 


0.2 See 0.5 See 10 See 
Modified Spectrum. For buildings that are leas 
than 0.5 seconds the forces used are those that 
correspond to those felt by the building as it 
softens nnd the period increases. 


] Undesirable Spectrum. For buildings thst are 
fens than 0.5 seconds the forces go up when 
building softens and period increases. 


Figure 13.5. Cartoon spectrums showing how the spectrum under NBCC 2015 adjusts 
to prevent short period buildings from undergoing increasing force as the building softens 


The values of S,(0.2), S,(0.5) etc. are computed on bedrock of site class C. The effect of the Seismic 
excitation will change if the site is either denser rock than site class C or the site is covered With softer 
matenal. This effect is accommodated with the foundation factor, under the NBCC 2015 a new method 
for computing the foundation factors was introduced. Instead of having foundation factors which applied 
at all periods there are different foundation factors corresponding to all the periods where S,(1) is given 
in Appendix C. From the standpoint of a short period building the most important of these is F(0,2) an 
F(0.S). The foundation factor is dependent on the period, the site class and a term PGA,.¢ which will be 
discussed shortly. There is a different foundation factor for all of the key periods (0.2 seconds, 0.5 seconds, 
1 second, 2 second, 5 seconds, and 10 seconds). These six foundation factor tables replace the two tables 
in NBCC 2010 that used to develop F, and F,. 

Under NBC 2015 the values of F(0.2), F(0.5), F(1.0), and F(2.0), F(5.0) and F(10.0) are given in table 
form such as shown in Table 13.1 and Table 13.2. Itis useful to represent these values graphically to geta 
much better impression of how the foundation factor changes for the various site classes and as a function 
of PGA,,,. Using a graphical approach also helps to steer the user away from using an unreasonable num- 
ber of significant figures as measured values of the foundation factor are subject to considerable scatter, 


Shown in Table 13.1 are the values for F(0.2) while in Table 13.2 are the values for F(0.5) the graphical 
representation of both these foundation factors is shown to the left of the table. 


Table 13.1. F(0.2) in table form as given in the Code and in 
graphical form as computed from the tabular values 


woe! Foundation Factor: F(0.2) 


” 


ae 
iste TPGA. PGAu PGAg 

iClass 
‘ pices 


<O.1 (0.2 (0.3 
<0.1_ [00.2 (90.3 
02 | 02 | 03 


ECISEC BEC of 
Lee) 124 | 1.08 [093 | 085 | 


INT 
RODUCTION To SEtSMIc DESION 


2. F(0.5) in table form as given in the 
table 13-2 grephicel form a8 computed trom toga 


165 


160 = “ 
240 Eact— 
te ae 
i20 V 
apa |— v 


| ga 1e Class D a 
re 


ey veers vo 2 
a a4 os os 
PGA, 


02 


For steel structures the values of Ry and R, are given in Table 13.3 


Table 13.3. The values of Ry and R, for steel structures 


Type of SFRS R aR, 
Ductile moment resisting frames 50 1s ee 
Moderately ductile moment resisting frames 35 15 3 
Limited ductility moment-resisting frames 20 13 26 
Moderately ductile concentrically braced frames 3.0 13 39 
Limited ductility concentrically braced frames 20 13 26 
Ductile buckling-restrained braced frames 40 12 43 
Ductile eccentrically braced frames 49 15 60 
Ductile plate walls 50 16 80 
Limited ductility plated walls 20 15 3.0 
Conventional construction of moment-resisting frames, braced 1s S oS 
frames or plate walls 
Other steel SFRS(s) not defined above 1.0 10 


‘ : : : Seen tae cach alae 
These can also be found in Table 4.1.8.9 of NBCC which also gives height restrictions seismic 
system depending on the severity of the seismic risk. For example, @ moderately =~ oe 
braced frame with tension-compression braces can be a maximum of 60m high ina . ae ¢ 

while “Other Seismic Force Resisting Systems (SFRS) not defined above" are marked which means 


in high seismic ri marked “NL” 
that they are NOT PERMITTED for use in high seismic risk areas. Those systems that are 
have no height limitation. 


—_ = 
it aS ' 
ie ’ ' 
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ent on the location of the site. In Western he 
ada where seismic events have stronger pS Ae Me 


rmination of PGAret IS depend 
own in flowchart and table form in Figure 13,6 


The dete 
nal to PGA. However, sites 12 Easter Can 
oe using p= 0.8*PGA. This can bes 


| site Class 


T Calgary | 0.192 | 


ee a =I) 
No 
No = ($0.2) / PGA 2 2.0) 
(Westom Cansda) 


Yes 


Yes = (S40.2)/ PGA < 2.0) 


PGAw=0.8PGA 
(Enstern Canada) 
mis 


Figure 13.6. Determination of PGAresthe value is different in eastern and western Canada 


Under NBCC 2015, the base shear of a building with period less than 0.5 seconds is the larger Like: 


lowing two equations: oa 
2 S(0.2)1 de 
yo? 0Me nnd Va 505)I, S 

3 (RR) (R,R,) fas 
However S(0.5) = F(0.5) * S,(0.5) and 2" | ‘ 
5(0.2) is the larger of $(0.2) = F(0.2)*S,(0.2) or $(0.2) = F(0.5)*S,(05) a 
‘a> 

Substituting for S(0.2) and S(0.5) we get the following three equati ith th ich bei 
tea las ee g three equations with the largest of fie being 
2 — 

2 50.2), a ae 50.5), and V= 5(0.5)I, a 
3 (R,R) 3 (R,R,) (R,R,) ye 

7 

2 S05) ; we 

SV=— SOS), will always be less than Vee i 
RR) ie 


‘aoe 
We + ie 
We sede tn eating andthe bie seat cf 8 URLS eae eee greater witha. 
cae seconds and not located on site Class F is the larger of the following two equa- 


2 S(O: 
Vv (0.2)I, and V S(0.5)I, 


“3 (RR) ~(R,R) 


The static procedure can be bes i 

: t explained through th vered i 
muineieene : gh the use of worksheet approach that can be co’ ia 
gle page. A blank version of the worksheet is shown in Figure a7. ae - 


uliding Base Shear NBCC 2015 Date: 
Location: 


Title: 
i c: $,(0.2) = 05) = 
sabe The Following From APPA $,(0.2) 5(05)>___ Pom 
aes fase 
1£5(0.2PGA 7.0 then PGAne= PGA= ech pee 
srs(o)/ POA < 20 Ben PORTO teeagleceal ae ae 
point Rack BaRock CoVeyDemeSed/ Sei'Rak D-=SiifSel ESR Sed 


Site Class = __—— 
F02)=__ 
Fo2y's(02)=__*__= __ 


short period B 


$(0.2) Largest of: 
F(0.2)*S,(0.2) or 
F(0.5)*S(0.5) 


=r 


—= 
ed fs nan re 


~ —_ = 
———- ~—<<—=— 
weee see ae 


S0.2-__ 


(Normal = 1.0, High=13 Pest Disaster = 1-5) 


system Description (Table 418.9) ___-__Bf — Re Re 
Cheek Ra “1.5 (Limiting Shear Calculation does not apply if Rast) 
i applies to site Class AB,C.D and F) 


2), S(02)*], 
V=|= a DW) “EW = (0.67)° eee es 
6) (Gh). | 
y SOD ley -—— Fe _™ 
oh) Gee 
Bate Shear = W (Will Reduce at periods ever 0,5 seconds) 


shear calculation NBC 2015 


Figure 13.7. Worksheet approach to base 


INTRODUCTION TO SEISMIC DESIGN 


267 


STRUCTURAL STFEL FOR ¢ ANADIAN BUILDINGS 


268 


The calculation of seismic forces on a two-storey building on a site not Subject to liquer, 
described by an example, is besy 


= MINE THE BASE SHEAR ON A 

mast 7WO-STOREY BRACE BAY BUILDING 

importance building located in Powell River has a suspended level 4nd a roof, 
tig 4 Smon bot levels Each Roor is 2.5m x 40m (900m?). The seismic weigh ihe te 
level is calculated as follows. Determine the seismic base shear and distribute to the A i ) 
system is moderately ductile concentncally braced frames (Ry = 3 R, = 1.3) located at the © Seismic 
the building as in Figure 13.8. Compute the seismic force on the building; distribute these f; meter 
various levels and to the braces and then compute the diaphragm desi gn force, Orces 


i 


BRACE BAY 


ied 


| | BRACE BAY 
f 
al | 
| | 
BRACE BAY 
[ee 
Seismic weight at roof level: 


Figure 13.8. Moderately ductile concentrically braced frames 
Snow = 0.25*(1,9*0.8 + 0.4) 


0.48kPa (only 25% of snow load is counted) 


Roofing / deck / insulation = 1.00kPa 
Mechanical / electrical = 0.10kPa 
Steel beams & joists & topofcolumn = 0.32kPa 
Cladding / partition tributary to roof = 0.25kPa 


Total seismic weight 2.15kPa (900m2 * 2.15kPa = 1935kN) 
Seismic weight at floor level: 
Live load (office use) 
Partitions & exterior cladding 


0.00kPa (No contribution to seismic weight) 
0.50kPa (See NBCC definition for W) 


65 topping on 38 deck = 2.40kPa 
Mechanical / electrical 3 0.10kPa 
Floor joists = 0.22kPa 
Girders and tributary columns = 0.10kPa 
Total seismic weight at floor level = 3.32kPa (900m? * 3.35kPa = 2990kN) 


Total seismic weight = 1935KN + 3015KN = 4925kN 


The building is a simple building and if the static design Procedure is to provide reasonable results for any 

Structure it would be a simple structure such as this one. We will determine the base shear using the static 

- Procedure using a worksheet Approach and then determine if the static procedure can be used. 

ina apply the worksheet and compute the base shear of our sample building as shown in 
a ‘4 


IN 
TRODUCTIO, To SEISMic DESign 


os period Building Base Shear NBCC 2015 Date; “1 
Sho 


rity le Pro Location: Pow it} 
Title: : 
she The Following From Appendix C: S(0.2) = 0.595 syo.5) = 2.886 PGA~ 0.273 
Take - 
Compute: S(0.2) / PGA =0.595/0.273 = 218 
hen PGAret = PGA =0.273=PGA,., (Wester Canada) 
72) POA <2.0 then PGAnr=0,8*PGA=0.8% = = PG Ave (team 


If S( ay, 


site Class = JP_A=Hard Rock B- Rock | C=Very Dense Soll So Rock © sas) sts 
Site oe 


F(0.2) =1.02 


F(0.2)*S,(0.2) =1.02¢ 


SAS=-6) 


F(0.5) = 1.23 


F(0.5)*S,(0.5) = 1.23 + S56 =.48 


« 
— 


A 20 See ClassE SN S(0.5)= 6g 
ipo 
die eae < S(0.2) Largest of 
“ifs Sere Fo F(0.2)*S,(0.2) or 
ioe F(0.5)*S(0.5) S(0.2)= +68 
eek RT OS bo 
060 } betteradrrsbeteery 
0” : 06 
PGA, 
mporance Frere tO Gormai= .3)High=I3 Post Disaster = 1.5) 
System Description (Table 4,1.8.9)= MD Concembvic, Bvace R30 R=13 RMR = 3.9 _ 


Check Ru>=1.$ _t (Limiting Shear Calculation does not apply if Re<1.5) 
Check Not Site Class Type FV (Limiting shear calculation only applies to site Class A,B,C,D and E) 


‘ s(a 502)" Te = (067) 68 $1.0 w =0.12W 
3 (R,R,) 3.39 


y= S005) py « OBES 5.175 
(R,R,) (2:4) 
Base Shear= 0.175 _ w (Will Reduce at periods over 0.5 seconds 


calculation 
Figure 13.9. Completed worksheet for seismic base shear 
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Alternatively if direct numerical interpolation of the foundation factor charts is ie 


Si 
would be the calculation of the base shear: fa following y= 505) * Ie (Rd * Ro) = 0.682 * 1.0/(3.9« 13) =0.175w gt 
Sample problem. Sunday, September 20, 2015 04:02 ening Base Shear = 0.175W 
ion i Gov 
Seismic Shear by NBCC 2015 Location: Powell River pase shear = 0.175W * 4925KN = 862kN 
S,(0.2) = 0.595 S,(0.5) = 0.556 S,(1.0) = 0.373 S,(2.0) = 0.242 S,(5.0) = 0.086 S,(10,0) = 0 
PGA = 0.273 PGV = 0.457 he “exact” numerical solution of 0.175g confirms the 0.18 : 


8 found us 
and the worksheet a) h. USing the A , 
Steel-Moderately Ductile Concentrically braced frame Ry = 3.0 R, = 1.3 RR, <3 dation factors pproac! STaphical se ection of 


Normal Importance structure Ip = 1.0 


Site: Stiff Soil Site Class = D 13.5 DETERMINING IF STATIC PROCEDURE Can BE USED 


NBCC the default seismic design procedure is to 


: ; der ie re rf i . 
Determine PGAjep: PGAyer = 0.8PGA if S,(0.2)/PGA <2 but = PGA otherwise vermited to use static analysis if the building satisfies na Of the ciate nas however, we are 
S,(0.2)/PGA = 0.595 / 0.273 = 2.18 PGArer = PGA = 0.273 Paraphrasing and commenting on these clauses we get the following: in Clause 4.1.8.7(1), 
: : ; a) In cases where I_F,S,(0.2) is less than 0.35. In our case substituting $,(0 ; 
Use PGA; cr to find foundation factors Site Considered to be in Western Canada for the short spectral acceleration ratio we get: I:*F,*5,(0.2) = i. 2)=0 884 in the eq 2 


: : O*1i0+9 : 
considerably greater than 0.35 and of no assistance in hi jemi 884 = 0.968 this is 
this clause will be of use in lower seismic zones ficladeec ears Zones Such as Vancouver but 
S(T) = F(0.2) S,(0.2) or F(0.5) S,(0.5) whichever is larger for Ts0.2s Columbia and much of the central Canada. Parts of the interior of British 


Calculate short period spectral acceleration S(T) using NBCC 2015 4.1.8.4(7) Provisions: 


= = b) In regular structures less than 60m in height with a fundam ; 
F(0.2)* S,(0.2) = 1.02*0.595 = 0.609 This is probably true but involves reviewing all the irre Grea < than 20 | 
Os eee ¢) The structure has any type of irregularity except irregularity type 6 (weak pees bre 4.186. | 
; sensitive) and 9 (Gravity induced lateral demand) and the building is les than 2p,” 
pS ie aceite ce S02 ees has a fundamental period of less than 0.Sseconds in each direction, in height and 
D0 5900 S05) 0S) ES 2 ae ee ee S(0.5) = 0.68 d) Weare required to use time step non-linear dynamic analysis on we : 
c S(0.5) a (0.5) 2 (Gravity Induced Lateral Demand). This is a new type of irregul pica al type 9 
T = 1.0sec S(1.0) = F(1.0)* S,(1.0) = 1.33*0.373 = 0.497 S(1.0) = 0.497 e) While we are permitted to use static analysis for weak storey structures (irregularity ear 
i i 3 . . we 
T = 2.0sec S(2.0) = F(2.0)* S,(2.0) = 1.38*0.242 = 0.334 S(2.0) = 0.334 are not permitted to have weak storey structures in high seismic zones. | 
T = 5.0sec S(5.0) = F(5.0)* S,(5.0) = 1.43*0.086 = 0.123 S(5.0) = 0.123 This can be summarized in Table 13.4. . ij 
T = 10.0sec S(10.0) = F(10.0)* S,(10.0) = 1.38*0.031 = 0.043 S(10.0) = 0.043 | 
' 


Table 13.4._Permitted uses for static analysis in seismic design 


Low Seismic Risk Area 


By interpolation between S(2.0) = 0.334 and S(5.0) = 0.123 get S(4.0) = 0.193 
By 4.1.8.4(7) F, = F(0.2) = 1.02 F, = F(1.0) = 1.33 (For use in seismic triggers) 
I-*F,*S,(0.2) = 1.00 * 1.02 * 0.60 = 0.609 Moderate seismic zone 
$(0.2)/S,(5.0) = 0.682 / 0.123 =5.55 
Braced Frames M,(0.5) = 1.00 M,(1.0) = 1.00 M,(2.0) = 1.00 
Calculate Base Shear by 4.1.8.11 (Equivalent Static Procedure) at T = 0.225 Seconds 
At T = 0.23 Seconds Higher Mode Factor M, = 1.0 
S(T,) = S(0.225) = 0.682 
By 4.1.8.11(2):V = S(T,)*M,*Ip*W/(RgR,) = 0.682*1.00* 1.0*W/(3.0*1.3) = 0.175W 
Moment Frame, Braced Frame or Other: Must Exceed: V = S(2.0)*Mv*I;*W/(RgRo) 
Must Exceed: V = 0.334*1.000*1.0*W/(3.0*1.3) = 0.086W 
As Rg> = 15 we need not exceed larger of 
0.67*S(0.2)*I,*W/(Rg*R,) and V = S(0.5)* Ip * W/ (Ry * Ro) 
* S(0.2)*1,/(Rd * Ro) = 2/3 * 0.682 * 1.0/ (3.0 * 1.3 * W) =0.117W 


Static Analysis Permitted 


Regular Building and 
<60m in Height and 
T<2 seconds 


Regular Buliding and 
260m in Height or 
T22 seconds 


H<20m and T<0.5Sec. 
Regular or Irregular but 
Irregularity NOT: Type 7 
(Torsional) Type 9 (Grav- 
ity) Type (6 Weak storey) 


Irregular Type 7 (Tor- 
sional) Type 9 (Gravity) 


Type 6 (Weak storey) 


Static Analysis 
Permitted 


Dynamic Analysis 
oot 


Structure Permitted only | Structure Not 
if leF,S,(0.2)<0.2 and | Permitted 

then only with restric- 
tions 


Note: Low seismic risk area is defined as IcF,S,(0.2) < 016 and leF,S,(2.0)<0.08 


Static Analysis is 
expected though 
Dynamic Analysis 
can also be used 


TELL FOR CAMAFAA® KE (LASS 


772 arencromwat 


; f the building it can be shown that 
With the brace bays on four sides at the edge om de 
shcmallly sensitive and its regular shape can be shown to tt have any gravity induced MPC i ny 


mae of static analysis is appropriate, For many small ste] buildings in the range of one 16 four a %e 


eixtic analywis will be the method used by most engineers to determine the seismic forces on the ta 


13.6 DISTRIBUTE THE SEISMIC SHEAR TO THE BUILDING FLOOR 


The shear is distributed to all levels using the formulas outlined in Building Code Clatise 4,4 $4 

26 the building periad is less than 0.7 seconds there is no shear concentrated at the Tol bad N46) gag 

at suspended Nevel 2 (rock level) = F, while force at level } is F;, (30, Foye, 
7 oye Moh 


Fon the top flan ff a two-storey building this reduces to 


APPL AL eye Ad 
Sw, WNW, FH) 


DITOUN * 45 

FAILING re ere 
UN" NIDIN* 95) + PIN AS) ON 

pa ON I 
KIN *9m) + (27I0IN *45m) | 

For tniildings over two floors, this information can be set out in much more pref bular 

. crabh 

shown in Tathe 13.5. ss + ee 


Table 13.5. Distribution 


r —y = [aioe ee 


F, = WibN* MAIN 


of seismic sheer over floor levels 


vat ramp apron with equal brace bays at the outside edges, a first estimate of the forces on the 
wt can be taken by dividing the shear in each direction on the building by the number of brace 
This would produce the oad on each brace hay a8 shown in Figure 13.10, 


Figure (3.10. Forces on 
the brace hays assuming no 
eccentriclty 


4 Yo Contre of 
they (oad Contre of 


NT Hr Yim ts 


EFFECT OF TORSION ON THE BRACE FORCES 
torsion must be considered using Provisions in the Bus 
a uae (B<1,7) is symmetric when ts cee ogra case 2 i ta 
sorsinally B force at cach level at an eccentricity of 10% of the ; Centee 
we ont our building, the upper bound of the torsional effect can be Pmpeihe ota 
jong side of the building resist all the torsion 188 shown in Figure 13 14 AAAS that he 


= 
{ Sum ~ 517K 


Figure 13.41, Forces on the 


brace bay including 
of eccentricity has 


Apply V st 6.10 from Contre . 
Of Conv ity (06 Ceatrect % 


V*O.1D(@OK) 


13.8 DETERMINE THE TORSIONAL SENSITIVITY 
USING THE COEFFICIENT B 


The value of B is a measure of the torsional sensitivity of the building. For a torsionally weak buil ding 
the value of B will be 1.7 or greater. B is defined in sentence 4.1 8.11(9) and is paraphrased as follows: 


B = Maximum storey displacement at extreme point of di 
Average storey displacement of the diaphragm 


However, we can save ourselves the effort of computing the deflections as we have a symmetric structure ; 
with brace bays at the outside of the building and we don’t have issues of amplification of diaphragm iil 
displacements beyond the brace bay. By using the principle that in our case the diaphragm deflections are f 
directly related to the forces on the brace bays we get the following: 


B = Maximum force in brace bay with torsion considered = SITKN = 12 Ty 
Force in brace bay with torsion ignored 431kN at 

8 is less than 1,7 and our assumptions about not having a torsionally sensitive building are valid. We can 

also show that as the columns are vertical and there are no large cantilevers there is no Gravity Induced Va 

Lateral Demand irregularity, We will design the brace bays in the building such that there is 00 weak 

storey. Therefore we are permitted to use static analysis to evaluate this building. iy 
Summary of force calculation by static means: The seismic forces have been developed for a 

‘imple two-storey steel brace bay building located on site Class D in Vancouver. For this type of structure b4 

hand analysis is possible, Much reduction in calculation effort is achieved if its realized that the govem- 

ing equation for this type of structure will be the limiting or “cut-off” equation, 


a ———————... aa . > zz 
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13.9 NOTIONAL LOADS AND SEISMIC DESIGN 
While the calculation of seismic forces using the procedures given by NBCC applies to buiig; 


: of ay de eraeeiseasesaesaiey) 
materials, the use of notional loads is a philosophy unique to steel structures. $16 Clause 8.72 Tequires } | T ——— 
that we add a translational effect of 0.005 times the factored gravity loads appropriate for that loag esvueeveeseeaiy an Ex 
the factored vertical load is equal to the seismic weight. The notional loads are theref ‘ase, Yael A ee ey 
In our case Ore: pesbiseepidies : ie 
KN = 4.8KN/b Pinner Ba 
= * = = 4, race j Huy | a 
Top floor = 0.005 1900kN 95 tiibiiid 2 et a - 
Middle floor = 0.005 * 4870kN = 24.4kN = 12.2kN / brace buy ul wn my ty Seinen 
: ak 
In high seismic risk areas these forces tend to get lost. The forces on the braces are already petting EN oa oy be 
increased for accidental eccentricity and will again be increased for overstrength of the brace bay. Even Free Body Diagram Shear Diagram Sore 
without the increase for overstrength, the notional loads in this case amount to only 3% of the Shear at the shear wall 


base of the brace bay when eccentricity is considered as illustrated in Figure 13.12. Figure 13.13. Four-storey structure with inclined columns at base 


leading to gravity induced lateral demand in the seismic System 


rhe Code establishes the severity of gravity induced lateral demand by 
ratio of the shear due gravity induced lateral demand on the seismic 
ofthe yielding mechanism required to resist the earthquake loads. 


Q 


a=— 


introducing the term a which is the 
force resisting system tothe resistance 


v 


Where Qc = Gravity induced lateral demand at the critical level of the yielding system 
Qy =Resistance of the yielding mechanism required to resist the minimum earthquake loads but 
Forces with accidental Notional Loads need not be taken less than Ry multiplied by the computed earthquake shear. 


torsion included 


The method of finding if there is an issue with the type 9 irregularity is to do the following: 

a) Using a computer model or hand analysis with free body diagrams determine the shear in the 
SFRS due to gravity loads. This should include the appropriate component of live load or snow 
that should be used with seismic loading. 

b) Using a computer model determine the shear on the seismic system at the critical level of the 
building (often but not always the base of the building). As an initial estimate multiply this shear 
by Ry. 

c) Determine the ratio a. i 
4) Compare the results to those in Table 13.6. For normal steel systems the seismic face easing 
system does not have self-centring characteristics so we are looking at the lower limits of c under 


“other systems.” 


0.0 <a < 003 


Figure 13.12. Forces on the brace bays including notional loads 


We are required to take into account the notional loads when sizing the elements of the seismic force 
Fesisting system but once the capacity design procedures are in place it is not required or desirable to add 
the notional loads to the capacity design forces. The significance of the notional loads on the design is a 
function of the level of seismic forces, While the notional loads are usually much less than the seismic 
design loads in high risk seismic zones they are required by S16 to be computed and accounted for in the 


design of steel buildings in all seismic zones and may become a significant addition to the seismic load 
in low seismic risk areas. 


13.10 TYPE 9 IRREGULARITY ~ GRAVITY INDUCED LATERAL DEMAND 


A new trend in architectural design is to have buildings with large cantilevers or inclined columns. While 
both of these can make the building look dramatic they both have an undesirable effect on the seismic 
Tesponse of the building. Severe examples of this architectural form are called “Gravity Induced Lateral 
Demand Slcembed and NBCC 2015 introduced a new irregularity type 9 to make sure that this type of 
“caged ces sae eve challenge with gravity induced lateral demand is that the seismic syS- 
on the seismic system, A ratcheting effect can occu 


0.03 sa < 0.06 
pe 
0.06 sa 


peer non-symmetric system but it must be non-linear time step analysis 
where the effect of the seismic softening of the System and the tendency to wander in one direction ca® be 


__ —E 
NGS 
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aye em is not self-centring — traditional steel brace-bay buildin, 
For most rr Path considered to be self-centring so the tighter requirements of “other i momen. 
frame Lo 1 cas innovative systems involving pre-stressing strands have been devel -_ 
ame ps a some heavily reinforced shear walls are also considered to be self-centring pe = 
sepreat have a type 9 irregularity then we can try to modify the system such that there is See 
ity induced lateral demand; for example, in the case of the four-storey structure shown in Figure Ae 


: : : lumn to the point where it is no | 
to convince the architect to straighten the co cae ae 

Neca? we can realize that we need to deal with irregularity by computation and that Ii — 

analysis is not the appropnate analysis method. linear 


13.11 TYPE 6 IRREGULARITY ~ DISCONTINUITY 
IN CAPACITY (WEAK STOREY) 


Weak storey failures of buildings are unfortunately common in seismic events. Weak storey failure 
occurs at the base of a building where the shear is highest and the building has be opened UP to allow for 
better circulation. While the most likely location for a weak storey is at the base of the building the failure 
can occur at other levels in a building. A weak storey is one in which the storey shear strength is less than 
that in the storey above where the storey shear strength is the total strength of all Seismic-resisting dle. 
ments of the SFRS sharing the storey shear. Weak-storey irregularity is a serious Seismic problem as all 
the inelastic yielding in the building will get concentrated in the weak level. From an analysis standpoint 
irregulantty type 6 causes building behaviour that is not picked up by linear static analysis. For these rea. 
Sons we are not permitted to have irregularity type 6 in our buildings except in very low seismic risk zones 
and even then it should be avoided. While static analysis is permitted for irregularity type 6 the building 
configuration is not permitted. Irregularity type 6 may often occur at the same time as irregularity type | 
Which is a vertical stiffness irregularity in which the stiffness (as Opposed to the strength) of the seismic 
force resisting system is less than 70% of that of an adjacent floor. 


13.12 LARGE DIAPHRAGM PERIOD SHIFT 


The seismic provisions for determining the period of a building under NBCC were 
dings in mind. In typical 


much greater than the height of th 
buildings are shown in Figure 13.14.The constru 
buildings, including big-box retail stores. 


_ 


Figure 13.14, Typical large footprint 5) ildi 
int single- 
Beaune tpi ingte-storey buildin 


85 that can be seen when flying 
anada. Many of these buildings are 


located on soft sites near rivers 
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t vibration studies have ans om the period of these buildin 

Ambien st dimension of the diaphragm than on the height of 

tao the braces 

jength of To accommodate these findings NBCC 2015 allows the period to be shied ons = 

puilding: Te large diaphragms to take account of the increase in Period that would occur ithe Period ‘ 

cufficiently large then a lower base shear corresponding to the higher Period fp 


shift a the building including the diaphragm. 
force 


Bris MUCH More dependent on the 


iod that we are allowed to use is: 
aos (h,)°4 + 0.004 L for shear walls, 
a d 


b) 0.035 hy + 0.004 L for steel moment-frames and steel braced-frames 


re hn is the height of the single-storey brace or wall at the 
r ‘ 


ule between brace bays or end walls. 


clear-span 


EXAMPLE— DETERMINE THE PERIOD OF THE BUILDING 

¢ single-storey building is located in site class Ein Ric sca 
A larg ally braced bays only on the exterior of the building. in ~ ie 
pa is 100m and the height of the brace bay is 8m. Determine 
fat the base shear forces decrease. 


diaphragm ends and L is the diaphragm 


. moderately ductile con- 
g direction the distance between 
the period of the building and show 


lution: 
ae period is calculated using new formulas from NBCC 2015 that consider the large diaphragm with 


brace bay formula which is appropriate for this building: 
T = 0.035 h, + 0.004 L for steel moment frames and steel braced frames 
T =0.035*8m + 0.004* 100m = 0.68sec 
This is illustrated in Figure 13.15. 


Large diaphragm period (h,=8m) 


Figure 13.15. Period shift ‘for 
@ building with 8m high brace 
bays and a diaphragm span of 
100m between brace bays 


Period of Building (seconds) 


© 2 “ Cu Lo] 100 120 0 
Draphragm Length betewen Braces (m) 


The formula for the period of the steel brace bay building if it did not have a flexible diaphragm is: 
T= 0.025h,0/4) 


Putting in our brace height of 8m we get: T = 0.025*h,* = 0.025*(8m)?” = 0.12 sec 


We can then plot the two Periods on the design spectrum for the site which includes the system ductility 
factors and site class factors as shown in Figure 13.16. 
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TER 14 
Cle iTY DESIGN AND THE LATERAL 


CAPA RESISTING SYSTEM 


c systems by focusing on seismic force resisting systems 
We open with a general discussion of the brace bays or 
forces from the diaphragms to the foundation. 
trically braced seismic resisting frame and how 


NBCC 2010 Period = 0.20 sac Shear « 0.2699 
NOCC 2015 Period = 0. 68sec Sheer = 0.239 


Design spectrum for a moderately ductile concentrically 


Figure 13.16. = 
race frame located on ste class E in Richmond. The periods of 0.12 seconds (SFRS) and concen 
other force resisting systems 


(dashed arrow) and 0.68 seconds (solid arrow) have been shown my, 
We then move on to reviewin. 
to design these systems. 


iscussion of seismi 
raced bay design. 
that are necessary to take th 
g what constitutes a concen 


This chapter continues our d 


Figure 13.16 shows the effect that the period shift has on the base shear. Using the brace bay only period 
0.12 seconds we get 0.27g while with the diaphragm modified period of 0.68 seconds we get 0.23g. The 
degree of the reduction in forces will depend on the site location and site class with more dramati : 

Chie 444 THE LATERAL FORCE RE 


tions where the soil under the foundation is more solid than site class E. 
r 13 we looked at the forces that occu 


SISTING SYSTEM 
ron the roof and floor diaphragms of a building. We also 


There are practical limits to how long the building can go between brace bays. Thermal movement In Chapte 

and loads will get too high if the building is too long. Buildings that exceed 100m will often have expan- poked a how to design the diaphragm to transfer the forces to the shear-resisting elements that carry these 

sion joints to help control this and it would be normal to have a brace bay each side of the expansion joint. forces to the ground. In this chapter we will examine brace bays as one type of shear-resisting element, 
it is important to review where these elements are located. Ideally each diaphragm 


but before doing so, 


will have a shear- resisting element on four sides as shown in Figure 14.1. 


We have determined the forces on the system under seismi i 
c loads and we are now in iti 
look at capacity design and the lateral force resisting system. Bas 


Diaphragm all High Low 


at one level Level Level 


Figure 14.1, Shear-resisting elements of roof and floor diaphragms 


Shear-resisting elements are often concealed in walls or, if the walls are constructed of concrete or 


masonry, the walls themselves will act as shear-resisting elements. _ 
It may not be possible to put brace bays at the edge of the diaphragm for all cases, for example, if it 
is desired to keep one of the walls open or if there is a covered loading dock at one end of the building, 


as shown in Figure 14.2. 


Main 


Diaphragm Portion of Diaphragm ih 


over loading dock 


er 


Figure 14.2. Location of shear-resisting elements in a building with a covered loading dock 


= 1 eee 


280 STRUCTURAL STEPL FOR CANADIAN BUILDINGS 


, must cantilever past the last shear-resisting elements, This situar: ; 
In cicbpaicrhns eee forces involved, including design of the diaphragm chéeda ora require 
tea caoeve Design of the last brace bay for the amplified forces of the cantilever will algo ban for 

This situation can be taken to the extreme when designing what is often referred to asa 

building; for example, a retail store with a large glass storefront, such as are used in bran ds : 
major shopping streets in most cities. Here we will often have very large shear-resj sting elements ia 
sides of the building caused by concrete or masonry firewalls and a short wall at the rear of th buildin 
Also at the rear of the building will be found any elevator or stair core that could assist in Fesisting shear 
jeaving the front area available for high-end retail, This can result in high diaphragm shears at the oh 
wall and high drifts at the front of the building, especially if the diaphragm flexibility is accounted fo : 
the model, The solution adopted by most designers is to place a moment frame at the open front of 
building as shown in Figure 14.3. 


Concrete or masonry firewalls at 
2K sides and rear of building 


Moment frame at front of 
building 


Elevator core is toward the rear of the building and does not 
assist in resisting lateral loads at the front of the building 


Figure 14.3, Moment frame at open front of three-sided building 


Another problem arises if the diaphragm becomes too slender, which may result in excessive diaphragm 
deflection and excessive diaphragm shears. The solution here is to add interior shear-resisting elements 


to make each portion of the diaphragm have an aspect ratio (long side / short side) closer to 2 or less, as 
shown in Figure 14,4. 


Interior shear- resisting 
elements added to 
reduce diaphragm 
Challenges due to high 
aspect ratio 


Figure 144. Interior shear-resisting elements 


In Figure 14.4 not only have Shear-resisting elements been added in the interior but additional shear- 


resisting elements have also been added to the long side of the building so that the shear forces do not 
have to be dragged so far, 


The location of interior brace bays must be decided in conjunction with the architect and will require 


communication between both parties, Typically we start with locating the interior brace bays in interior 
architectural partition walls; however, while these locations will often be acceptable at design time, they 
may pose challenges while renovating the building in the future, The location of brace bays in plumbing 
Walls is to be avoided, if possible, as the braces inevitably conflict with exhaust vents and plumbing lines, 


Brace bays in exterior walls will be less Problematic during future renovations but must be coordinated 
with the location of windows and doors. 


14.2 OVERSTRENGTH AND CAPACITY DESIGN 

As an example of Overstrength and capaci i i i i 
pacity design, consider that a frame is to be built to support a weight. 

You are told the factored weight (W,) may be at least 65kN but can go higher. You are going to support 


the weight on a rod so that if the wei it will j 
‘ ght is too it, it ie 
Fest on the surface below as Shown in Figure 1458, NMR Hoch De 8 7 
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You must find the maximum load on the rod and make 
; rt the rod. You start by trying to find a rod that has 
Figure 14.5b. 


Sure that the frame has suffic; 
uff i 
the assumed force-displacement perma 


to Suppo 
chown 10 


65 kN 


Force 


Displacement 
a ) b ) 
Figure 14.5. Frame and assumed force-displacement Properties 


For 65kN we need an area of the rod of; 


65kN 


= —<—_—— rr OMA 
~~ (9 =0.9)*(F, = 300000) 


A 


The available rod sizes are as shown in Table 14.1. 


Table 14.1. Available rod sizes 


[Rodsie [neat | 
a 
= 


5/8-inch diameter 
3/4-inch diameter 


The 5/8-inch rod is too small to support the minimum factored load so we will select the 3/4-inch diameter ; 
rod with an area of 285mm?, 


The Factored Resistance of the rod is T, = 9 * Area * Fy 


T, = 0.9 * 285mm? * 300,000kN/m? * 10-6 
T, = 76.95kN 


But the rod won’t yield at that point. Instead the rod yields when loaded to the yield stress and we must 
remove the @ factor to get the nominal resistance. 


The Nominal Resistance of the rod is T, =Area * Fy 
T, = 285mm? * 300,000kN/m? *10-* 
T, = 85.5kN 


' ified 

But then we must consider that the actual yield of the steel in the rod will be Aap Lahr oe rs } 
yield. The Code says that, when doing capacity design, the 300MPa steel s ; 
38SMPa. Applying this true yield strength we get the probable capacity. 


The Probable Tension Capacity of the rod is T, = Area *(R, F, ) ; 


T,, = 285mm? * 385,000kN/m? * 10¢ AD 
T, = HON 1 


ee ee | 
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We must therefore design our frame using capacity design of 110KN as shown in Figure 14.6, 


110kN Probable Capacity 


...-] Calculated Load 


65 kN 


Force 


Displacement 


Figure 14.6. Probable capacity and calculated load 


In this case, capacity design load from the rod at 110kN is about 70% greater than the original “must be 
greater than” load of 65KN. This is very similar to seismic design in that we start out with a Code-specifi ed 
minimum force level that we design to and then find the probable capacity of the yielding element (in this 
case the rod); we then make sure that all the remaining elements in the load path (in this case the frame) 
are designed for that capacity design load. For efficient capacity design, we must try to get the probable 
capacity as close to the calculated load as we can to mimmmize the loads that we have to design all the parts 
of the structure that are not yielding. 


14.3 PERMITTED SEISMIC SYSTEMS FOR STEEL BUILDINGS 


The Building Code has several categories and associated RyR,-values for seismic systems used in steel 
buildings. While some steel buildings rely for seismic support on concrete walls, tiltup or masonry, seis- 
mic systems can also be constructed purely from steel. The basic steel seismic resisting systems are; 
1) Braced systems, including concentrically braced, eccentrically braced, and chevron braced, 
tension-compression braced system or tension-only braced systems and buckling restrained braces 
2) Moment frames 
3) Steel plate shear walls 
4) Conventional construction which has a lateral capacity but not the ductile detailing that ensures 
significant excursions beyond the yield capacity of the system, including cantilever column 
systems where the vertical columns are the only hinging element 


These systems, along with their RyR, values and the Code clauses that provide the minimum criteria that 
must be met for each system, are shown in the flowchart in Figure 14.7. 

The main systems of braced bay, moment-frame, and steel plate shear walls have two and sometimes 

three RjR, values, depending on the level of ductility that can be provided through the detailing. 

Two points must be kept in mind when selecting seismic systems for steel buildings: 

1) Building Code Clause 4.1.8.9(3) requires that, if there are two seismic systems acting in the same 
direction, then the minimum RyR, value for the seismic systems on that direction must be used 
for computing the force on all seismic resisting elements in that direction. An Ry = 1.5 masonry 
wall for the south wall of the building and an Ry = 5 moment frame on the north wall requires 
that the steel moment frame must be designed using Ry = 1.5 forces. When mixing systems in 
one direction, care should be taken to make certain the systems are compatible and have similar 
stiffness properties, as a very flexible system on one side of the building and a very rigid system 
on the other side will lead to twisting of the building. 

2) It is permitted to use different RyR, values in the east-west direction than those in the north-south 
direction, but it is not advised to mix systems that have very different stiffness properties. For 


example, a flexible moment frame in one direction would not mix well with a rigid masonry wall 
system in the other direction. 


Steel Serxsmuc Systems 


d 
F 
¢ 
3 


Figure 14.7. Flowchart of steel seismic systems 


14.4 GENERAL REQUIREMENTS OF CLAUSE 27.1 


Provided a seismic system with an Ry-value greater than 1.5 has been chosen, the seismic system must 
meet the general clauses of Clause 27.1 as well as the clauses that apply specifically to the seismic system 
chosen. There are now nine general requirements in Clause 27.1 and it is important to go through these 
On a point-by-point basis, as follows: 


1) Clause 27.1.1 tells us that we have to apply the requirements of Clause 27.1 and the Sere 
system requirements for systems with Ry greater than 1.5, Seismic systems that have an Re 
or less need only comply with Clause 27.10. Clause 27.1.1 also tells us that we have to design 


3) Clause 27.1.3 says that we have to fully detail all the parts of the seismic 5 
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our seismic system with an eye to both the Building Code requirements and the 
requirements, Building C ‘ode requirements would include: Stee] Stang 
¢ The method of distributing the force to the elements, including the distribu 


structure and the calculation of effects of real and accidental eccentricity, Of force UP te 
+ The inter-storey drift calculated by multiplying the deflections calculated 
to be a maximum 0,01h, for post-disaster buildings and 0.02h, for schools 7 RR) ‘Tris 
other buildings 25h, for 

2) Clause 27.1.2 tells us we have to use capacity design, It is necessary to ch re 
) and make sure that all elements connected to this element can deliver the forceayelding clemen 
it. This applies to diaphragms, columns footings and beams that are actin to yielg 


as 
Clause 27.1.2 also includes a very important line telling us that, vogurdiahge the reales 
design, we need not exceed the forces corresponding to RyRo = 1.3. This provision comes eee 
in lightly loaded systems where developing capacity forces is difficult and in systems tha 
poorly defined yielding locations. t have 


ystem and show these 


parts on our drawings, We can't just leave the detailing up to the fabricator, 


4) Clause 27.1.4 tells us to make sure that those parts of the structure that are not 


rt 

system must be designed to “go along for the ride” in a seismic event without flue Ad ae 

of # situation to avoid would be a non-seismic moment frame that fails under imposed defiecin 

or P-Delta effects when the structure deflects from seismic loading. Splices in gravity columns in 
multi-storey buildings are now required to be designed for a minimum shear that takes account of 
the deformation of the member that occurs under seismic loading, 

$) Clause 27.1.5 has restrictions on the structural steel and weld material that can be used in 
the seismic force resisting system, There are actually three requirements in this clause, The 

requirements ure more restrictive for thicker pieces and for higher seismic zones, as follows: 

* 27,1.5.1: Steel has to be G40.20/G40.21 or ASTM A992 and have a specified yield of 350 
MPa or less except gravity only columns may have a specified yield of 450 MPa, 

* 27.1,5.2: For higher seismic zones (most of British Columbia would be considered a higher 
seismic zone) thicker sections that are part of seismic force resisting systems or “welded 
parts” shall have minimum Charpy V-Notch impact values, 

* 27,1,5.3 For higher seismic zones welds of primary members shall have filler material with 
a Charpy V-Notch impact test value of 27 J at minus 30 degrees Celsius. This requires n 
considerable change in the types of weld sticks being used by many fabricators with definite 
cost implications and this requirement should be shown very clearly on the structural 
drawings prior to tender, 


6) Clouse 27.1.6 has requirements on bolted connections, These requirements include using 


pretensioned bolts in bolted seismic connections and they prohibit using long slotted holes, Short 

slotted holes must be perpendicular to the load, The number of bolts is sized using factored londs 

and bearing capacity of the bolts but the bolts must still be pretensioned. 

7) Clause 27.1.7 introduces the factor R, which is a factor to account for the probable overstrength 

of the members when doing capacity design, When looking at overstrength of the seismic system 

we will usually look at the product R\F,. 

* For 350 MPa steel (Except HSS) R, is 1,1 giving R)F, of 385 MPa 

* For 300 MPa steel, the Code reeognizes that much 300 grade material is actually stronger than 
300MPa and requires the RF, product to be 385MPa for 300 MPa steel in angles and plates. 

* For HSS members the product of R,P, has increased in $16-09 to 460 MPa which increases 
Ry to 1.37 this reflects the cold working of the plates produces higher strength steel that does 
not yiekt at the levels expected which is unconservative when sizing the adjacent ees 
R, is computed by back-calculation from the minimum R,F, of 460 MPa (Ry = 460 MPa 
350 MPa = 1,37), This will increase the Strength requirements for columns of the brace bay 
and will increase diaphragm forces on buildin gs using HSS brace members. (Previously the 
requirements under $16 R,F, for HSS members were 385 MPa.) 
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CHAPTER 15 
SEISMIC DESIGN OF CONCENTRICALLy 


BRACED FRAMES 


Having satisfied the general requirements of Clause 27.1, we will now look at the system of mod 
ductile concentrically braced frames. We will examine brace bays on a clause-by-clause basis to see rd 
is required to be satisfied to make the system work, including examining some of the practical detailin 
issues, We will examine the moderately ductile concentrically braced frame (Ry = 3). As we will see ‘ate 
$16, almost all of the moderately ductile concentrically braced requirements are required to be satisfied 
when designing the lower ductile (Ry = 2) braced bays, and there may be few advantages to going to the 


lower Rg-value. 


15.1 CONCENTRICALLY BRACED STEEL FRAMES 


Concentrically braced steel brace frames or “brace bays” are used in British Columbia to provide lateral 
stability to low-rise buildings for wind and earthquake forces. Brace bays are frequently found in one- 
to three-storey buildings and may be used in higher buildings to provide lateral support for mechanical 
penthouses located on the roof. Figure 15.1 shows two typical brace bays, 


a) b) 


Figure 15.1, Typical brace bays 


rg “ys oe bay should possess the following properties: 
eaintance to in- i elsml i 
aes pene plane lateral forces due to wind and seismic loading with good behaviour under 


b) Basy to design as th ; 
Aeell sda yt Lo rr are often used on small buildings where extensive analysis 1s 


1 enough to fit into a stud wall which in the case ppm 
may use 152mm studs 
Economical to fabricate and install 

3 Good behaviour under service conditions 

e) 


/ the shear that brace bays carry ts quite low. A minimum number of 
anne a building to provide both lateral resistance in each direction and brace bays will usually be 
ee as to limut ei epee le torsional resistance, 
as I of the requirement fo connect for the . - 
neh the advent in tension ca 
Wed the design community to reduce the tension capacity of the brace eakten was 
ould be reduced. It is obviously not cost effective to design the connecti on columns 
dations to resist several times the imposed load. OM, Coanectes 


c) Slende *chools and low sine bags 


amove ! 
ings © 

and footings 

members and foun 


15.2 ASSUMED BEHAVIOUR OF BRACE 


The brace is assumed to carry only axial loads. Braces with KL/r ratios of 200 or less are assumed to have 
poth tension and compression capacities. To determine the factored resistance of the brace, it is assumed to 
have a force displacement curve as shown in Figure 15.2. The brace does not suddenly lose capacity when 
the buckling capacity is reached, but rather is assumed to continue to initially carry a force corresponding 
to the connection design force in compression, which then gradually reduces to the post-buckling capacity. 


Post Buckling 


Capacity 2 
J 


Figure 15.2. Idealized force displacement curve of typical brace element 


While Figure 15.2 shows the assumed behaviour for factored resistance, the actual behaviour will be dif- 
ferent and we must account for overstrengths in the yielding element. 


15.3 BRACE CONFIGURATION 


Clause 27.5.2.1 tells us that the concentrically braced system applies to: 
a) Tension-compression bracing systems 
b) Chevron bracing systems 
c) Tension-only bracing systems 
d) Other systems that are similar and have stable inelastic response 


The frames that are NOT permitted are as follows: 
4) Knee braced frames i bat 
‘ some brace bays 
b) K braces where the braces meet at a column between floors. Figure rors fice a roof or floor 
that would not be permitted. (The shaded rectangle at the top Che 
deck ~ there is no floor or roof level at mid-level for these figures.) 
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b) c) 
Figure 153. Brace configurations that are NOT permitted 


on, Clause 27.5.2.2 requires the braces be proportioned such that approximately 


In adit ¢ is taken in tension elements in each direction. This is e 


zontal force on any plane fram 
less as follows: an 
Tension _ Brace_ Capacity _in+ X _ direction <133 


0.75 = Tension _ Brace _ Capacity _in~ X _ direction 


Following this requirement (which applies to Ry = 3.0 and Ry = 2.0 Concentrically braced g 


is not modified in Clause 27.6) braced systems in which there are braces in only one direction ae! 


acceptable, as shown in Figure 15.4. 


VI VINE 


Not permitted if only Permitted as only brace im Permitted as only brace m 
brace in frame (Brace frame —have both tension frame —have both tension 
is only tension or and compression braces. and compression braces. 
compression) 

a) b) c) 


Figure 15.4, Additional brace configurations that are NOT permitted 


half the 
Notes ng 


Or 


The other restriction on configuration is to require that tension-only systems be limited to four Storeys and 
that tension-compression systems be limited to ei ght storeys. This depends on the short period spectral 


acceleration (1, F, S,(0.2)) as shown in Table 15.1 (from Building Code Table 4.1.8.9), 


Table 15.1. Limiting heights for various braced systems 


ES WHERE I-F,S,(0.2 
TYPE OF SRFS MAXIMUM HEIGHT FOR CASES WH EF 4S,(0.2) 


Moderately Ductile concentrically 
braced frames (Rd=3.0 Ro=1,3) 


Limited Ductility concentrically braced 
frames (Rd=2.0 Ro=1,3) 


Tension Only braces 


Source; Building Code Table 4.1.89 


In Table 15.1, the abbreviation NG 


5.1, means “no limit” 
in low seismic zones. In cont : 


fast, all of Southwestern British Columbia would fit into the right-l® 


+ in other words, the system is not limited 1 height 
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4 FORCES ON A SAMPLE BRACE Bay 
15. 


ex the principles in designing a single-storey brace frame, we wil) 
Vv! 


P re : determi 
Jo co , mple single-storey building. We wil] ine the expected f 
on a brace by ee ena thot foes and loka 
‘ons for handling them. u- 
tio 


MPLE—CALCULATE FORCES ON A SAMPLE Brace pay 


importance single-storey building is to be located On Very dense sol (5 i 
prion. risk values and site class give a base shear of O.1lg tae Rye Bibs 
tangular in plan with dimensions 30mx50m and has cee 


A normal I'": 
where the sets 


ers ‘Ss = 3.0, R, = 1.3) at each of the exterior walls as are aha ae i 
ows: 
. ane on "Oa08 +03) ee: 
Roofing / deck / insulation =  0.80kPa 
Mechanical / electrical =  0.20kPa 
Steel beams & joists & topofcolumns = 0.30kPa 
Cladding / partition tributary to roof =  0.25kPa 
Total seismic weight = 2]1kPa 


Figure 15.5. Rectangular building with concentrically braced bay 


Solution: 
The base shear is computed using the provisions of Chapter 13 and found to be 0.11. 


Base Shear = 0.11 W (will reduce at periods over 0.5 seconds) 


F eccentricity effects are: 
Forces at end brace bays including a 20% increase to —_ t for y 
Vorace bay = (SOm/2) *(30m)* 2.11kPa *0.11 * 1.2 = 208 


should then be added to the brace for siz- 


Notional loads of 0.005 * 2.11kPa * (50m/2) * (30m) = 7.9kN sized, the notional loads are not added 


ing the members in the brace. Once the members in the brace are 
to the capacity design brace forces. 
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15.5 BRACE BAY DESIGN SEQUENCE 


We now have the calculated seismic load on the brace bay. The next issue is to design it. Use the fll 
Ce; 
= D Geese the forces on the brace bay including notional loads. 
2) Produce a brace bay configuration that meets code requirements, 
3) Place the computed forces on the brace bay. 
4) Select members that have sufficient capacity to resist the computed forces, 
5) Compute the connection design forces in the brace, These are the capacity design loads, oad 
tension members, are computed as R)A,F, » And for 
6) Compute the “bailout” loads corresponding to RyR, = 1.3 forces, 
7) Design columns and other elements, including the diaphragm for the lesser of the 
capacity design forces or the RgR, = 1.3 loads. Probable 
The configuration of a tension-compression brace must meet the following criteria: 
* Braces to intersect columns only at floor levels. 
¢ In high seismic zones braces to not exceed 20m in height if tension only or 
compression. 
¢ No Konee or K bracing. 
* Braces have tension elements taking 75% to 133% of load regardless of direction of load, 
* Braces have members with a maximum slendemess ratio (KL/r) of 200 but can be made up of: 
» HSS members (round, square, or rectangular) 
» Rolled sections including angles, channels, and wide flanges 
» Built-up sections 
* In single- and two-storey buildings brace bays have columns without Splices, while in buildings 
with more than two storeys, they must have continuous columns with splices at least two storeys 
apart. 
* Use Class 1 or 2 columns. 


40m if tension. 


EXAMPLE —DETERMINE BRACE CONFIGURATION 

Continuing the example presented earlier, a single-storey concentric tension-compression braced bay 
of height of 3.5m and width of 7.0m with two inclined concentric braces is carrying a factored seismic 
shear of 208KN is to be designed and detailed to satisfy Clause 27.5 (Moderately Ductile Concentrically 


Braced Frames Ry = 3.0.) The proposed scheme (as shown in Figure 15,6) determines whether or not the 
configuration meets requirements, 


itsesar tee ileset 
== 3500 ———+—_—_ 3500 
e 2 | 
joe Py PLPSEIPLTER 
a eee eee ee | | RR nt St 
nema iceman 
Hy 
| 208 kN at Rdx3 
| "4 | Plus notional load 
| 1 of BN 
| 


\| 
| 
arf Sin @ | rae! 
bed | Cos @ = Sia @ 
Soe I} 9.707 1c 
L | = 


Figure 156. Brace ~configuration scheme for compression brace bay 


on: ; 
configuration meets Code requirements and Satisfies the ren; 
; OK in checklist format). (Lyrce = 4.94m) quirements set oy it Table 15,2 


[77522 _| Tension braces in both directions with capacity 0.75 to 133 of compression S| 
For moderate seismic and above tension compression systems = braces | OK | 
height increase forces over 32m <40m building et 

This clause applies to chevron bracing and can be ignored for 

tric bracing we are using here where braces are at beam / con, YO2 of concen- os 
Tension only systems: <=20m in height - increase forces if over 16m high 

Tension only systems: Fully continuous columns LOK | 
Tension only systems: Column splice restrictions for buildings with than 

2 storeys. greater 


KL/r for brace min of 200 EF] 
For KL/r <=100: Rect. and sq. HSS b/t<17.6 Round HSS b/t<286 


275.2.5(a) 
275.2.5(0) 
275.2.5(C) 


27.5.3.2 


275.41 


For KL/r <=200: HSS to be Class 1 


Minimize eccentricity in connecting elements 


Other items on the checklist cannot be verified yet. They will have to be satisfied as our design : 
The structure is to be designed as tension-compression and is less than 40m high. 


15.6 SIZING THE BRACE MEMBERS 


Our first task in the design of the brace bay is to distribute the forces to the individual elements, As the 
structure is symmetric, the force in the left brace will be the same as the right brace and can be computed 


by dividing the horizontal load applied to the brace by two and then converting the force to the angle of 
the brace, as follows: 


Total load on the two braces is 208kN + 8kN notional load 
Before buckling of the compression brace each brace takes a horizontal load equal to half this. 
[(208kN + 8kN) / 2)] / 0.707) = 153kN 


The 0.707 is the cosine of the angle that each brace makes with the horizontal which in our case is 
45 degrees, as shown in Figure 15.7. 


Dead Load + 25% snow load 
not shown but required for 


complete Free Body Diagram 


Load at RyR,e3.9 + Notional 
load of 8 EN for total = 216 KN 


Ry=3.0 R=1.3 fornes applied to 
bay. 


a: : le 
Figure 15.7. Free body diagram showing brace ang: 


. 
. 
i 
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ed lengt! race clem ine s | possible 

tis 4.95m and we can determine severa mem ; 
sect relied of 153KN, Several options are listed in Table 15.3. The com OF this 
ce s 


The unbrac 


sat rc Ke ate a linear interpolation of the column capacity tables (green pages) of the 
capacity C, 1s ta 


Cis 
Handbook, G40.21 Class C sections have been used, 


HSS 127x127x4.8 
HSS 1140x4.8 


We will initially choose the member with the minimum area to reduce the connection forces and then 
check to make sure the size chosen meets the KL/r and b/t requirements, 

Before going any further we shall check to make sure that the brace meets the requirements of the 
Code with respect to KL/r, Clause 27.5.3,1 requires that the maximum value of KL/r for the brace is to be 
200. All the braces selected above satisfy this requirement (this check is easy to make — if the brace has a 
compression value in the column capacity tables (green pages) of the C1SC Handbook at the KLir being 
evaluated then it is at least less than 200). 

We must now check that this member size is compatible with the required b/t ratios. 


15.7 REQUIRED B-OVER-T RATIOS FOR SQUARE AND 
RECTANGULAR HSS SECTIONS (CLAUSE 27.5.3.2) 


Under Clause 27.5.3.2 there are limits on b-over-t (b/t) ratios depending on the KL/r ratio. This allows 
for elastic buckling without the premature failure due to wall necking that can occur if the b/t ratio is too 
high, Clause 11,3.2(b) allows us to compute the b/t ratios for square and rectan 
the nominal outside dimension less four times the wall thickness. 


Under Clause 27.5.3,2 the limits of b/t for square and rectangular HSS members used as diagonal 
braces in moderately ductile concentrically braced frames are as follows: 


gular HSS sections using 


For square and rectangular HSS, KL/r < = 100 use Pig e20 i330 


fi Try” Taso 7 17.6 


For square and rectangular HSS, KL/r = 200 use Class 1 = 2." 420, 420 


e = = 224 
fainyongss0n oe 


Use linear interpolation between KL/r = 100 and KL/r = 200, 
For round HSS, KL/r <= 100 use 2» 10000 _ 10000 


-_" ——n 


i Fy 350 7° 


For round HSS, KL/r = 200 use Class 1 = b, 15000" 13000 


Re Sy 350 
Use linear interpolation between KL/r = 100 and KUr = 200 


EXAMPLE —DETERMINE B 
Deeente RACE SIZES 


inary brace sizes have acceptable b/t ratios 


= 37,1 


NCENTRICALL 
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jution member of HSS 114x114x3.2 has a KL/t ratio of: 
we initial cj 440mm /45.1mm = 110 (OK < 200) 
Kure} 


5 j14x114x3.2 has a bit ratio as follows: 
HS 


114- (443.18) = 31.8 This is over the requirement of 17.6 for 


KL) 
bite 3.18 


t of 17.6 and 22.4 
members with a KL/r of 200 and is theref 5 for 
KL/r of 110. Ore Mot acceptable for our 


02x4.8 braces as it can be shown that they have an acceptable byt rati ; 
HS Eee g system and a low cross-sectional area that will be a benefit phen 

compre is. (We will stay away from round HSS 1149x4.8 due to the difficulty in getting round secti 

calcula ps d the uncertainty in the wall thickness and lower specified yield of 317 MPa for the ASTM 

in rie ) Select an HSS 102x102x4.8 for the brace member. 

sections. 


check HSS 102x102 x 4.8 HSS for use in the brace bay: 
KLr = 1.0* 4940mm / 39.2mm = 126 (OK < 200) 
HSS 102x102x4.8 has a b/t ratio as follows: 


102-4748 _ 1795 
Dil a's 


Required for KL/r = 100 max b/t = 17.6 for KL/r = 200 max b/t = 22.45 
For KL/r = 126 by linear interpolation max b/t = 17.6 + (126 — 100)(22.45 — 17.6)/100 = 18.5 
OK - our b/t of 17.25 is less than 18.5 Section is acceptable for use 


We now have selected a brace size that meets force and b/t ratio requirements, The initial design force on 
the brace bay will now have little importance to us now as we are doing capacity design and will substitute 


the forces on the brace bay will now result from the yielding of this member not from the calculated loads 
from our calculated seismic distribution. 


15.8 DETERMINING THE BRACE CAPACITY 
FOR TENSION-COMPRESSION LOADS 


As there are a limited number of sizes of member that can be selected the brace will inevitably have more 


capacity than we need. We may wish to determine the capacity of the braced frame at the point where the 
compression brace buckles, 


EXAMPLE —DETERMINE THE MAXIMUM HORIZONTAL LOAD : : 

Continue previous example using the 102x102 x 4.8 brace and determine the maximum horizontal load 
at Ry = 3 R, = 1.3 load that can occur for the selected brace configuration to be considered Tension- 
Compression. 


Solution: 


Ata 495m unsupported length the compression capacity of the HSS 102x102x48 Peed ae 
(exceeds our seismic load combined with accidental eccentricity and notional load of 153KN). Up 
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I! take equal load and the honzontaj load on the 
and compression brace wi ) 
re ss ciassaden brace is loaded to its axial resistance will be: brace bey 
when 


2 braces * 169kN * 0.707 = 238kN 


This is about 110% to our design load of 216kN and shows the tension-compression brace is being 

48 15 | 
ed Peasop, 

bela Seat a free body diagram of brace bay at the point where factored com 

of compression brace occurs 


PTession Capacity 


= om 238 KN (Sum of 119 EN» Figure 15.8. Free body 
119KN) diagram of brace bay at 
the point where factored 


compression Capacity of 
compression brace Occurs 


15.9 DETERMINING THE PROBABLE AXIAL CAPACITY OF THE BRACE 


Once the brace members have been selected it is time to determine the bi 
govern all the remaining design of the brace bay. The brace member will h 
Tension Resistance” and its “Probable Compression Resistance” and “ 
resistances must be determined and placed on the brace bay so that the 
can be evaluated. 


$16 very eloquently describes these axial states in the brace that need to be evaluated. 


race connection forces that will 
ave what is termed its “Probable 
‘Post Buckling Capacity.” These 
brace behaviour and overstrength 


27.5.3.4 Probable brace resistances 


For the purpose of evaluating forees on connections and other members upon yielding and 
buckling of the bracing members in Capacity design, the 


probable tensile resistance of brac- 
ing members, 7,,, shall be taken as equal to A,R,F,; the probable compressive resistance of 


bracing members, C,,, shall be taken as equal to the lesser of A,R,F, and 1.2C/O, where GC 
's computed using RF; and the probable post-buckling compressive resistance of bracing 


members, C’,,, shall be taken as equal to the Jesser of O.2AgR,F, and C/G, where C, is 
computer using R,F,, 


Each of the two loading conditions, 
) the compression actin 


a g braces attaining their probable compressive resistance, C,; and 
b) the compression actin 


ig braces attaining their Probable buckled resistance, C’,, 
Shall be considered as occurring in conjunction with the tension acting braces developing 
their probable tensile Tesistance, 7), 


For chevron bracing, when plastic hinging in the beam is permitted by Clause 
27.5.2.4(c) or 27.6,2.2, the b 


When the forces correspond 
due to brace buckling shail be ¢ 


ing to RyR =13 are computed, the red| 


istrrbution of forces 
‘onsidered 


ajues of Ry (as laid out in S16 Clause 27.1.7) are as follows: 
G40.21 Steel of F, = 300MPa RyF, = 385 MPa (R, = 1.28) 

For 4021 steel of Fy = 350 MPa R,F, = 385 MPa (Ry = 1.1) 

For San steel with yield above 350 MPa R, = 1.1 

aes Sections RF, = 460 MPa (R, = 1.31) 


The ¥ 


al requirements and higher R, for HSS members reflects 
it 


The S| e to cold working, will usually have an actual yield 


assibly du 
recited yie 
overloading 
this is what 


‘search showing that HSS members, 
id Tes Strength that is wel] iD EXCESS of the 
|d stress. The desire is that the yielding element Protect the ; the 


but if the actual yield is higher than expected then the yielding wil Occur at a higher value 
the R, factor is protecting against, ; 


40 PROBABLE TENSILE RESISTANCE (T) 
15. : ‘ 
. i brace is determined b femovi i 
le tensile resistance of the t Y Femoving the resistance factor 
abo yield strength of the material to R,F, and is expressed in formula form as: ieee 
incr 
Ty=(RyFy)*Ag 


MPLE— COMPUTE PROBABLE TENSION RESISTANCE 
pec the probable tension resistance of our HSS 1149x4.8 brace. 


jution: . 
oe probable tension resistance of the member is (RF,)*A, 


T,=(RyFy)*A, = 460MPa * 1640mm? x10 = 754kN 


15.11 PROBABLE COMPRESSIVE RESISTANCE (Cy) 


The probable compression capacity (C,) is more complex as the compression capacity will depend on the 
KLr ratio and the capacity is not linear as illustrated in Figure 15.9. 


Figure 159. Probable compressive 
resistance of HSS members 


8 


8 


° 


5 ompression for- 
To compute the probable compression resistance of a brace we rigs os! BF, he ; 
mulas of Clause 13 and remove the @ factor PrOding Iss IoRowseg Seas, 


KL [RF eye 
1 aie MC, = 98 Ae R (14a) 
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ING COMPRESSION Capac 
TE THE PROBABLE COMPRESSION 2 posT-BUCK ITY OF THE BRACE (c\,) 
EXAMPLE—COMPUTY OF AN HSS BRACE 15. has gone through a few cycles, the compressive resistance will drop to what 
Baten ion capacity of our HSS 102x102x4.8 brace. The unsupported after te ckling compression capacity. For slender braces, the brace has a post bechiia 6 referred to 
Compute the probable compress length j, asthe it a is Jess than the connection design force for the brace in compression. Thee compressi 
495m. ap i of the member is given in Clause 27.5.3.4 as being the lesser of O.2A,R,F, and re ony 
resis using RyFy Atlee 
Solution: ted can compare the probable compressive resistance, C,, and 
KL [RF _10%495m [__A@OMPa__) 97 (KLr = 1273) + Graphically We cae ce see that the probable compressive riots Preble post bucking 
el ———— IT OMPa . ive resistane j i = Y greater than 
Ae Vie *-omem Var 200000 MPa compress! compressive resistance until we get to kL/r values of 150 or more when the post buck: 
ing 


C.H12*At RF (I eaneye 
C, = 1.241790 x 104m? * 460,000kN/m? * (1 + 1.927268) 73: 
C, = 1.2 * 823KN * (6,800)°7 = 987KN * (0,239) = 236kKN 
It would also be possible to use the data in Table 15,4 to determine C,, as follows: 
KL/r = 127.3 use KL/r = 128 
C/A = 129MPa C, = (1790 x 10°m?)*(129,000KN/m?) = 23 1kN 
Table 15.4. Brace capacities for G40.21 HSS 
H86 Brace Capacities for 040.21 HSS Fye360 MPa (Does not apply to ASTM) 
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ihe post puckling ive resistance are somewhat similar though not exactly equal, 


nd the COMP" ir example of the HSS 114x114x48 with an unsupported | 
Continuing tha compressive resistance as being the lesser of: eagth of 495m, we get the 


t buc 
pons, = 0.24(Ag = 1790 x 10 m?)*(R,F, = 460,000kN/m?) = 165kN 


Or 
169kN*(RF Fy = 169kN * (460/350)/0.9 = 246kN 


Using the lesser of two numbers above we get the governing post buckling compression capaci 


165 KN 


t would also be possible to use the data in Table 15.4 to determine C’, as follows: 


KLir= 127.3 use KL/r = 128 
C/A = 92 MPa C, = (1790 x10%m?)*(92,000kN/m?) = 165kN 


Asummary of forces to be considered in our brace is shown in Table 15.5, 


Table 1 


ARF, 


Lesser of: 
12°C,/@ computed with 
R,F, or AgR 
Probable Post Buckling Compres- 
sion Resistance 


We can then use these forces to replace the brace in capacity design procedures in Figure 15.10 and Figure 


15,11, 


<< 


Figure 15.10. Factored resistance of frame 
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Figure 15.1], 


Cans 
design of frame Pacity 


When computing overstrength or effects on adjacent elements use the C, or C’, whichey 
worst effect on the element you are considering. If doing a computer model, replace the ¢ 2 ces ‘ 
ment with the forces and delete the compression brace element from the model, MPression de 


45.13 OVERSTRENGTH CAPACITY OF THE BRACE BAY 


An important number to compute is the overstrength capacity of the brace bay. This wil) ive an ; 
tion of its ability to dissipate forces in a ductile manner and will determine what the fortes 4N indica. 
are On the 


diaphragm and other elements such as the columns. 


EXAMPLE—DETERMINE OVERSTRENGTH CAPACITY 
Determine the overstrength capacity of the sample brace bay and determine the effective RR, 
the forces that correspond to this. Value of 


Solution: 
Place the probable resistance forces on the brace bay and determine the resulting horizontal force 
duced. Pro- 


Probable Tension Capacity = T, = 823kN 
Horizontal component of tension brace = 0,707 * 823kKN = 582kN 


Probable Compression Capacity = C, = 236kN 
Honzontal component of Compression brace = 0.707*236kN = 166kN 


Total horizontal component = 166KN + 582kKN = 748kN 


Overstrength capacity of brace bay = 748kN 

Overstrength ratio = 748kN / 208KN = 3.6 (ignore notional load when using capacity design 
forces), 

The resulting applied notional forces are shown in Figure 15,12. 


Figure 15.12, Applied 


notional forces 
T, and C, applied to brace bay to 
compute over-strength capacity of the 
brace bay 


166 kN 


166 kN $82 kN 


Effective RyR,, for forces at overstrength = (RgR, = 3.9) * (208kKN / 748kN) = 1,08 


15.14 CHECKING THE “BAILOUT” FORCES TO 
LIMIT THE FORCE IN BRACE ELEMENTS 


Clause 27,.5.4.2 requires that we connect the brace members for their probable tension capacity (Ty) and 
their probable compression capacity (C,), However, now we are allowed to limit the tension-connection 


g 


that would exist when RyR, = 
ner of the brace. 


ces 
ye jo buck! 
_DETERMINE BAILOUT FORCES 
c xaMPL ple brace bay, determine the bailout forces. 
xa! 


ution: in determining the forces in the brace Clements at 
The se the force ¢ 


hat is applied to the frame. We then distibaae fiat force ORR, = | 3 
= isto 


d than their compressi i zi 

carry more load than Pression resistance Fealizin 

praces a the horizontal force in brace bay at RAR, = 13 S te 
Co! 


Horizontal Force = "RR, = 13 


the distribution at RyR, = 1.3 we are also required (by 5 
onl Loed. This gives us 4 ne of nen + 8kN = 632KN, ieee Clause Tet) coder 
nn brace elements bY 3 as the majority of the increase in the load on the frame j may the forces 
in the FT _ 1.3 forces will be carried by the tension brace. To determine the 4; wy Soing from R,R, = 
3,9 to Rg he compressive resistance value C, on the compression brace ‘istribution on our fae 
tension brace. The compression brace horizontal compile how much 
Ny At Rao = 13 horizontal shear of 647kN the horizontal force on the abana (C= 236kN) = 
166 LGOKN = 466KN giving a force in the brace of (466kN/0,707 = 659kN) ie 
ension brace force to go up to 659kN (ignoring yielding) from the ice =13 forces 
39 forces were applied or 153KN when notional loads plus RyR, = 3.9 forces were ae RR, 
z Figure 152 3). The tension brace increases by a factor of 4.4 while the force applied to chee: 
in sup by a factor of 3. The 0.707 in the preceding discussion is the cosine of angle that the brace 
a is horizontal and will change for braces that are not at 45 degrees to the horizontal oy 


624 EN at RAR=13 Phus SEN notional 


ReReL3 forces applied the brace bay 


when doing 


remainder of the load goes to the tension 
brace. 


Figure 15.13. Compression brace values 
Alternatively we can consider the situation with the compression brace carrying its post buckling capacity 


of 165kN, The horizontal component of this is 0.707 * 165KN = 117kN which leaves 632KN LI7kN = 
515kN as the horizontal component in the tension brace. The tension brace is therefore carrying SISKN / 


0,707 = 728kN, as shown in Figure 15.14. 
624 KN at RAR,SL3 Plus SEN notional 
lead = 632 EN 
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300 stRecTURAT S 
: 


* 14 is that, in this case when the RgR, = 13 ¢, 
15.13 and Figure 15. : A 
spenoperrte'= io! to the structure, the maximum load in the tension ph is T28KN. Th, : the 
notional loads are 1823KN and we could within $16 and NBCC provisions reduce the contieehe ih 
asp we ic 728kN The aim of this exercise is to illustrate capacity design p, ce 
per: i le. roced 
ee not be used for the remainder of the example 
nic 


R THE CONNECTION 


G FO ) 
wee ACRGES: ON THE ADJACENT MEMBERS 


> require that we take account of the brace forces in designing other mem 


The Code and otal Re? will influence both adjacent beam forces and column forces 
bers in ronal plier Adjacent beams will have axial forces from seismic loads that must be dragged 
as conne ee) 


Il have vertical loads transferred from the braces, Fj 
andy ears ee ata be examined when the force in the tension brace is ee es 
shows the rer it from bending and the unbraced length of the bottom flange complicate design of the 
The forces in _~ sion. A conservative approach to this problem is to do an axial-moment interaction for 
peared 10% mee that the beam is unsupported for axial force but has its compression flange : 
for aerhs ‘oddition to designing these members to carry the axial loads that result from the action of 
the tension brace it is necessary to include these forces on brace bay elevations shown on the s 
drawings so that the steel detailer designing the connection of the beams will address the axial Joad effect, 


Dect Serer 


aS Well 


aw eo oOo Oe OO 


Figure 15.15. compression 
elements to be examined when 
designing a brace bay 


EXAMPLE—DESIGN CONNECTION FORCES ON A BRACE BAY 
Determine the forces in the centre column of our brace bays and design it. 


Solution: 


We have already shown that the bailout RyR, = 1.3 forces are less than the capacity design forces on the 
brace; however, for this illustration we will continue to design for the capacity design forces, The com- 
Pression in the column can be computed by adding the appropriate dead and live load applied to the top 
of the column to the vertical component of the tension brace and then subtracting the vertical component 


of the compression brace at its minimum load which is the post buckling compression capacity C',, This 
would be as shown in Figure 15,16, 


Dead = 45 kN 
prone 
; —[Lescimsseny ‘| Figure 15.16, Capacity 


= design forces 
Capacity dem forces apphed tw the brace 

bay. The post buckling capacity C » Of the 
Soumpresnon brace is used as this helps” the 
Seater column less The tenon brace us 
Casryung T, 
nee 


oads on the column are as follows: 


jesultin | 
= 45kN 
jload=45KN CN /4= = 2kN 
sm snow 10nd = *0.707 
95% s0 prace force = 823kKN*0. e = 582kN 
Tensio Kling brace force = —165kN*0.707 =-17kN 
post Buc =531kN 


oting bow much greater this force is than the force in the col 
ni 


4 ‘Umn without consider 
- In that case, the vertical com Considering the 
itis mpression brace. I Ponent of the compre f 
vieldi i ee by wal of the tension brace and the only load would be the 45kN de race balances 


d. 
the snow 108" large axial load we must also consider ‘ 
from 531kN is a large : consi Some moment with this ax: 
we eo requires that columns in braced bays shall be Class 1 of 2 and shall tel load and 
Cans ot less than 0.2ZF, in combination with the computed axial loads. The moments applied x hee 
tance 


of the brace bay. : ; . 
ere ab pct alo Ges te) oo Chae ae 
ye of S31KN / 0.75 = 708KN. 
We find: an HSS 127x127x 95 has a C, = 786kN at L, = 3.6m 
022F, =02* 183 x 10’mm? x 10°? * 350,000kN/m? = 12.8kNm 
(Effectively we are applying an eccentricity of 12.8kNm /531kN = 24mm) 


M usw =0 w, = 0.6-04x 204 as Kappa = 0 use 0.6 for Omega. 
=e 


For HSS 127x127x 9.SKL/r = 3500 / 48.0 = 72.9 (Table 4-7) C/A=370MPa 
C, = 370,000 * 4240mm? x10 = 1569kN 


K 


C, U*M, _ S31kN | 1.0°12.8kNm 
CM, | 786KN_57.6kNm 


r 


= 0.67 +0 22 = 0,90 (OK) 


An HSS 127x127x9.5 column meets moment and axial requirements. 


The selected brace member sizes (RyR, = 3.9 tension-compression brace) are shown in Figure 15.17. 


Brace Members = HSS 
WORLD F Connect for: 
T= SEN Ce TEN 


Figure 15.17, Selected brace member sizes (RyRy = 3.9 tension-compression brace} 
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EHAVIOUR 
DUCTILE ROTATIONAL B 
.4 WHE BRACE CONNECTION (27.5.4.3) 


j vide ductile rotatonal behaviour at the ends of 

The race connection mu Cong ofthe compression brace occurs, wll ot emp 
members aa the brace at its ends. There are (wo types of connection for the brace element: (1) thon 
gusset pla ingte gusset plate and permit rotation in the gusset and (2) those that provide Fosse each ut 
provide a # fo thet do not permit rotation in the gussets forcing the rotation to occur in the brace ef 
na, ocr studies have Indicated that a more ductile situation can be achieved if the brace ig af 

to rotate in the gusset area rather than forcing the rotation into the brace ere The Code in Clause 
27.5.4.3 addresses these issues separately with the following ee } : 

1) If the connection can permit rotation (single central gusset plate) then provide an end Kistaace og 
two times the thickness of the gusset plate as illustrated in Figure 15.18. 

2) If the connection is such that rotation must occur at the brace ends (side gusset plates) then 4 
moment capacity of the connection plates must be increased to make certain that there are nox 
two hinges forming, one at the brace end and one in the connection, In this case the 
capacity of the coanections is handled by capacity design forcing them to have a moment = 
exceeding 1.1*Zance*(RyFy). Capacity 


emptor 


Distance 


| Thickereng between the 
pontes on wade 5 : tlack —hnes, 
of beawe 3 _ should be 
imprese al 2*Plate 
capacity ff thickness 


conmechan 


Figure 13.18. Providing for ductile rotational behaviour 


16.17 DETAILING THE BRACE AT THE GUSSET PLATE 


The requirement that we connect brace clements for (R,F,)*A, can result in some difficulties when 
ging throngh the usual requirements for connection of tension elements. Typically the brace area menst 
be redacted at the conection for bolt holes or for slotting for gusset plate welds, An example of the cop: 
ection of a teasion brace for a force equal to 40% of A,F, is given in the CISC Handbook in Part € 
Sudatitution of a force equal to 1.1.A,F, as the connection force results in a very large bolted connection, 
Recall also that all bolted connections for seismic frames must use pretensioned bolts and it is spparest 
why welded connections are preferred at this location. A welded gusset is often used to connect brace 
teeabers and this can be sized using the axial forces in the brace. 


EXAMPLE — DETERMINE GUSSET PLATE THICKNESS 
Dotervaine the gusset plate thickaess for our HSS 102x102x4.8 brace. Tensioa-coanection force = T, = 
SRAEN and compression force = C, = 236N. 

Solution: 


The Force from the brace wilt into the : 
Sethvan conrvively tet tbo ent Russet plate as we move from first comtact point. If we 


Of the beace a wi : 
Gun we tan compte the thick = beace a width of gusset plate equal to twice the brace dianca- 


SEISMIC DBSION OF cOncg, 
* BRACE Peavey 
xt) 
p= 823KN/ [(2*0.114m)*(0.9*300 000kN/m?)} « 9, D1 4m 


ae fe fe 
orca BE 


= 0.032m aad 
braced length as 2* 0.0158m =0, We a Buckling 020 pe 
move ar eee /4Siean= 33 sea ee ‘sta tet uegeena 
S uss” He We CISC Handbook to be 253 MPa. Pe nate nd So | 
es ion resistance of the gusset is therefore 253 MPa * 15 sum mm = 911k | 
« 


The asia ion). If it was felt that the unbraced oni 
ont 206k Te oat bing to increase the plat ares, of "80 sho ca 


ane 8mm (5/8-inch) gusset plate, 
se 


We 1S Som is, ' 


g PREVENTING BRACE FRACTURE AT THE BRACE Connecrioy 


15.1 ores ely ance . 
ble brace bebaviour it is desirable to prevent the brace from tearing atthe facy 

fo re qccutaned new provisions to address this isvee ichuding modifications i fel poet | 

plate surements given in clause 27.5.4 and the calculations for the et section in Colliitice 

peel it will be necessary to add side plates to the brace bay 10 


ip guset plate removes material from the HSS and reduces the section are of tha HSS bythe hichaee 
of gusset P for the HSS to slip over the 

a.2mm gap for p Susset plate the net ares of the brace a this poiat is 
” oat rk Thickness +2mm)*(HSS Wail Thickness), The connection ier ig te pont 
goas of Clause 12.3.3.4, using the A,(R,F,) forces. When evalustig net section fracture of 13 15S Clonee 
775.4 2allows us to multiply the set section resistance by R, /(B, where Ry in this case6 wot allowed o 
exceed 1.2 and @, is the resistance factor for ultimate strength aad is defimad ss 0.75 ba cfamne 12, 


EXAMPLE— COMPUTE NET SECTION RESISTANCE FOR 

AN HSS SLOTTED OVER A GUSSET PLATE 
Compute the net section resistance at the gusset plate for an HSS TO2K IOs 4.5 bence, the gunner plate is 
(am. Tension-coanection force = T, = S23KN (R23KN being A,*RF, © 179mm? * 460 MPa» B54 


Tudale iit govt ae 16ene + 2euo3 = 1$eam. The set area of the brace st the {fnam stot fer 
the gusset plate is: 


A,= 790mm? ~ 24 Sonen*( [8amem) = 1617 meen? 


By Clause 13.2 T, = By Age Fp Where A,. for ae HSS slotted over & gusset plate ia sow gives ts 
13334 


=A, when /L, > 0.1 and is leas than A, whem /L, 50.1. Who kis tee lengh of wells: 
aries: sad is the distance to the ceutroid of the cat Ialf off dos FSS vo te face of the geen. Con 
servanvely taking x” as the distamoe fro the center of the wall of te pes 
gives an x of 102/2 - 16/2 - 4.8/2 = 40.6 10 L_ =40 60.1 = Alam. 


Hf we nse a Lyman weld we get a mesistasce of T, =, A, Fe, (when te om Ry 
man exceed [2 
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R,=460 / 350 = 1.31 use 1.2 


T, = Aq Fo Ry = 1617mm? * 450MPa * 1.2* 0.001 = 


873 KN which exceeds our load of 823 
no reinforcement Is required. WN ng 


If, however we decided that we wanted to only have a weld length L, = 225mm thea oe . 
i 
Jation is more complex. 
asin step check that L, ts sufficient weld to transfer the 823 kN if a 6mm weld js ° 
want to increase weld beyond 6.4mm on the 4.8mm wall. 
Resistance = 4 * 225mm * 0.933 kN /mm = 839 KN (OK) 


By 12.3.3.4 we get 

we get 

T, arin: F, (Ry / By) = Ane Fy Ry = 1486 * 450 * 1.2 *0.001= 
823 kN and therefore reinforcement is required. 


sed and Would Not 


802 KN which is jess than ou; 


The problem could be solved by shop-welding flat bar to the sides of the brace in the connection reo; 

such that the net area at the gusset plate slot always exceeds the A, of the brace as shown in the £100 
line in Figure 15.19. Another solution is to weld the HSS and the gusset plate together and then weld fa 
bars or angles to both gusset and HSS and having these extra bars go beyond the gusset plate slot. Th, 
latter solution is less popular as it involves more field welding. + the 


EXAMPLE—DETERMINE THE RESISTANCE IF TWO SIDE 

PLATES ARE ADDED TO OUR PREVIOUS EXAMPLE 
Determine the net section resistance if two 50 x 6.4 plates are welded on the sides of an HSS 102, 102x 
4.8 with T, force of 823KN with the brace connected to a 16mm gusset plate with a weld length of 225mn 


Solution: 


The resistance of the slotted brace is found in the previous example to be 802 kN, 
If we add two 50mm x 6.4mm plates our net section resistance will increase to: 


Resistance of each plate = (@ = 0.9) (SOmm)(6.4mm) (350,000 kN/m?) (1x10) = 101kN 
Or = Dy Ane Fy = 0.75 (50mm)(6.4mm)(450,000 kN/m2) (1x10) = 108kN 


Use the lesser of these though it might be argued that using the net section fracture would be more Appro- 
priate if we are looking at net section failure. 


Net section resistance = 802kN +2 * 6.4* 50 x 10-6 * 350,000 * (@ = 0.9) = 802kN + 2(101kN) = 
1004kN 


Net section resistance of 1004 KN exceeds load of 802 kN (OK) 


Note that the resistance of the side plates are computed with a @ factor applied and this resistance is not 


multiplied by R/@,,, as the side plates will not be from the same steel as the brace, The calculation above 
18 conservative and protects the brace against failure. 


ae lag may govern the design of the welds for connection of HSS members. The Code requires 
fe weld length to be a minimum of twice the distance measured along the member between welds, Tests 
a by Korol (1996) show that this weld length is conservative, 
as “ tension-compression HSS braces cross in the centre of cross-braced bays, side plates should 
oh a tele $ Seen the axial force can be transferred without creating a hinge in one or both of 
heehee fa abt braces having no brace compression capacity may be connected 
“is pielbea a be a fan or weation-comprestion braces should be connected by plates each 
t tor brace systems taking com i 
i st g Compression. 
“a4 ne epeeeary to detail the connection of these brace elements, It is not suf- 
Bealls a gad ofa tren RyF))A, and leave the desi gn to the steel detailer. Figure 15.19 shows 


Te It connects to a single centreline gusset plate, The side plates shown 


ignces HEY " 
8 


SEISMIC DESIGN 
OF CONCENTRICALLy BRA 
CED FRAw 
ES 


iminate the problem of net section fai 
ded to eliminate Ailure at the 
are @ y not be reauired under S16, brace eng, Under . 


Figure 15.19 
nie 
showing race 


Welded flar 
(shown with ihe es 
er Some Lag: Lio> 
15.20 shows details where the braces cross in a cross-braced system. The side 
ecapcity design connection force. Plates must carry 


b) 


Figure 15.20. Tests have shown that using two side plates as shown in (a) (left) is 
more ductile than using a single gusset plate at the centre connection as shown in (b) (right) 


15.19 SEPARATING THE BRACE FROM THE STUDS 


To minimize space requirements and architectural impact, the braces are usually buried in the interior or 
extenor walls of the building. Often these walls will be constructed with 152mm studs limiting the brace 
member size to 127mm when allowance for tolerance is included. In pre A,F, design, a support track for 
the steel studs was added above and below the inclined brace member and steel studs were inserted above 
and below the brace (as illustrated in Figure 15.21a), This meant that the brace elements were acting as 


wind girts and had to be designed for bending moments and have a minimum moment of inertia to reduce 
deflections (as illustrated in Figure 15.216). 


Figure 1521. a) The brace 

bay has steel stud track attached 
above and below the brace. The 
studs are attached to it. b) The 
brace bay uses details to separate 
the studs from the braces 
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If the brace was located in an exterior wall and the studs were attached t 
designed for the effects of the wind load perpendicular to the plane of t 
deflection. The brace bay shown in Figure 15.21b uses details to separat 
braces are therefore not controlled by out of plane wind loading. 

Designing the brace as a wind girt often resulted in out-of-plane wind becomi @ the 
and producing a brace size in excess of that required for seismic force, To eliminate the ning factg, 
oversize the brace for wind it is necessary to have the studs span the round or figs bel 
above without resting on the brace. This can be achieved by replacing each stud whine 
screwed back to back with a cut-out each side to accommodate the brace. 4 Pair of tng 
With the introduction of protected zones in $16-09, there was now an additional argument fog 


© the b sit w 


he brace inctuding he bh 
© the studs from the o 


a 


A he capacity of a 25mm diameter grade 300 anchor Tod fo res 


Lb 


necting the studs to the braces. The protected zone for the brace is defined under $16 a5 including we e® a 5 capacity is 0.414KNnvbolt. As required by Clause 26 this pln: We find that the 
Jength of Eas Grace und She eae Commccues Ot ine aces Laie Caseig zone attachments thar eo ful pit eae. assume the distance between the points of fixity is as follows: ioe cna Using § 
notches or stress concentrations are not permitted as these may lead to Premature failure ork in se than Z : 
While arc-spot welds are permitted these would typically not be used on stud to brace conn © clemen, rs 20mm 
the usual mechanical connectors of screws or shot On pins are not permitted, eclions and pase Plate : 25mm 
Another solution is to cut out one flange of the stud at the brace location and then use a cer Grout rer of S diameters 4g 
track or bridging screwed to the stud to provide continuity for the severed stud flange. Similar sean of alf embe O3inal 
details have been used to accommodate pipes in walls, as the pipe is obviously n 1 stud 


Ot designed to carry yi 
loads, Sample steel stud details are illustrated in Figure 15.22. wind sum shear is V>= 2*M, / (Distance between points of fixity) 


Separating the steel studs from the brace requires that appropriate steel stud details be iDcluded on The = aM, of 0.414kNm fora 25mm bolt = gives us a shear capacity of 8.kN/bolt— far tote 
: ven if the structural engineer is not responsible for steel stud desj Wi sist our capacity design forces. 
RCA EONS © & P gn. required to re ill yield or 
spear friction approach will yield greater capacities but usually only sufficient to ress the shear 
es ae lightly loaded brace batten , ae 
res isting the brace i : 
ime are is Amore certain method of ra sors %! pies Is > Separate the resistance of Shear and ten- 
Bese forces resisting the shear forces by em _ Plates and angles that can Carty the shear force through 
orpas siod ns layer to the foundation much more directly than by bolt bending. Such a system is illustrated 
oe aE: 15.24. 
~~ sD 
a, bey wel 
=a ONS 28 ben 
, ANGLES TO 
2 TRANSFER SHEAR 
EA 
He Rg = Sh | 
, oT LoS fou eee or Figure 15.24, Embed plates and 
| | EE angles for foundation connections 
| 5 = wie EMBED PL WITH 
| eam ae NELSON STUD 
' [Sakae ANCHOR RODS 
Pg WALL OfTAL al BRACE Bay 
GUSSET PLATE 
Figure 15.22. Steel stud details to avoid placing wind load on the brace elements 
BRACE 


The details shown in Figure 15.22 should also be used on interior walls as well as exterior walls as it 


prevents fastening to the protected zone and will result in a more rigid wall especially where thin braces 
are involved, 


ey = 


15.20 CONNECTION TO THE FOUNDATION 


The connection of the brace to the foundation produces several problems as the capacity design forces 
must be transmitted in a rational manner. If we attempt to do this by the traditional bolt formula we ignore 
the effect of bolt bending in the grout layer as shown in Figure 15.23. 


Infoundation connection details shown in Figure 15.24 the tension force is carried by pees eee 
anchor rods, which can carry a higher tension than A307 bolts as the Dywidags have a araiher. 
There are several grades of Dywidag and the grade selected should be appropriate for oP, ae also has 8 
"te anchor is to be outside, should be appropriate for cold temperatures. The Dywidag 
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raised thread so it is not necessary to reduce its capacity for the net area at the cut threads 

capacity is therefore based on gross area using the formula: T, = 0,,A,F). Nd the ten: 
The shear force is carried by angles that are field welded to both the base plate and 

with attached Nelson studs. Only the outside edge of the angle is welded so that it doeg Pde bar, 

carry tension forces that would reduce the shear capacity of the Nelson studs. It is n ae Attemp, to 

details for connection between the brace and foundations on structural drawin gs. CCESSATY to include 


15.21 FOUNDATION CAPACITY 


The connection of the braces to the foundation requires that the foundation resist the uplift and 

the brace. The brace connection forces from the braces undergoing probable tension resistaaete 
probable compression resistance C, must be transferred to the foundation or structure below a or 
attached to concrete foundation elements, uplift under the brace tension can be a problem. A pa braces 
the Building Code is often employed which limits the foundation to resisting RgR, = 2.0 or RR 
forces, depending on whether the foundation can be described as an isolated pad or as structure =] 

The structure can include any structure such as grade beams or crawl space walls, which will 

be inclined to dissipate energy by stamping in the same manner as an isolated pad footing. It mite 
argued that the capacity of the brace itself might be limited by the uplift capacity of the foundation = 
for example, the isolated foundation pad was designed for an uplift force corresponding to RyR, = ant 
why should the axial force in the brace not be limited to this uplift? It must be remembered, however. that 
the seismic forces are dynamic. As a result, our single-storey brace will have a period in the 0,1 second 
range. The axial force in the brace will go from zero to full tension in one-quarter of this cycle or 25 one- 
thousandths of a second. Trying to lift the foundation in that instant will result in axial forces in the brace 
considerably higher than those required to lift the foundation very slowly. 

The foundation “bailout” forces provided by the concrete code would be beneficial for use in design, 
See also Building Code Clause 4.1.8.16.1, which allows footings that are able to rock to be designed for 
RgR, = 2.0. The provisions for footings that are not capacity protected are covered in depth in A23,3-14 
with extra provisions to increase the computed deflections for the structure. 

Note that the resistance of all other elements in the brace bay is to be designed to be sufficient to resist 
the capacity design forces (or possibly limited to the forces computed using RyR, = 1.3). We do not limit the 
connection forces on elements connecting to the foundation weight as these elements are subject to rapid 
loading and impact that will put loads on the brace exceeding the static dead load weight of the footing. 

We use the RyR, = 2.0 for the foundation bailout on Ry = 1.5 to Ry = 3.0 brace bays. However, there 
does seem to be a misconception that you can extend this bailout backward and design the connection 
between the brace bay and the footing and even some other parts of the brace bay for the “weight” of the 
footing. After all, how could the uplift force be greater than the weight of the footing? There are a variety 
of reasons that the force on the anchor rods is greater than the weight of the footing, including: 

© The weight of the footing assumes that the slab on grade will not try to arch and hold down the 
footing. 

¢ The static weight of the footing alone does not take account of impact loading — a single-storey 
brace bay is cycling at 0.1 sec so we get only 0.025sec from neutral to full tension. The “dynamic” 
weight of the footing will be considerably higher than the static weight resulting in impact factors 
that will be ignored by using just the static weight of the footing. 

¢ The weight of the footing alone does not take account of possible weight added over footing due 
to storage or having the footing depressed with greater overburden etc. 

* The weight of the footing alone does not take account of the side friction or bottom suction on the 
footing. This is soil dependent but to ignore it is not appropmate. 


of 
3 


It would not be inappropriate to add a note to the S16 commentary (and possibly NBCC commentary) 
to state that while the brace bay foundation could be reduced in some circumstances to RyRy = 2.0 itis 
not appropriate to reduce the capacity of anchorage and other parts of the brace bay to match the static 
weight of the footing. 


footin 


set refer to rs bn Racine = limiting forces are Should not be 
our capacity esign approach and use limiting or “bailout’ COde gives 
cease aaa several places in the steel and concrete Standard Orces, "2 opportunity tg 
ang forces are prescribed. For $16 Clause 27.1.2 tells us that - Well as in the Buiva 
jin sponding £0 RaRo =13 acting on the Structure. This Provis) desi 
corres reas of connection detailing (especially in moment frame 'S Only require once those 
outs are an interesting problem. Basically they come ) and in Cantilever i in 
from capacity design can be huge and are May be mae Pen You say 
me point the Code says it 1s acceptable to cut off the forces = ID Xcess of the “elastig» 
Sorc (see Clause 4.1.8.15(7) bailout at RyR, = 1.3 provided the refes na Set has been 
vermit this bailout. eS 
From the standpoint of footing uplift in short period buildings, w . 
ction of a second, something that does not get appreciated :, “ane TYIO8 to pick i 
a pe uplift of 268kN requires a footing of about ae Rice analysis, ae —— 
aad 3,25m x 3.25m x 900mm deep with 300mm of soil overburden x 
Ks be picked up in 0.025 seconds (period of building divided by 4) wi 
than its 268KN of dead weight. 


The uplifts 


iS not going 
More resistance 


EXAMPLE— oETERM FOUNDATION FORCES 
ine the foundation forces on the sample brace bay footi ; 
Bit The brace bay is shown in Figure 15.25 along wth te onesuee a a ; 
compression brace can carry G or Cc ee The RgR, = 2.0 forces are oman = 0 conditions the 
be used for foundation design. If it is decided to tie down the footing using Rileain ee sar 
footings together using a grade beam then RuRo = | forces should be used Note thatthe fore one ant 
bay at RyRy = 2.0 cannot be computed by just multiplying by the ratio of RR, value falta hae nae 
was calculated on divided by the rocking RyR, of 2.0 force 
Forces on brace bay at RyRy = 2.0: (Dead and live or snow loads need to be added to this.) 


Dead = 45 KN 
Ue 


Capacity design forces applied to the brace bry. The 
post buckling capacity C’, of the compression brace 
1s used as this “helps” the cemer colum less. The 
teanion brace m camying 2 horimatl bad of 
40GKN-117KN = 289 EN 


LI 7KN “SEN -117KN +45EN 
*22kN +22KN+289KN 
=184 kN =239 KN 


Figure 15.25. Brace bay with RgR, = 2.0 foundation bailout forces applied 

At im 
The uplift force of 244KN is considerable and represents 244kN / 23.5kN/m? = 11m? of concrete. | 
deep this is 3.3m x 3.3m and some designers will ¢ 
the design of the foundation you decided to go to fe 
= 1.0 forces on the brace bay for designing the footing u 
Sipate energy. 


hose to replace tis with tie-down anchors. OES 
-downs, then it would then 
plift as the system cannot stamp 


necessary to use RuR, 
~ around and dis- 
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15.22 PROTECTED ZONES 


Protected zones were introduced in $16-09 as a way of preventing the introduction of 

ers on the yielding elements that will lead to their premature failure. Clause 27.1.9 tells us 
allowed to have connections to the protected zone, including mechanical fasteners for deck of Bre Tog 
and the drilling or cutting of holes in the protected zone is also not permitted. The Protected an 
be shown on both the structural drawings and reflected in the shop drawings. The protected Zone must 
in the clauses for each system. For moderately ductile concentrically braced frames the p Biven 
given in Clause 27.5.6 and requires that both the brace and any elements that connect the be Z0Ne jg 
or columns be designated as protected zones. t0 beams 


15.23 REDUCING THE NUMBER OF BRACE BAYS 


One factor that becomes apparent, especially if the braces are lightly loaded, is that a more efficient des; 
can be achieved by reducing the number of brace bays, thus increasing the force on each brace ba design 
this will produce a saving in the brace bays, it requires that more provisions be made to have Pa Whi 
forces travel farther before they reach brace bays. In our sample problem there is only one brace foe 
side of the building so reduction of the number of brace bays is not an option. cach 


15.24 TENSION-ONLY BRACING SYSTEMS 


One solution to reducing the connection forces that have to be accommodated is to use a tension-only 
bracing system and reduce the size of the brace members to the point where their tension capacity is the 
controlling factor. The difference between a tension-only system and a tension-compression system js that 
when the load on the brace bay under the RgR, = 3.9 forces and the notional loads are distributed to the 
braces for sizing the brace, all the force goes to tension elements while in tension-compression systems 
it is divided equally between tension and compression elements and the braces must be sized to carry the 
compression Joads as shown in Figure 15.26. 


Forces used for smunal sizing of 
members in tension only system shown 
at left The compression brace is 
assigned no load when domg the mutial 
sizing The tension brace 1s sized only 
on mumimum kL/r and area required for 
tension 


Forces used for wmitial sizing of 
members im tension -compression 
system shown at Jeft. The tension and 
compression brace is assigned the same 
load when doing the imutial sizing 
Both braces are sized for both tension 


and compression. 


Teauon compression system 


Figure 15.26. Comparison of tension-only and tension-compression systems 


Slendemess of the brace members is still limited by satisfying of 27.5.3.2 that limits the value of kL/r to 
be less than 200 for Ry = 3 braces but when using one- and two-storey tension-only Ry = 2 braces, Clause 
27.63.1 allows us to reduce the kL/r value to 300. The minimum kL/r requirement in tension-only systems 


LE—DESIGN A TENSION-ONLY BRACE 
ingle-storey brace designed earlier as tension ¢ 


ie our 5! . ; OMPresg; : 
10K oa-onlY brace. The brace a height is 3.5m and the overai ates! design as an Ry=3 
eae is carrying a factored seismic shear of 208kN an, “pes 157.0m with fick tH) 
tric solution: With a brace length of 4.95m the minimum ragj Nal load of SN Melined 


ae 4.7mm. The tension load in the brace is 216kN/ 0.707 = rt that jg ACeptable 
2 = —~ as € Is 4059 


r 


Figure 1527. Tension load in the brace 


Using the column capacity tables (green pages) of the CISC H, 


has a tension capacity 413KN and a radius of gyration of 28.8mm, » WE See that an Hgs 76x76x4.8 


Check KLir: KL/r = 1.0x4950/28.8 = 172 (OK <200) 
Check bit: b/t = (76-4 4.8)/48=119 


(It might have been suggested that we use an HSS 64x64x48 as this has a 


Sots ; ty 
kLir ratio for this section is 210 which exceeds the maximum of 200) + Of 334KN unfortunately the 


Maximum permitted (Clause 27 53.2): 

At KL/r = 100 get 17.6 

AtKL/r = 200 get 22.4 

Linear interpolate for KL/r = 172 get max b/t = 21.1 OK (bit of 11.9is less than this) 


Computing brace capacities and factored resistances, we get the data shown in Table 15.6. 


Table 15.6. Brace capacities and factored resistances 


Condition 
Factored Tension Resistance 
Factored Compression Resistance 
Probable tension resistance 
Probable compression resistance 


Lesser of. ; 
C,/@ computed with RF, 
or O.2AR,Fy 


Probable Post Buckling Compression 
Resistance 


: : i is ustraed in Figure 
ie now put these forces on the brace bay and determine the overstrength, this isi 


——— 
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Capacity design forces applied to 
post buckling capacity C”, of the compressic’, ee 
is used as this “helps” the center colume SION brace 
tension brace ts carrying T, less. The 
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Figure 15.28. Free body diagram of brace bay with 
brace members carrying their capacity design forces 


Effective overstrength of brace = 497KN / 208kN = 2.39 
With this bracing scheme the capacity design force for diaphragm design would be 497 


siderably less than the 748kN with the tension-compression system. The resulting 
in Figure 15.29. 


KN which is con. 
member size jg shown 


Ceatral Column 
HSS 127x127x80 

Avual = (603 KN-81 KN)*0 707 
Avual=370 KN 


Brace Members = HSS 76x76x4 8 
Consect for 
T, = 603 KN 
C= 100 EN 


Figure 15.29. Selected brace members RgR, = 3.9 tension-only system 


The probable tension capacity of 603KN in the tension-only brace is considerably more efficient than the 
probable capacity of 823kN found for the tension-compression system. For braces with the low forces 
found on many single-storey buildings, using a tension-only system will reduce the design shears on the 
roof diaphragm. Many engineers believe that a tension-only bracing system is less ductile than a tension- 
compression system, in part due to the smaller sizes and resulting earlier onset of brace buckling in the 
tension-only system. 


15.25 THE CROSS BRACED SYSTEM 


The cross braced bay has the advantage that under lateral loading the tension diagonal can provide lateral 
restraint to the compression diagonal and increase the load at which buckling of the compression diagonal 
occurs. Using the complete length of the diagonal, the value of K of the compression brace supported at 
the midpoint by a tension diagonal is shown by analysis to be 0.5. For further discussion of the effective 
length of compression braces of cross-braced cranes, see the two AISC references given. 


15.26 CONFIGURATIONS OF TENSION-ONLY BRACE BAYS 


Figure 15.30 shows two alternatives for tension-only brace configurations, The alternative selected will 
depend partly on architectural constrai ots, while it is possible to place a doorway in the option at the left 
(Figure 15,30a); the option at the right (Figure 15.30b) uses only half the wall length, The cross-braced 


option showa in Figure 15.30b will interfere with doors, windows and in wall services such as plumbing 
lines in only one bay, 


45.27 


if the bractt 
to be dest gn 
compression 
ratio is be 
Jateral loa 
design earthqua 
compression 
can be referre 
tensiol : 
Brace bays using 
buildings, but it ts 


other 


analy 
before the onset 0 


Brace configuration 


Tension-Compres- 
sion 


Tension Only 


Cross Braced (Two 
phase) 


RoR, = 1.3 Maximum 


») K for diagonals=1.0 


braces, 


©) K for 
a) 


Figure 15.30. Two alternatives for te 


TWO-PHASE BRACING 


g system is designed as tension only, then there will ofte 
ed for. However it may be possible to design a tension 
brace for low-level earthquakes and wind. If brace 
jow 200, then the compression capacity of the brace syst 
ds, even if the compression capacity of the brace is not 
ke. Braces that are designed to resist minor but 
while resisting larger forces such as the d 
d to as two-phase braces. It should be noted 
n-only concentrically braced frames to carry any percent 
g rods that act almost exclusively in tension have been used 
beneficial to have some compression capacity in the brace system such that wind ms 
routine occurrences will cause buckling and resulting lateral movement of the brace ree 

‘An example where a two-phase cross brace is analyzed is shown in Figure 15.31. The brace-bay is 
zed as tension only but the configuration of the brace allows it to take a reasonable horizontal load 
f buckling of the compression brace, 


Table 15.8. Resulting brace configuration 


Tension Connection 
Force (T,) 
HSS 102x102 X 4.8 ma | 


pss Teves | 605K 


HSS 64x64x4.8 


COMPTESHION diagonal up 5 
b) 
ASion-only braces 


be economies in 
only system that 
SIZe can be selec 


terms of the forces 
Works as a tension. 
ted so that the KL 
em can be counted onto resist minoy 
Sufficient to resist the full force of the 
More frequent lateral forces as tension. 
lesign earthquake as tension-only braces, 


that there i$ NO requirement in the Code for 


g¢ of their load by compression diagonals, 
successfully in many light 


Figure 15.31. Resulting member sizes and connection forces in two-phase cross brace 


Resulting Ry = 3.0 R, = 1.3 Systems designed for 208KN, are shown in Table 15.7. 


UW 


wADIAN puiLDinas 


O-LEVEL BRACE SYSTEM 


cA 
grevett gat greet rom 


45.26 DESIGN OF ATW 
returning 10 our original problem from 
15.32. 


34 


Figure 15.32. Forcesona two-level brace 
i ifts. Jumns must be designed for the capacity dec: 

ba can be designed as two separate lifts The co pacity x 

The brace bay | the braces yielding at the same time. A method that was once proposed for reducing 4 
Should be 


ali 
— het ree-storey of taller brace bays has now lost favour, The braces for the lower floor 
as strong as o stronger than the braces of the floor above. However, it is not necessary to have the lower. 


storey brace bay have the factored resistance equal to the seismic forces plus the capacity design forces 


from the upper floor, 
The design sequence is similar to that for a single-storey brace: 
a) Find the design forces on the brace bay at each level, including the effect of eccentricity and 
notional loads, 
b) Size the brace elements for the forces in (a), keeping in mind restrictions on kL/4 and b/t, 


¢) Determine the probable connection forces C,, C’,, and T,. 
d) Put the probable connection forces in the frame as we did for the single-storey brace and design 


columns and foundations. 


15.29 VERIFYING THAT THE SEISMIC SYSTEM 
SATISFIES CODE REQUIREMENTS 


desi, i ismi t 
a be) aeons. on using an Rg value of 1.5 
ul ‘ode Tui ©4189 sh ilding: 
British Coles 12 ows that buildings hav; 
4) using Conventional Construction" es pas pees it a f 15m tal a 
mum of 15m tail. 


Chapter 14, we have the forces om the race as showy ig 


SEISMIC DESIGN GF CONCENTRIC 
ALLY BRActD pp 
ames JIS 


. j iidings have a SRFS w; 
yires that post-disaster bui dings hav with an R, of 2 
4.1810 101” 4.1.8.9 shows that buildings having IF,S,(0 ete Dor greater 
oO aaa 1 SRFS not def : 5" greater (most 
* puilding “jumbia) using “other stec! S*'® ined above” (i... they don't even meet the 
° of pritish ae “Conventional Constmiction ) are not permitted. 
ape 1 the adjacent elements to the seismic resisting element to transfer all loads into the 
nce a4 cluding shear Jugs, drag struts and oes us Sepports for the seismic element mast be 
gers ement a = capacity design loads from the seismic element. This includes appropriate detailing 
wF to resist ements and connections to the foundation. 
des! / foundation pen wl “pailout” values of a force corresponding to R,R, = 13.7} ‘ a 
caution je faidure modes in the case of seismic events greater than the code specified : ; 
310 yndesirab lief of many engineers, the code-specified earthquake is not the maximum y 
Contra1Y to the om » site. Instead, the code-specified earthquake has a 2% probability of being exceeded 
pat can OCCU Bears. There is also a considerable variation in the seismic loading 
t e next cite exception of Ry = 1.5 systems the detailing requirements for any seismic system is 
s now working with capacity design to make sure the elements that are intended 
t failure of adjacent elements in the load path. The designer must also work to 


mplex- eC designer 
(ot i i wi , « rs 
to yield wil e yielding element can indeed yield over several cycles without degradi . ate 
re that j standard were a lot simpler to follow but now it is necessary to develop 
Clause basis. An example 


make SU in the stee 
arene being used by going through the Code on a clause-by. 


00 the system 
hecklist is shown In Table 15.8. 


of such ao 

Je 15.8. Checklist for Ry = 3 R, = 1.3 concentrically braced bays under $16 
mee TENSION ONLY SYSTEM with HSS Brace Members Higher Seismic Zone 
[7th ea Minimum seismic forces calculated in accordance with NBCC 418 


[72a Capacity design including diaphragm and collector elements. 
[ms All elements in load path shown on structural drawings 
[ma Non-seismic elements able to carry load in deflected position 
[miss | Steel G40.20 / G40.21 or ASTM A992 Fy<=350MPa NO ASTM A500 
27153 Welds of primary elements of seismic system to have filler material with 
Charpy impact test value of 27J at -30deg C (Call up in general notes 
and brace bay notes) 
271.6 Bolted assembly have pre-tensioned bolts. (Call up in notes on draw- ve 
ings) 
271.6 Bolted assembly use clean mill scale or better on contact surface (Call 
up on drawings) 


No long slot holes for bolted connections 
Short siot bolt \holes only if perpendicular to load. 


Ege Two bolt diameter clear at end of bolt if bearing load >0.75Br 


Use R,F, for yield stress R)F, =385MPa for G40.2) 350W and 300W 


Define “Protected zones” and show on drawings 
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TENSION ONLY SYSTEM with HSS Brace Members Higher Seismic Zone 
Ss 


27532 | For KL/r <=100; Rect. and sq. HSS b/t<17.6 Round HSS b/t<28.6 
For KL/r <=200: HSS to be Class 1 


Minimize eccentricity in connecting elements 


Connect for AgR,F, in tension bailout at Rg Ry =1.3 on system 
Provide rotation capacity in connection. 


Columns continuous over min 2 storeys in multi-storey and constant 


cross-section. 


15.30 RELAXATIONS FOR Rg = 2.0 LD (LIMITED DUCTILITY) 
CONCENTRICALLY BRACED FRAMES (CLAUSE 27.6) 


Before the arrival of $16-01, many designers of low-rise steel buildings used R = 2 nominally ductj 

systems as the detailing requirements were less, and for many low-rise buildings, the use at a : 
ductile system was of no benefit as capacity design led to designing for similar loads as the less ei 
system. With $16-01(ROS) detailing the less ductile Ry = 2 system requires meeting all the criteria of ‘. 
moderately ductile system with relaxations provided in Clause 27.6. This is illustrated in the Rowchan 


in Figure 15.33. 


Satisfy the general requirements of 
Clause 27,1 


Detailing according to MD 
(Re = 3.0) concentrically 
Braced frame 


Relaxations under 
Clause 27.6 for LD 
Concentric braces 

(Ra =2.0) 


Figure 15.33. Flowchart for brace bay design 


SEISMIC Desi, 
DESIGN Op CONCENTRIC, 
LLY py 
ACY 


x seful to the desi 
ns ma’ not be very use’ > the designers of 
rhe las pete ¢,(0.2)>0.35, the following are the only bias 
for are tem. r 
-2sy$ -cally braced tension-co lan es D gi 
Ra* oncentrically © : Mpression w Ring to, 
A) Fore a) The maximum height of an Ry =2 concent 8 10 as, 
instead of 40m in the Ry =3 system (27.6 24 Ny braceg frame can 
There is no item b. 2) be 60m \n height 
oncentrically braced frames with tension only braci 
p) For a) The maximum height of an Rd=2¢ sated Systems and Hs . 
60m instead of 40m in the Rd = 3 system (27 Pr ension. fie =: 
b) Inone- and two-storey structures only the tensio a one 
of a maximum of 200 in the Rd =3 system, m brace can 80 1 akLr of 399; 
c) When the brace slendemess exceeds 200 we no longer have instead 
ve imits on bit for 
the braces, 


ioners will find that relaxations are of little assist di 


D Fivure 37 
NS buildings j 


ations that fe ha Seismic regions 
Wi * 


45.31 INTRODUCING A FUSE IN THE BRACE 


After R. ApFy connection design and capacity design principles became 

. i ing fuses in the brace such : 
signers conceived of placing ‘ such that the force in the ay 
raat schemes were examined from cutting holes in the brace to cutting tthe eae 
with an area such as plates or angles that have lower axial resistance. Several Practising especie 
ers and several researchers suggested possible fuses and, in 1999, a series of cyclic eeakees ign- 
were performed at Montreal’s Ecole Polytechnique and Vancouver’ emes 


y $ University of British Columbi: 
results of these tests were not encouraging. The fuses all failed prematurely with a local failure an 


some were able to survive a few cycles. None of them illustrated the stable cyclic load-carrying capacity 
behaviour that we are looking for in our seismic force resisting systems. Designers who are very anxious 
to use brace fuses in their designs would be better off using buckling restrained braces. If you are deter- 
mined to use a brace fuse, then it should be full scale tested to demonstrate stable cyclic behaviour. 


in brace bay design, sev- 


45.32 CHEVRON BRACE FRAMES 


Chevron brace bays are concentrically braced frames that have a configuration that allows for doors 
through part of the bay width but there are additional requirements that must be met particularly for the 
beam. Braces can be attached to the beam either from above or below but the most typical is to have the 
braces intersect the beam from below. This configuration is shown in figure 1534. 


Figure 15.34. Chevron-braced system with 
braces intersecting the beam from below 
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TER 16 


HAP 
: siSMIC DESIGN OF MOMENT FR AMES 


i i t be satisfied for the m : 
has various requirements that mus ot ductilg 
‘ a oer’ by Clause 27.5), as follows: Chevioy 


between the columns. 
hout eccentricity in the middle half of the beam. 


ing a class 1 beam, especially in structures that are | 
° There 5 = aeue tind a reduction in the tensile brace force to 0.6T,,. 3s than four 
2s ae ve top and bottom flange bracing at the point where the chevron braces 


‘ oned for 0.02 times the beam flange yield force. 
The brace shall be designe 
© The forces to be considered as acting on the beam where the braces are connected from belo 


The chevron bra cs 
brace (Ru=3 chevron ces 
. ene must be continuous © 
« The braces must connect wit 


are shown in figure 15.35 and under these forces there is no vertical support considered from the 


braces. at occurs in the beam under seismic loading should also be consj dered | 
in 


° ect of axial load th : oat : 
jae with the moments from both gravity and seismic actions. 


tension force less than Tu is us ! tob 
moment equal to R,M, at the brace connection point in the beam. Don’t forget to include any axial 


Joad in the beam in the column connection force and show “pass through forces” where n, ecessary 
D+0.258 If Roof Beam 


D+0.L ifloor beam 
Det if storage floor beam 


Dont forget axial forces 
design in beam 
Dont forget pass through 
connection design forces in 


Can reduce Tu to 0.6Tu 
if 4 stories or less and 
Class f beam has been 


Provide for vertical connection of forces shown but if 
using less than Tu for brace design must design eng 
connection for gravity loads plus Ry times nominal 
Cc moment restance of beam at chevron brace 

U connection point. The yielding mechanism becomes 
a moment yiiding of the beam and must design the 
end connection to reist this moment yielding in the 
beam plus the gravity loads on the beam. 


Brace top and bottom 
flanges of beam at 
chewon brace 


Figure 15.35. Free body diagram of a chevron brace beam 


There are additional requirements if the braces connect to the beam from above and there are some 
reductions in requirements if the brace is an Rg=2.0 chevron brace particularly if the short period spectral 
acceleration (I¢F,S,(0.2)) is less than 0.35, 


15.33 DUCTILE BUCKLING RESTRAINED BRACED 
FRAMES ~- CLAUSE 27.8 (Ry = 4.0 Ro = 1.2) 


Provisions for buckling restrained braces were introduced into $16-09. They have been successfully used 
On projects in Canada. Buckling restrained braces involve placing a steel tension-compression element 
see aa prevents buckling. The sleeve is separated from the axial carrying element such that it 
cipate in the axial forces but gi i i i 
etait Saree gives system good capacity and stable hysteresis loops in both 


a» 


° to-column connection forces can be determined using the free body diagram below bur; 
Beam-to-colu ed the beam needs to be class 1 with the forces increased to beh 
a 


‘ o chapters have emphasized the philosophy of seismic dec: 
The PRE se ‘csemetea for an engineer working on a: beildiags hate how 
seismic (ers have covered seismic loading, diaphragms, and brace bay desi 'SMUC regions of Canada. 
dures. This chapter will cover moment frames, which are also detent 3 
roe design, but before we get there we will study “conventional construction * T 
capacity design, conventional construction may be an appropriate way = design 
some industrial 


structu res. 


16.1 MOMENT FRAMES 


ent frames are often used where it is desired to have an open space unin 

pate Prior the January 17, 1994, Northridge Earthquake moment yao eas pape hes 
system in the United States, including the most seismically active regions of California and Alaska 

Unfortunately the Northridge Earthquake exposed that welding of the beam-column connection Sold 
often be the weak link in the seismic system. In the years since 1994, there has been an extensive test- 
ing and analysis program carried out through the Federal Emergency Management Agency (FEMA) and 
through the uni versities to try to establish methods of constructing moment frames such that failures will 
not occur again. The Northridge Earthquake occurred after $16.1-94 was finalized and the problems in 
moment-frame connections and solutions to those problems were not incorporated in that edition of the 
Code. Subsequent to the Northridge Earthquake editions of both Canadian and American codes embraced 
stringent seismic requirements for moment frames and the detailing of moment frames became challeng- 
ing and these requirements continue to be reflected in $16. Ductile and limited ductile moment resisting 
frames have two joints that have demonstrated ductility in physical testing. This is a lengthy and expensive 
process that would be beyond consideration for most projects and the available test data from FEMA has 
generally covered columns of 350mm or less which are difficult to use with Canadian dnift limitations. The 
use of column sections of 350mm or less will result in very thick column flanges when satisfying strong- 
columa/weak-beam criteria and drift limitations. Thick column flanges require very careful detailing and 
extensive field inspection to protect against lamellar tearing at the beam-column connection. Moment 
resisting frames with limited ductility (Ry = 2) are ideal for elements in large glass storefronts and in 
other low-rise buildings, and nominally ductile moment frames are now permitted in higher seismic Tisk 
zones provided they are less than 30m high. The flowchart of the $16 moment-frame options along with 


the rotational requirements of the joint are shown in Figure 16.1. 

_ The detailing of moment-frame connections for seismic loads is a. complex task that involves 
Ing a series of restrictions. CISC has produced a manual, Moment Connections for Seismic Applications 
Which is an essential reference for the restrictions of each moment-frame connection system. These restnic- 
ons are a result of ongoing research and testing. During the production Che a 
Buide was rewritten using research that included the AISC work on yield line anaylsis of 
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connections. When doing moment-frame design, refer to the most current edition 
frame guide, which at the time of writing is the 2nd (2015). 


Steel Seismic systems 


Of the Cisc tom 


Figure 16.1. Flowchart of the S16 moment-frame options 
along with the rotational requirements of the joint 


16.2 CHANGES TO MOMENT-FRAME DESIGN 
FOLLOWING THE NORTHRIDGE EARTHQUAKE 


In 1994, the design community in California was surprised to find extensive da 
frames had occurred during the Northridge earthquake. Of particular concem Ww: 
and near the beam-to-column welds. An extensive laboratory-testing program 
ures of beam-column joints and American seismic codes reacted quickly to introd 
that would address the observed problems. The methods of addressing the falame 
welds were to make certain that the weak link in the frame was not the beam. 
These methods fell into two camps. The first was to increase the strengt 
the column, a process that involved the addition of bolted or welded plat 
strengthening methods are copyrighted and royalties must be paid 
of eliminating the beam-column weld as the weak element was tod 
smooth semi-circular shapes out of the flanges of the b 
somewhat artless descriptive of “dogboning” the beam 
decreases sharply near the column, it is possible to 
without serious effect on the dead and live 
beam near the column gives a predefined area 
and acts as a protecting fuse to mC 
reduced beam section (RBS) 
are given later in this chapter 
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Figure 2-2 Interstory Drift Angle 


Figure 2-2 illustrates the interstory drift angle, for a frame with fully 
restrained (FR) connections and rigid panel zones. Prior to lateral deformation, 
the beam and colann are joined at right angles to each other. Under elastic 

the column and beam will remain joined at right angles and the 
beam will rotate in double curvature between the two columns. The interstory 
drift angle is measured as the angle between the undeformed vertical axis of the 
column and the deformed axis of the column at the center of the beam-column 
joint. For the idealized FR frame with rigid panel zones, shown in the figure, this 
same angle will exist between the undeformed horizonsal axis of the beam and the 
deformed axis of the beam, at the beam-column connection. In FEMA-273, this 
angle is termed the chord angie and is used as the parameter for determining 
beam-column connection performance, However, for frames with panel zones 
that are not rigid, frames with partially restrained connections, or frames that 
exhibit plasticity at the connection, the chord angle of the beam will not be 
identical to the interstory drift angle. For such frames, the interstory drift angle, 
reduced for the effects of axial column elongation, is a better measure of the total 
impased rotation on all elements of the connection, including panel zones and 
connection elements, and is used as the basis of these Recommended Criteria. 


Figure 16.4. Interstorey drift angle 
Source: FEMA 350 


To satisfy the drift limitation requirements, it is necessary to provide a beam-column joint that exactly 
matches a tested beam-column joint that has been shown to give the desired inter-storey drift angle. S16 
includes Annex J “Ductile moment resisting Connections,” which refers the user to several sources of 
tested joints, including the CISC publication Moment Connections for Seismic Applications. 
Several tests have been performed to establish tested assemblies but up until recently most have 
—— columns of depth less than 350mm (W360). This leads to the following issues: 
Having a strong column weak beam is more difficult to achieve as typical moment-frame beams 
in buildings (which also have to resist dead and live loads) will be deeper than 350mm. 
* Trying to increase the moment capacity of the column to exceed the capacity of the beams will 
often result in very thick column flanges and these are more prone to welding problems. 
* The 350mm deep column is difficult to make the Canadian drift limitations work. 


Fortunately there is now some test data that shows very favourable results for moment ors 
W610 beams (See Ricles, Zhang, Lu, and Fisher in the References section at the back of this 


16.4 STRONG COLUMN, WEAK BEAMS 


Central to the philosophy of considering the effect af yielding members on the column FASS al 
strong beam-weak column behaviour and soft storeys. Figure 16.5 is reproduced from 
CAN/CSA A233, and illustrates the problem with soft storeys. 


Figure 16.5. Hinge plese for desirable seismic 
Source: CANICSA A243 
77.23.2 af the steel standard also requires that the col 
this clause will often be to increase the ‘Size of columns, * be stooge han beams. The ete of 
To examine some of the detailing issues of steel 

that we developed the forces for in Chapter 14 and we will 
cally braced frame to a Limited ductility moment resisting 

Cs Figure 16.6. 


ee | 
= | 


x ee 166. Forces for Sample moment frame 
beac eames for Limited ductili 
tat Yer Or any other location where 


selsmic behaviony 


il take the 
Convert it from an Rew 3.9 eee ft 
— 


a] 


ity Ry=2 0) moment frames in a higher seismic risk area sech 
the short period spectral acceleration ratio is greater than 0.55 


it to 3 
. cs and ae 10 height when IgF,S,(0.2) 20.75 and to limit to 60m when IgF,S,(0.2) is between 


Th 
; e = bec ear a is 4 limit on height when IgF,S,(0.2) is less than 035 
. be 
en IeF.S ow 1 and I-shaped. (This eliminates HSS columns in moment frames.) 
1 ments, of 27 Lh pn than 0.55 we must satisfy the “Strong column weak beam” 
*Polied to the column. 2 but can use the beam plastic moment when computing the moments 


* My = Fy*Z (No @, No R, for Ry = 2.0 frames). 


SS SS 


324 


* Must not have a “weak storey.” The storey shear resistance must 


© Check that the joint panel shear is not exceeded in the same wa 


« Beam-column connections are given in Clause 27.4.4 and Tequire 


* For the beam flange to column flange connection, use complete 
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be at least as 
Breay 
ground floor has a 8 thet sh, 
BrAtES Aone 
Mo. 


Y Os duct 
add web stiffeners if the column web shear capacity is exceeded and add = nomen fram, 
is insufficient strength. As web stiffeners require a lot of cutting and wel dine i t ha 
efficient to use a column section that has a thicker web to start with. Bt may be my = 


resistance of the floor above. This might be a challenge if the 
floor depth than the floor above. 


requirements: 
» Develop a ductile moment connection having a minimum drift angle of 0 
determination of drift angles for various moment connections requires ref 02 Medians, Thy 
and pre-qualified joints. See the references listed in Commentary J bat CTENCE 10 test dane 
publication Moment Connections for Seismic Applications. Start With the Cise 
>» Beam-column connections to develop a moment of at least 1.1 My, which j 
to be satisfied by welding the beam flanges and webs directly to the cot ich ig cong: 
complete penetration groove welds with electrodes Matching the column iad ea Using 
300W and 350W material would mean using weld material with an ultimate tengj Geel. Roy 
of 490 MPa (EA9XX electrodes). Note that both the beam web and the bec SAH 
connected with complete penetration welds. A beam-column connection in which are 
were welded with fillet welds or the beam web was connected with a bolted the flanges 
not satisfy this requirement. Connection woalg 
> Develop the moments equal to the gravity load moment combined with the Seismic | 
multiplied by 2.0 provided the “controlling limit state is ductile” which would bring you im 
to one of the recognized moment connections in the references of Commentary J inclnding 
the CISC publication Moment Connections for Seismic Applications. 


penetration welds (no partial 


One of the following there 


penetration welds or fillet welds). 


+ Top flange backing bars and run-off tabs may remain provided they are continuously welded tp 


the column flange on the edge below the complete joint penetration groove weld, 


¢ Remove bottom flange backing bar and weld run off tabs and repair with a fillet weld. 
* In singie-storey frames, the beams frame over columns. In ail other cases, the beams frame into 


the side of the column. 


Probably the most common way to determine the forces in moment frames prior to doing capacity design 
is to use a frame analysis program and compute the forces. Some of these programs will have programs 
that do automatic design of stee] members but the user should exercise extreme caution in such cases, a 
the resulting designs will seldom meet seismic design requirements. 


The major problems include the following: 

* The programs will often introduce different columns in one lift as opposed to making the column 
continuous over the maximum length to eliminate costly column splices. ie 

* The programs that do automatic design of steel structures will seldom check the column 
forces derived from yielding of the beam. " 6 e 

¢ Many moment frames will be drift controlled (making moment frames satisfy the drift 
will often produce member sizes that make it pointless to detail to requirements ep 
Limited Ductility Ry = 2.0). Most automated design programs concentrate on oe “ 
size to meet strength requirements not drift limitations. When calculating drift valtiplying OY 
should be multiplied by (RgR,/Ig) and should be increased for P-Delta cone ana tied 

the U; factor which is increased in accordance to 27.1.8 to account for seismuc 

to a maximum of 1.4. 


1), are shown in Figure 16.7. ‘The ¢, 
2 1 204 fo column size of W360 has been rade shown in Fj re 16. Rg 
ram column size. $0 88 many of 78 meet 
lad Jobate ec tt 
he thy 
wees * . 


— 


e 
a) db) 
Figure 16.7. Sizes resulting from analysis of the frame 
Deffected shape is shown in Figure 16.8. 


iQ i 


a) b) 
Figure 16.8. a) Resulting shear, b) Moment diagram 
Eammining the results for the 


Sa shear of 575) 
KN. 
faves og the column, ~ 


Wettx149 
Me 


middle beam, we find that the beam has a factored moment of 1277kNm 
Ver we must push it to its plastic moment and examine the effect of these 


= Plastic Beam moment 


=F,*Z(No ©,No R, for Ry = 2.0 frames) 
= 345,000kN/m? * 4150 x 10-5 = 1432kNm 


’ 
‘ _— Figure 16.9 shows ont — 
4 Sizes resulting from analysis of this frame, including meeting the strength peer MORE also be included y the seismic forces but the 1,0D + 0.5L that corresponds to this solantic 
tance drift limit requirements of 0.02hs (evaluated using an elastic structure forces 


———S 
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Figure 16.9. Isolating the beam with yield forces at each end 


We now have to check that the column has the capacity to resist the beam 


ituti for 1.1RyM,, in our Ry = 2 Moments. This isd 
Clause 27.2.3.2 substituting M,, for 1 .1RyMy. a= 2 moment frame one 


ny 


M,, = Nominal Plastic moment resistance of column. (4260 * 345,000 = 1470kNm) 


f 


wrssstom. (1-2 )com 


C, = Axial capacity at yield stress: 27,600 * 345,000 = 9522kN 


C; = Axial load on column including the seismic shears from the 


3 ! beams when they reach their 
plastic moments. 


In our case this comes to: 


x M', = 1431kNm + 715(0.380) = 1703kNm 


The moment resistance where the beam meets the column is derived fr 


‘om the moment resistance of the 
column above the beam and the column below the beam. 


M'=1414kNm <0.9*1470KN =1323kNm 


YM) =2*1323kNm = 2646kNm 


This must be compared to the moment that the beam is exerting: 
In our case assuming the hinge is 200mm from the column face we get: 


mM, =} (He1+71902+8) 
z M23 (Marvs(a+) 


x M',.=1431kNm +715(0.380) =1703kNm 
nd 
tof 1703kNm a 

Our column resistance to moment is 2646kNm which exceeds the exerted momen! ¢ 
therefore produces a satisfactory result. 4 late dog-bone) wo 

We would now go on to selecting a ductile moment conzection Learer we : stiffeners and 
go through the detailing requirements for that system and look at the need for 
doubler plates in the column. 


SE 
tSMIc DESIGN OF Mome; 
NT FRAMES 
sowing should be noted about the foregoing discus 
rd 


sion: 
now requires that we not only bring the 


the fo 


“ode ‘ 5 beam up to yi 
) phe rad where My, is F,Z. For Ry = 2.0 moment frnnas Fd Yield but “ 
1.1Ry™'o® Unere there are beams framing in on both sides wit rhs, from 1 1p.) 880 for 


"s col = column weak beam requirement especial 


2 More diffieny.2. > © My 
the stron lly if columa si ifficuy i stp 


of the pre-qualified connecti 2 is ke yin 
<a i ihe! spans are longer or thi gos: PI to Legs than W360 se 
where the beam sp: ng or a 
oo mor challenges as the beam size will increase to 
o ill have to follow. ‘ 7 
reduced beam sections the maximum m, 


n face is less than 1.1R,Mp, and this ¢ 


live loads on 
the beam: 
ACCOUNt For these SAFE greater wil 
factors and the co 
size WE A umn 
hen usin 
) i the colum! 


roto circumstances the Code permits the use of 
in 
7) 


frames. In these conditions the hinging column fas 
storey beam and column are reversed in the approved beam 
roles of no such thing as a soft storey in a single-storey fram, 
sade strong column weak beam can be reduced for sin 
as 


‘oment that the 


‘an be taken advanta £40 exert on 


i colu 
BE Of in the design Wes 
hinges at the t 
ENS (0 the unders; Of columns in single. 


ide of the beam and the 
‘Mblies, 


IREMENTS FOR JOINTS IN MOMENT FRAMES 
16.5 ath REDUCED BEAM SECTIONS OR “DOGBONES? 


meats of the pre-qualified joints that use the reduced beam se 


i ction are defined in FEMA 
The es FEMA 350, the CISC manual Moment Connections for Seismic levies ate mest 
ope report for the certified joint. The designer who is Proposing to use reduced beam pa te 


wing issues: 

erheerns ee at the reduced beam section should be suffi 
computed for the centre of the reduced beam section, using th 
beam section and a stress of Phi times the yield stress. Load combinations for factored dead and 
live and factored load cases involving wind and seismic loading should be satisfied, Some of the 

certified joints want much of the load to be seismic as Opposed to dead and live load, 
2) The stiffness of the frame, including the effect of RBS Sections, should be sufficient to meet the 
drift requirements under seismic loading. To evaluate the effect of RBS on drift, use a model with 
a joint at each end of the RBS and put the inertia for the RBS in the segment between the joints. 
3) The stress in the weld where the beam flange is welded to the column flange is to be evaluated 
using a plastic modulus, Z, for only the flanges of the beam. The moment that is to be evaluated 
at the beam-column intersection is computed with the probable moment at the RBS at both ends 
of the beam (use 1.26 times the yield of the beam when evaluating the probable moment). The 
moment at the beam-column weld is the moment at the centre of the reduced beam section plus 
the shear at the reduced beam section times the distance between the centre of the reduced beam 


"ang and the weld. The maximum stress permitted for full penetration welds is F, of the base 
Material. 


cient to Satisfy the factored loads 
e Z for the section at the reduced 


(The 1.26 in the above comes from CpcRy where Cp, = (Fy + F,) / (2F,) 


in “hs Specific requirements on limiting the through thickness stress for the column flange 
of en” and Seismic forces sufficient to develop the probable moment at the RBS at each end 
Protect “op Note this item has similar effect as item (3) however, the purpose of item ) is to 
fracture - beam flange to column flange weld while item (4) is to protect from though thickness 
5 the column flange. 


€ Plastic sere; 
Plastic section Modulus at the reduced beam section may be calculated as 
Ss =Z, — bp * tee (d- ty) 


———— 
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where: Zgps = Plastic section modulus of the reduced beam section 
Z, = Plastic section modulus of the unreduced beam Section 
bp = total width of material removed from the beam flange 
t;= the thickness of the beam flange 
d= the depth of the beam 

6) The probable plastic moment at the Mpa at the centre of tl 

4 denen tiers the equation: —— beam 5 

Mop = Zens + (1.26)F,, The 1.26 factor depends on the 
Taaterial and the estimated strain hardening and 126 a, 
A992 steel. Some of the pre-qualified joints 
the reduced beam section which would ove: 


7) Check to see that strong-column-weak-beam criteri 

the probable moment in the RBSs are reached shoul 

~f,), where f, is axial stress in the column and Z, is the lastic secti a 

All comers of the RBS should be rounded to minim; : ee all al ae 

ground in the direction of the flange length until the: have ag; 1Be9 shonig 

of equal to 1,000. . face Toughness vals of ng gt 

9) The RBS should reduce 30% to 40% of the 
50% of the beam flange. If there are specific 
be used. 

10) The start of the reduced beam section (dimension “ 
@/4 where “d” is the beam depth. Again there may 
joint these should be used. 


Setion Shall hy 
Mean yiel 


applies to ASTM 20 he bea 
may require that A997 san 2 ang 
Tule the use of G49], be Used in 


i@ is met. The Moments in 


8 


hod 


beam flange though at tim 


es thi: " 
Tequirements on the pre-q call 80 28 high og 


Lalified joint these shoal 
c” in Figure 16.10) should be i 
be specific requirements on the Dre-qualifes 


Figure 16.10. General configuration of the reduced beam section 


a d. See 
11) The length of the reduced beam flange (Dimension “I”) in Figure 16.10 should be 0.75d to 
the pre-qualified joint requirements. columa 
12) The shear capacity of the beam and the bolted connection for transfer of eer oe pee 
should be capable of supporting the loads occurring in the beam span Ss ) past 
induced shear. The hinging induced shear is computed from the probable (1-26F) plastic 
occurring at the RBS at both ends of the beam. . ‘ column side 
13) Both flanges of the beams may be required to be provided with restraint — decking. Attach 
of the RBS to prevent lateral torsional buckling. Attach the top flange ufficient to develop ‘ 
lateral braces to the bottom flange. The capacity of the brace pry reduced beam! section 
of the probable (1.26F,) compression force in the flange at centre uma momen 
i i 2 i ified joint — the tests of deep-col yiour of 
This requirement varies depending on the pre-qualified joint : the post yield peba 
frames from Lehigh found that the lack of restraint was beneficial to 
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documents leaned required the brace — 

sr fg ws neil ep Sane tn, 
bs region <a ome hol mph . citi a ic deformation 
The region” ing and holes or welding attac! ts in this regi 

* cis and premature fracture. = region me 

oa 


weld connection in accordance to good post 
pas te enttion weld 

comple in g bars on bottom flange weld 

map destructive testing on every beam flange to column 


; Use sontiouit plates and web doubler plates as required by 
« Us 


Northridge earthquake procedare 


flange weld 
calculation 


END pLATE MOMENT CONNECTIONS 


166 jeving a ductile moment connection is to use end mits i 
ox to appli to Ry of 2.0 moment frames and can tnd som cee thw 
ia Figure 16.11. The rules for these frames can be found in the CISC manual Moment extended to 
Ro 30 eam. As with other seismic systems it is required to follow all the dedi ; for 
ismic APP t connection has the advantage that most of the fabrication occurs in iu 
ie seacequtved: Erection of the structure is very quick though at ti ‘lla nia 


times some 
fied wert specialized equipment to install. Of the bolts required 
can require 


Figure 16.11, Example of an end plate moment connection 


4 HORIZONTAL STIFF 
= forces ma, with moment connections are the horizontal stiffeners and the web doubler 


Melee isn flange, The column fl 


in tension. The tension force is equilibrated by the compression 
column web. The force can be quite Large (as they are Aggs * F,) and it may 
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i i ufficient, resulting in th 
the shear capacity of the column web is not s ulting in the need fo 
sl increase the shear resistance of the column web. These principles are illustrated Yertcy re 
which shows the horizontal stiffeners and doubler plates, and in a sample calculation, 0 Figune 1 


Horizontal stiffener mi 


Tequired to resist point loads 
beam top flange forces fro 


Venical stiffener may be 
ie required to transfer sheer force 


from top flange t 

flange He sto, boitoen 
Forces from beam 

Horizontal stiffener may be requi 

to resist point toads Beas eae 


Figure 16.12. Forces for sample moment ‘frame 


~DESIGN A HORIZONTAL STIFFENER IN - ; ‘see ae F 
ok A COLUM AT A MOMENT CONNECTION Figure 16.13. Beam-column intersection providing stiffness in two directions 
‘The requirement for horizontal stiffeners is due to the tensile or compressive force from the beam flan 
‘acting as a point load on the column. Under capacity design the load from the beam flange should ae 
yield load (Area of Flange * Yield stress for beam). The resistance of the column flange to these f 2 
can be determined using the requirements of $16-09 Clause 21.3. Horizontal stiffeners are torial ao 
these equations are exceeded. 


The bearing capacity opposite the compression flange: B. = ¢,,w-(t, + 101), < * 
” 

M 
The tension capacity opposite the tension flange: T, = 0.6*7¢(¢,)"F,. <Fe 
> 


The terms are defined in Clause 21.3 but the 0.6 factor in the front of the T, equation comes from Clanse 
27443, 

Under post-Northridge Earthquake design the weld between the flange of the beam and the column 
should always be a complete penetration weld but the force transmitted to the horizontal stiffener is 
reduced by the flange of the column and the weld between the horizontal stiffener and the inside face of 
the column can be a fillet weld. 

The capacity of web to resist shears from the flange forces is given in $16 Clause 27.242, The shear 
is best determined by drawing a free body diagram of the joint. In the past the yielding of the panel zone 
has been used as a seismic yielding element to act as a fuse to limit the seismic forces. Since the North 
ridge Earthquake this method of energy dissipation has somewhat lost favour. Yielding of the panel zoe 
may be disrupted by stiffeners and beam supports. The capacity of the panel zone is given as: 


pall ea 
V, =055¢d.w ah +e) <0.S6d,w'F, 


The subscript c refers to column while the b subscript refers to beam. If the shear capacity of the a 
zone is exceeded the capacity can be increased by adding doubler plates or inclined stiffener pe 

If the analysis of beam-column intersections is to be undertaken frequently it is suggested 
of the tasks be computerized. 


Figure 16.13 shows two reduced beam sections connecting to a cruciform columa providing 
frames in two directions, 


———“‘i« 


CHAPTER 17 
SEISMIC DESIGN OF 
ECCENTRICALLY BRACED FRAMES 


Eccentrically braced frames are an effective system for handling high seismic forces as they take advan. 
tage of high ductility and Ry values to reduce your forces. Of all the Seismic systems currently in $16 the 
EBF provides the highest Ry values that can be achieved in practice. Figure 17.1 shows the construction of 
a post-disaster building in Vancouver that was located on soil where the site specific spectrum gave os 
high lateral loads that could only be accommodated with using a very ductile system. 
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ure 17 Te i dina 
Fig 17.1. Eccentrically bi sone cate used ii 
po: i. r build under construction ut OM 
st-disaste! building Vancouver 
The confi tion of the EBF i but unlike the chev? mot 
gure! i can often get confused with the Spire braces 
i do not meet at a single int. eccentnel 
of the EBF deliberately po! 


the brace elements 
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rovides for a region of beam that can yield in either shear = 

its name oie mechanism is to be shear or moment and the link element ay 

decides if the sae rules in $16 to make sure that the yielding does occur in a sustained ia 
Fg are extens k element in ao EBF that is designed to yield in shear. The link has 

the lin prove the shear resistance and have the link behave in a ductile ee 


Figure 17.2. Link Element in an eccentrically braced frame 


isa much more ductile system than the concentrically braced system as the yielding in shear or 
Be ihe fink element is much more ductile than the axial yielding of the braces which occurs in the 


coveatrically braced frame system. 


{4 DUCTILE ECCENTRICALLY BRACED 
FRAMES - CLAUSE 27.7 (Ry = 4.0 Ro = 1.5) 


Eeatically braced frames are a hybrid system in that the frame has brace members but the yielding 
oxamin the link beam where a gap exists between the beam-brace intersections. The yielding may occur 
shear or bending and this acts as a fuse to control the forces acting on the structure. This system has 
Prvtd to be quite effective in resisting seismic loads and displays good ductility. The requirements for 
‘erbnacing system are given in Clause 27.7. The possible location of yielding elements of eccentrically 
‘need frames are shown in Figure 17.3. 


Yielding link | Yieiding link | 
beam element | beam element 
= 


lol ol 


Figur, ' 
eure 173. Yielding elements of eccentrically braced frames 
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17.2 


Research at the University of New York at Buffalo has resulted in the concept of a “fusible link” 
EBF in which an HSS link element is used between plates that are bolted in place. The desire . 
a seismic event the damaged link could be un-bolted and a new link placed in the EBF, 


The link beam has various requirements that must be satisfied, as follows: 
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Links are provided at one end of every brace. The link is designed as the yieg: 
may yield either in moment or shear. Yield 
The links are Class 1 elements and generally I-shaped though the use . 
tested. OF HSS Tinks bas alan 
The code provides special resistance formulas for the link elements, dependin bety 
s ig On 


ng CHetmeet aay 


shear or moment. Yielding F 
‘The length of the link element must exceed its depth. a 
The link must have capacity for elastic and inelastic rotatious. 

The brace bay must have braces of sufficient capacity to develop the plastic yielg; 

clement. The yielding is intended to occur in the link element not in the ee in the ling 
intended to remain elastic throughout the seismic event. - The braces me 


The link must have braces to both top and bottom flange at each end. 


ADVANCES IN ECCENTRICALLY BRACED FRAMES 


in the 
‘hat after 


uctile and versatile method of providing lateral resistance for a building but 
se od jn Canada. Considerable research has gone on in North America to ome 
seldom are not typically found in buildings. One example of their use : pare! =a 

: 8.1 shows the building under construction with 


Fue 19.) “ 
+ Bieel plate 
shear wall for control tower and office bullding in Edmonton 


ty 7 
" 
hte EL PLATE SHEAR WALLS 


See Walls consist 
Act Of a stee| . 
cary the moment mee ying the shear centred between two vertical column 


tal beams stiffen the plates and careful attenaon is paid 
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to making sure that the plate does not tear away at the connections. The steel plate sh 
becomes a vertical girder for carrying lateral loads. Steel plate shear walls can be detailed, Wall sy Mem 
of ductility. (Type LD Limited Ductility Ry = 2 R. = 1.5 Covered in Clause 27.19 and to two tee 
with Ry = 5 R, = 1.6 which are covered in Clause 27.9) The method of energy dissipation | 2 duct, 
of the thin web plates with tension fields that develop as they carry shear. The yiel diy sacl the Yietg : 
yielding of the web plate under shear loads. This sets up diagonal tension fields that Yield Od ig tensiog 
loading. The thickness of the plate is selected such that shear yielding will occur, Like i Seismic 
difficult to design steel plate shear walls for low shears, as the required thickness of chugs bays it is 
too low, the commentary to S16 shows a sample structural model that can be used ps ian Plateg ia 
thickness of the web. Very thin webs (say 0.91mm or 1.22mm) would be subject to the mn the 
connection that we have with deck diaphragms where we are trying to connect similar thickn With 
steel to thicker elements. CKUCSS Of sheet 

Steel plate shear wails have been used successfully in California, an example being the Oj 
Hospital in the San Fernando Vailey. The hospital was heavily damaged six weeks after 7 Olive View 
magnitude 6.6 San Fernando earthquake of February 9, 1971. The failures observed at de oue i the 
Hospital in 1971 included seismic resisting stair cores falling away from the building and View 
failures influenced subsequent seismic codes throughout North America. The building was . a 
and a replacement opened in 1987 with a seismic system from steel plate shear walls. The rebel ae 
fared well following the 1994 magnitude 6.8 Northridge earthquake which affected the same hospita 
the 197] event. Fegion ag 

Research has shown that it is possible to still have ductile behaviour in steel plate shear walls wi 
circular holes cut in the plate and with the comers cut out of the steel plate at the beam. ‘column ith 
tion. Based on this research S16 now includes provisions for both these types of shear walls, 

Steel plate shear wails have rigid frames that surround the steel plate with the beams and columns 
moment connected. Many of the detailing rules for the sbear wall concern the detailing of the beams and 
columns that surround the shear wall. The intent is that the columns remain elastic without shear yielding 


of the beam-column panel zone and with yielding occurring in the surrounding frame only at the base of 
the columns. 


18.2 STEEL PLATE SHEAR WALL EXAMPLE 


and determine the thickness required for the steel plate of the shear wall. The geometry remains 
but we will change the forces to match the Ry = 2.0 R, = 1.5 values of the steel plate shear wall. 


As example of a steel plate shear wall let's take the two-storey frame that we have used with other 
The 
given in Figure 18.2 include for eccentricity effects and notional loads. 


anid k= B as 4 
7 | 
on 
me 
ook oon ; | 
.————_, 
| 
Pe 
} 
—— 
os 
Perrery nants 
RAS na 


Figure 18.2. Sample steel plate shearwall with forces shown 
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gt desire is to determine what the thickness ofthe steel plate should be, 
os 


16 gives the resistance of the steel plate wall as: 
$ 


y @0AGF wLSin@a) 


F w = thickness of plate — what we are looking for. 
where: = centre to centre distance of columns in a plate wall (4.5m iu our case) 

a = angle of inclination of the tension field of the plate wall from vertical 

ce with $16 clause 20 which states that 0. may be taken as 40 degrees if 


panel satisfies: 


and is computed in 
the aspect ratio of the 


L 
06s—: 
i $25 
Where h = storey height 


In our case L = 4.5m and h = 4.5m we therefore have an aspect ratio Of 4.5m / 4.5m = 1.0 and we 
are in the acceptable range for aspect ratio to use c= 40 degrees. 
Rearranging our formula for V, to solve for w we get 


a V, ___.__ Se 
0.4¢F,wLSin(2a) 0.409 +350,000.Ei 04 SimeSin hea") 3 ; 


This would result in sheet steel of 122mm thickness commonly used for decking being used which would 
have a yield of 240MPa requiring a recalculation and a resulting thickness af eas = 
rial which would get bumped to 1.95mm (14ga) material. This (i peeree 
the same issues with fastening as does a sheet of similar thickness deck material. A plate nt peng 

plate would also give rise to concems that the sheet would be 8 or nia ; 

Once the plate thickness has been selected the frame surrounding the plate ca designed and detailed. 


CHAPTER 19 


CONVENTIONAL CONSTRUC 


TION 
AND Low SEISMIC DESIGN 


i ventional Construction” which is intended f; buildings 
fora Variety of reasons do not fit into the More ductile clauses of the Standard, oa be tat 
tion that steel in itself is a ductile material and gj Res 
Will try to behave in 8 ducti 


and connections of Primary framing members and diaphragms of the seismic 
load-resisting system of Sicel-framed buildings with specified short-period spectral accel- 
ration ratios (IgF,5,(0.2)) 


Sreater that 0.45 designed to resist seismic loads based on a 
force reduction factor, Ry, of 1.5 shall be 


8) Proportioned 
b) Designed to 
The connection design 
being joined, as determi 


construction” c}; 
uch as wind, 


é mnec- 
Somespond to Ry = 1.5, R, = 1.3 the designer must design the co 
ilure mode(S16 Commentary): 


ai | 
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jmarily in shear 
‘ ed primarily in oe $ ee 
a ooancctions Ione the governing failure mode is bolt bearing failure 
. connectio! ; ' 
, polted ile failure modes it would be prey for the structural engineer to detail these 
4 | * “1 S 
seve these ae that their ductility could be ass jon, then the suactralenginer is maura 
jos to sible to assure ductility lan gravity load plus the seismic load maltiptied by 
it is not : ismic elemen efits sg 
w Ae connections e tency for the RuR, = 13 _ we i escape much detailing 
tj would sevome wit using a seismic system with a = is stil your responsibility to design a 
Y ents that conte * designing using Ry = 15 yp baaee wi jon and doing the best to 
Keep in mind w following the forces through from sail ing that the Building Code pots restic- 
viable seismic <i that can be achieved. Itis also worth noting paperless dnd eds 
pri eg roctueicuding requiring 7502) peaut ta 035. The National Building Code 
= 15 stu zB tio UeF,S, is le 
jon on Ry = } celeration rai Ete ca 
gon ai Be tore for post-disaster buildings. 
atk, 


01 joi i of ductile connections 
of moment frames beam / column joints that meet the requirements 
Examples of m: 


of in Figure 19.1. 


i connections: 
moment : 
Figure 19.1, Examples of types pias 
) Stiffened end plate connections. b) — MOMENt CORRECTIONS 
; Source: a) AISC manual; b) FEMA 


a " 
“ ional Construction sceample would be the “Bir 
The structures that seem to gravitate toward beer location. Such an €x1 ding location. Buildings 
1) Buildings that do not have a barrie 7 will not Leet rectangular bays often 
. ot wetioied ST not follow the standard 4 a 
with wild arc A . For exampl a cal 
fall into this category. Jon violates Ry = 2 or greater red} oe as wide —- rca 
2) Buildings whose configuration vi industrial building bottom chords, as shown ae 
ie tit 8 Det St oS ee pet voles te egerenent fe 
i but i 5 
side and a roof bien: veh valid en oka and not having moment freme 
Ree? moe tig Co 


beam-column connections. 
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Nise Crema wtehmng, 
heane 


AN Spank 


[SS ——__ 


Figure 192. Truss connected to columns 


the original building because if its Vintage, q 
Ry = 2 or greater detailing and it is desired to expand the building without an . * oes Mot Satay 
have the co-joined building comply with the Building Code The solution to this he tbat 
the new building satisfy Ry = 1.5 detailing. be to hay, 
4) Buildings with member sizes that are not reco; 


gnized in the Present code Such as 
t contains W1200 columns when ducti} i 
ailable up to W900 columns. “_ “=e 


beyond the limits of testing such as a frame tha 
and certified moment connections are only av; 


ne 


In NBCC 1995, the 
ings were allowed UP to 3 storeys in higher seis 
and many desi @Ners used the “Conventional Co 
buildings, 


iS were in terms of number of storeys and Ry= 15 ras 
mic zones. This accommodated most industrial 2 - 
struction” procedures to address challenging architecra 


CONVENT 
ONAL CONSTRUCTION 4 LOW spy ‘ 
eae DESIG 


ight limit stipulated in Previous editions of 
-storey heigh * nF OF the NEC inowever a... .. 
aitional aed for and does not apply to Single-storey, stee| industria] structures. 1. = Meh imi 
U gs not inten | mills and aircraft hangers may exceed 15m in height and ate pe 7 particular, struc. 
«a guch as eS teetied ...” What was happening was that the com, 
+ nal CO 


mentary toNBCC apg Cl ting 
conve f the Code but was intended to apply to industria) buildings with lower occupancies a7" 
site O 


af 43 goes on to state: “Other tall Steel Structures such as Stadia, exhibition hall 1es, Com. 
q item poke satisfy the height restrictions ,..” "y 
en’ 2 


arenas, and 
ose NBCC Clause 4.8.11 3(b) the building fundamental lateral period for brace bay buildings is 
Under 
given as: . <a 
0,025h, where hy is the height of the building in metres, For a 15m tall brace bay building this 
T, =U. Ly 
4 0.025h, = 0.025* 15 = 0.375 seconds. 
T, = UU42n 
; .- s for Vancouver the Ryof 15 A 
nalysis procedures, we see that cu 
If we te 28 cut-off plateau for seismic force and would be designed Phe. te — 
- a is as shown in Figure 19.4. 
on 


NBCC 2015 Seismic base shear at various periods 
Vancouver conventional steel construction Ry=1.5 


Site Class E 


ir Site Class D 
Site Class C 


Site Class 


a 


Site Class A 


Base shear (fraction of g) 


0.0 02 0.4 06 O8 10 12 14 16 
Building period (seconds) 


Figure 19.4. Brace bay type building 


Figure 19.4 shows the base shea’ 
Structure of 0.375 se 
in base shear, 


If the connections were not ductile (as defined earlier) the connections would need to be designed for 
the forces multiptied by Ry=1.5 giving us forces of 0.39g to 053g. =~ cgiegaal ae 
What this discussion js trying to indicate is that the seismic forces - Riper pets 
buildings can Bet large. What the Code is trying to do is force the strength of t acres on the boilding’s 
{0 the Point where even under the design level seismic event there are few demi 
Seismic system tg undergo excursions into the inelastic range. 


r for an Ry = 1.5 brace bay type building in Vancouver. Period or hse 
conds is shown. Regardless of soil type the building period is still on the 2/3 cu 


2015 
"81 CONVENTIONAL CONSTRUCTION UNDER S16 AND NBCC 


P xtend the provisions 
va the height limit of 15m in high seismic zones it was felt that it was necessary to 
Seater hej 


ctory infor- 

ma ss the contradictory 
Mation in res Particularly for industrial structures. The desire being , for this typeof strocture. 
“On in the Structural Commentaries that tried to eliminate the wer s over 15m are onerous and 
will di using a “conventional construction seismic system” for building 
ve 


many designers to use a more ductile system, 


aap 


PS 
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| 


Under S16 the rules for conventional construction steel frames over 15m are. 
1) The structure must be normal importance and not assembly occupan, are; ; 

stadiums and other buildings where people will gather), CY (this *liminates 
2) The factored seismic forces increase by 2% per meter over 15m. So » 

gone up by 50%. _ 40m the design 
3) ‘The height limit is raised to 40m in high seismic zones and 60m in medi Force 
4) Dynamic analysis procedures must be used to get the distribution of forces tne 200g 

é k 


5) Requirements of Clause 27.13 to 27.1.8 must be satisfied. Thic ; 
Require This includes requi Structure, 
6 All members in the seismic force resisting system must be Class 1 of C “— 
7) The width to thickness ratios for elements in the seismic force Tesistin, mas 

to those appropriate for systems with an Ry of 2.0 9 SYST Us cores 
8) Columns must be designed to resist the 1.3 times the compression forces cal 

action and if the column is located at an intersection of two frames must ist Lon i 

in one direction and 30% of the forces in the other direction. — "00% ofthe for 
9) Connections are designed for gravity load plus 1.3 times the member factored seen: 

must have a ductile failure mode. “a fonts 
10) Diaphragms must be designed for RAR, = 1.3 forces —it is not possibl “ductile 4 

to limit the forces. re — 
11) For columns with members of the seismic force resisting system that j 

point in a column that does not correspond to a floor level must be douigeait a onde 

load at that point corresponding to 10% of the factored axial load of the column, as 


It is worthwhile emphasising that R, of 1.5 Conventional Construction detailing is only acceptable in 
assembly occupancy buildings of less than 15m in high seismic risk areas. 


19.2 CANTILEVERED COLUMN CONSTRUCTION: 
REQUIREMENTS UNDER CLAUSE 27.11 


The most readily recognizable example of cantilevered column construction is the support for the canopies 
over the gas pumps at some gas stations, such as is shown Figure 19.5. In this method of support, columns 
that carry the axial load cantilever from a foundation act as the seismic system. Cantilevered construction 
is often mistakenly considered to be a moment frame and given the same R,-value as a moment frame bet 
this system is a poor seismic system and should be approached with caution. 


inthe 


A the restsi0 
this case both foxnststo#® 
antilevering from bed 


- a 


Figure 195. A cantilever column structure under construction. In 
longitudinal und transverse directions are provided by the column c 


with cantilevered construction; 
acer columns are often slender and may have Se 
dissipate energy through plastic yielding of py, Cle™S with Iateras 
pave high b/t ratios that result in local buckling pri - Unless detaiteg bucktin 
jor 


base. 
i ilevered col 
2) The columns in a cantileve jumn syste 
) the system and will be subject to P-deita ofc Te Me canying the a, Rte 

interaction of the roof beams and the column ag the situation ig Made we Fecal Toad 
of the column which we are ignoring by co ideting the cai Wone by the git 
column. B the roof as impose 

3) The columns may not have 4 second frame eat ’ 

ition once the seismic event has conclu, ded. (0 assist in re, NOTE them 

4) The foundations and ancbor rods are often : to their original 

time of hinging. 


the American Uniform Building Code defines cantilevered ceie 1; 

und gives this type of construction the lowest R-value onan SyStems as be; 

rated even LOWER than masonry. The Uniform Building Code plac ered colon g = 

construction including limiting the structures to a Maximum Places severe limirays ystems 
While the type of structure imagined for cantilevered consinuctio 

canopy, the system has been used on reasonably large buil re i! Ps considered tbe fh as pap, 

ings may not be satisfactory. Requirements for this type of st Seismnic beheviour of these baidg. 


Requirements under $16 impose the following restricti . Testtictivein St6.14, 
8) Use Class 1 columns Ons on cantilevered cotumn construction, 

») Use Ra =15R, = 1.3 forces when sizing the columns, 

c) Limit flexibility and P-Delta effects by requiring that Ube 125 ores 


4) Require that the base connections resist 1.1R. tj nominal flexural resistence 

but need not exceed RyR,=1.0 forces. re ——— 
EXAMPLE—DESIGN COLUMNS FOR CANTILEVERED ROOF 
Aservice station island roof to be located i 
= 195 is 239W and is to be support 
5m wide by 12m long. The roof is e 
Ccatre of mass of the roof is 4m above the concrete base. Design the steel columns, 


_— im . 


Figure 19.6. One of the two columns and a 6m long tributary lengslt 


seismic loading and overturning moment, As a cantilever column strmchano we Wi cjg, 


Solution; 
tout 


1 ‘ 
pais forces, and the column must meet the requirements of a Class ! seetion: 
but is ignored in this example for simplicity. 


ee 
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under 
ical load effect. 
soy int hina we should use L, of 2*4m = 8m when calculating axial ree; 
HSS with I, =I, the unsupported length does not reduce the factored le esis ey 
Try 152x152x64 io G40.21 Class GG = 305KN M, = 61.7kNm (column pen 
pages] of the CISC Handbook). The bt ratio for this section is 26.3 and easily satisfies Bn is enw 
oent for Class 1 (See section 5.5 of this text). lone 


41.9kN  400kNm 
San ae ee 0.137 + 0.652 = 0.79 1 
ion = ed + (<1 OK) 


Determine deflection under RaR, = 1 forces 


Pe _R R =15%13)*10kN *(4m)* =0.165m 


ar i 3* 200 *12.6 

Maximum permitted = 0.025h, = 0.025*4m = 0.100m 

Increase I to (0.165/0.100)*12.6 = 20.8 

Try HSS 178x178x6.4, I = 20.6 

PL _(R,R,=15%13)*10KN * 4m)" 
ss =0.101 

“3a 3°200*206 a 

Examine the P-Delta effects using RgR, = 1 deflections: 
1 1 


1 
Use Clause 862 U;=—TS-71 "Gi EN *O.10im = 1-0.1058 
| 2S | 1- 
LVA 10. 0kN *4m 


(This is less than the maximum of 1.25 permitted for cantilever column structures.) 


112 


M,=40.0kNm + 1.1241. 9kN*0.101m = 40,0kNm + 4.73kNm = 44,7kNa 
Deflection including P-Delta = 0.101m * 1.12 = 0.113m 
Need I = (0.113/0.101) * 20.6 = 23.3 Use 178x178x8.0, 1 = 24.8 
on aay — effects included and using HSS 178x178x8.0 
+ t= ly satisfies the requirement of 37.1 for Class 1. 
C= S62KN at kL = 8.0m, M, = 104kNm 


444 sTauctul » 4 CONVENTIONAL, CONFT RUC THO 
= 25% snow) * AND LOW fan NH 
seismic weight por column (Dead load + ) * (Tributary area) AORN. 44.7kNm $n “ Dastoy us 
= (1kPa + 0.25°1 58kPa) * (Sm * 6m) = 41.8549 : tion ™ “s50KN 104tNm 3 +0430 = 0.59 (<1 on 
Ig= 1.0 though it might be argoed that ————— Should by pai? the factored stresses in the column at this point: 
importance. key 41. QEN 4A TEN 
oy w0g35w 20.239" 41. 85K = 10.KN geht g BOIO 27910 mi ~ SPOON + 160 00a? - 
OkNm D002 
Me Height * V= 4m 10.08N = 40 happened is that our Ry = 1.5 Ry = 1.3 forces do nog = 168Mp, 
pris loud = Dead Lowd + 0.5*(Live load) or 1 oa as become controlled by deflection requi a 
= on 
0.251 S8kPa *(Sm * 6m) = 41 9kN ihe struct 
= 1kPa (5*6) + nr Cie . 
Code requirements we consider 0.25 times snow for o as Figure 19- 
current Ur calculation Chana bere 


Force 


Figure 19.7. Force-displacement 


Adetailed analysis that took account of any yieldin 
will continue to rise as there is no limiting fuse. Th 
for 1.1*R,*Nominal Flexural capacity. 
ay or p2- between column and footing for: 
=1LIRF)Z= 1.1 * 460,000KN/m? * ; 
LR F, im? * 330 x 10% 67KN 
, (Noting in the above equation that we have fe a * - te F 
fons) He Of AGOMPa for the RyF, valve of HSS sec- 
The value of My computed above is consi 
. * : siderabl te 9 
= 7 stiffeners will be required to weeks catia Section capacity of the 
e base plate will not develop the forces required. ~A fillet weld between the 
heck RUR.=1.0 mo: 


ment with P- 
22.7 Nm (governs) , Delta forces added = 40.0kNm*(R,R,=1.95}44.73 kNm = 


8 would show that the xa 
Seismic i 
© code therefore requires that we coment oe 


Itwoul : 
orld n te be *Ppropriate to desi 


orRgR, = 
Wo must Ske 3 
Protect against lateral Weitbtng or down. Note that if the column had been a wide-flange column 


_—<—-, «C 
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19.8 OTHER SYSTEMS NOT CONSTRUCTED FROM STRUCT 
ee not constructed from structural steel but often part of steel buildings include: 


Sa | 
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URAL Stee, 


eet enim 

3) Reinforced masonry walls 

4 es — aici is more often used with load-bearing steel g 
> significant structural steel.) ral steel and plywood wall 

6) It would be possible to have structural stee ply walls but 


frequently employed. 


tuds Where there; 
* lite 
this Ombination i 


and the non. 


seismic resisting system and detailing drag struts and connections to carry seismic forces a Steel 


i ismic system and drag struts to diaphragms should be da 
connections between the eit shown on structural drawings. The interface betwi 
by the structeral eeietinalitige.Figtre 19 Vowsen example of a steel 
tems is ——- carried by the concrete core. In this case the seismic system is 
— dhaanet of A23.3. The connections between the steel frame and the 
wi 


The ae 
signed wad dent 
bei 3 different sy, 
building Where alj te 
detailed in 


be detailed by the structural engineer for the project they are not left to the steel detailer. Ty 


tions would include axial forces for the transfer of drag forces and angles to transfer the 
diaphragm to the concrete walls. 


For items that are small and pe sha amineep eye 
& Portions” section of the code (Building Code Clause 4.1.8.18) to dete 


The fundamental issue is developing sufficient connection between the ste] 
| the seismic forces are equal to: 


shear in the deck 


Figure 198. Steel building 
where all the seismic loads are 
carried by the concrete core 


IGN 
19.4 PARTS AND PORTIONS APPROACH TO SEISMIC DES 


common to use the fi 
the seismic forces. In 


V,=03 *F,* 8,02) le *S,* W, 
Where: 

“ yi 
S, is the seismic response for the part and is defined as follows: Sy = CpArAx Rp 
C, = Element factor from the Building Code (1.0 for penthouses) 
A, = Amplification factor (2.5 for penthouses) 


CONVENTIONAL con Far 
N AND 


“OW spree 
factor = (1 + 2h,/h,) (For a penthous Fe “He Ben, ay 
Ao p= 30 (relent he tp of the bn PE he <aga 
= Blement response modification factor = 2.5 for Ay oa] 
¥, js the weight of the part. uses, 
' a teava\ne enti 
is is a “patch” in the 2015 Code 
— ‘mer tha Tefomnatay 


pthe importance factor and 
- 2) are the seismic input Value that is Siven in the table in the Code, 


ismic resisting system does not influence 
1 te fre computed would be the same xen force ‘ = 
5 uilding Code gives several cases and correspondin ones 
aap small parts added to a building as well ag for aching wale ATMA, for Machinery, 
phragm for out of plane forces. From a structural steel int the nae tilt. 
and portions is “Towers, chimneys, smokestacks, and ot -~ i 
ofa puilding.” This approach is often used for calcul ating the porn iportan 
rather han including them as a separate floor in the building 


Model when on 
f a 
calculating the deflection of a system from forces calculated using ¢, doing seismic 


= = Parts ysis, 

iti multi and portions Proced 
sesame the forces are Ry = 1 R, = J and tis not necessary to tiply : 
however dividing by I; would be appropriate. Similarly the forces cal, ve RR, to Bet the : 


stem and the forces on 


Figure 199. Mechanical 


POMPLE 
APE DETERMINE SEISMIC FORCE 
ttc Penthouse ig to sit on the roof of a 


@ C 
aa Where S,0.2) = is 1 


- -304 and PGA =0. 80, ioe mE A Deelée 
Pee nd fig t-1KPa, S, = 0.2kPa. The 580, the site soil classification is Site D wad 


Penthouses requiring parts and portions analysis 


EOE EEE OO OOOeeeGweK- 
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Solution: 
The seismic weight is: 


25% Snow = 0.25*(0.8"1.1 + 0.2) = 0.27kPa 
Roofing and Deck = = 1,00kPa 
Suspended Mechanica! (50% of 2kPa) = 1,00kPa 
Beams (Don’t use joist over mechanical rooms) =0.20kPa 
Walls tributary =0.25kPa 

= 2.72kPa 


Seismic Weight = 2.72kPa * 75m * 10m = 204kN 
Seismic Shear V, = 0.3 * F, * S,(0.2) Ig * S, * WwW, 
This is a location in Western Canada so PGA... = PGA = 0.580 


Using the procedures we leamed for NBCC 2015 base shear calculations and Figure 19,10 
mine F(0.2). “10 We can deter. 


9 a1 oa os os 05 06 


Figure 19.10. Computation of F(0.2) for site class D where PGA,g = 0580 
Site Class D where PGAjer = 0.580 Get F(0.2) = 0.90 = F, 


S,=C,ApAx/ Rp = (Cp = 1.0) * (A, = 25) *(Ay = 3.0) / (R= 25) =3.0 
V=03 * (F,=09) * (S,(0.2) = 1.304) * (Ig = 1.5) * (Sp = 3.0) * (Wy = 204KN) 


‘V = 158 W, = 158 * 204KN = 323KN 
ide is 3230N/ 
This is a very large number to design for — the diaphragm shear adjacent to the 7.5m side is pace 
sides * 7.5m ) = 21.4kN/m which is pushing the capability of a deck diaphragm. A — pale 
might be required in some cases along with substantial force resisting elements on ~ pee amp 
realized that in doing this calculation we picked some of the worst conditions possi 
penthouse, located on a post-disaster building in a very high seismic risk area. 


——‘ i aéle TF 


oS geEISMIC DESIGN OF INDUSTRIAL st OW Seis, 


R wy 49 
structures have often ir Challenges for design URE 
pptostrsl out normal consideration of wha ae . These 
te dings in the following ways: “building” Tooks like, age ee fend to dite 
jndustria! structures often do not have traditional « scans dren 
. oy that other buildings have. An industrial 3 floors” oy a et from, 
nipment that is encapsulated in bracing Tucture can Consist of tons diepheags 
fedustrial buildings often have very strange mass die. hoppen, taka inte 
* jxample, be a typical inverted pendutum, distributions _ Proceay 


ding in the efy, 82 clevated 
a the tank was partly full makes the situation fect Of fluid al ent aak 
A nade industrial structures may contain large ae Complex, Hoaking tat wenn 
detrimental if spilled they usually have very few amounts of hazardous 
Most industrial structures have exposed structure anian 
to architectural components to cause damping, ich leads to very low gp. a 
i we 


pave been two approaches to addressing the seismic desi ' 
I thse was by S16-09 f0 introduce increased height limits forenavene si Ei 16, Th ng 
peight iis only apply to buildings that were not assembly occupancy. tn ue, 4 thesiagmn 
reqes that the forces used for design be increased as the height of the una ene om Mirements S16 
The second approach to designing industrial structures was the ime ot TERS. 
(seismic Design of Industrial Structures). This annex gives gnldee egacie in $16-14 of 
seismic issues but also provides some restrictions such as requiring redun ‘usttial structure 
industrial structure designed in accordance with Annex M would not nS psec the seismic system, An 
where the failure of a single brace would cause loss of the Seismic system, A to have a seismic system 
various types of industrial structures in ranges of seismic zones is also ives table of height limits for 


Annex M 
designers on 


19.6 SEISMIC DESIGN IN LOW HAZARD AREAS 


n 5, this clause meant that 
be designed for seismic loads if the Uelding was locsied Ga esate abie 


160, and caused about AMbillion 


my not have ca : 
the ve Caused much damage in the sparsely populated region but it was felt over a wide area. While 


elie earthquake near one particular location is small, the probability that a potentially 

— a occur in the stable region is real. The NBCC 2015 Code, which aims to protect life, 

"in, The emi. design be performed in all regions of Canada — even those situated in the stable 

ety and gl in the Code is that for these stable areas the calculation of the seismic forces is 

WOrgice $ oe design is similar to wind design. Low hazard seismic design applice whea 
F,S,(2.0) is less than 0,03, as follows: 


dH SSS iii 
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F, = 1.0 for Rock and stiff soil with Ng blow counts greater than 50 
F, = 1.6 for firm soil with Neo blow counts between 15 and 50 

F, = 2.0 for soft soil with Ng blow counts jess than 15 

The resulting seismic shear is V, = F,S,(T,)IgW,/ R, 


R, is 1.5 except where there is a weak storey (storey strength in one store: 
or unreinforced masonry and in these two cases R, = 1.0, 


Y is less than in tha 


EXAMPLE—DETERMINE BASE SHEAR ON A BUILDING IN WINN 

Determine the base shear (%g) for normal importance building located on a soft IPEG 

than 15) in Winnipeg. The building is a three-storey building with a period of poe Neo blOW count 
The seismic properties for Winnipeg are shown in Table 19.1. 3 seconds, Teag 


Table 19.1. Seismic properties for Winnipeg 


Determine if low seismic risk procedures can be used: 


IpF,S,(0.2) = 1.0 * 2.0 * 0.054 = 0.108 (this is less than 0.16 so meets criteria for low Seismic 1 
IgF,S,(2.0) = 1.0 * 2.0 * 0.007 = 0.014 (this is less than 0.03 so also meets the criteria) = 


Low seismic risk provisions can be used. 


S,(T) is the S, value for the period of the structure for our period of 03 seconds we do linear inter- 
polation between S,(0.2) = 0.054 and S,(0.5) = 0.032 and get S,(0.3) = 0.047 


V, = F:S:(T)eW,/ Ry = (Fs = 1.5) * (S4(03sec) = 0.047) * (Ip = 1.0)*Wt/ (Rs = 1.5) =O.047WE 


As this is stee} building design, we are also required to consider notional loads that for most seismic cases 
will be 0.5% of the dead load of the structure so the actual shear will increase to 0.047Wt + 0,005Wt= 
0.052Wt. 

The design of the building now proceeds by applying the seismic shear to the floors using the tradi 
tional load distribution from seismic analysis discussed in Chapter 13 and then making sure that there is 
a competent load path to carry those loads to the ground. We are required to increase the forces by 33% 
for the steel connections, diaphragm design and connections in anchor rods. There are also requiremea’s 
for checking the drift limitations and using accidental eccentricity. a 

Whea ising seismic design using the low seismic risk procedures of NBCC 2015 i not pres: 
to refer to the other provisions of S16 Clause 27, including the requirements for pn ga ae 
joad path for the lateral load is provided. If the designer prefers, the provisions of the low sper os 
ments can be replaced by computation of seismic forces using the hi, gh seismic 
and the resistance systems of Clause 27. 


provisions of 


ofgiGN OF DIAPHRAGMS 
a gTEEL BUILDINGS 


that the seismic forces be transferred from parts of a 
ise for this to occur and to stabilize the top flanges of 8 the seiomic aon 
hragms are analogous to beams; the steel deck acts sat a ta: Tealsting 


the 
ae Disp! diaphragm chords must carry the bendi eb often ae 
spe fe ile the diap ing Moments, to transfer 


This is shown in Figure 29,1 
Decking carries shear 
yA IE “a 
\ Chords carry moment 
a) 5) 


Flanges carry momeat 
Figure 20.1. a) Roof diaphragm components. b) Equivalent t 


must be evaluated separately in both of the two princi 
fy itsgection by evaluating the deck for the long span direction 
ste.) 


pal directions. (Sometimes this i 
and using the same chord size along alt 


2.1 DIAPHRAGM FLEXIBILITY 


Mast of the guides to diaphragm design give a description ibili diaphragm 

bo mdiect on the distribution of forces in the cman WTR aad Sea ae 

eared of the diaphragm is of no consequence as the distribution of forces paul by po 

=r diaphragm is supported in three or more places, then it becomes statically indeterminate eal 
lity of the diaphragm can have an influence on the distribution of force to the supporting brace 


op ofa beam is again useful in this discussion. If we have a very rigid bean supported 
phe bm move as a rigid body and the forces on the springs will be more evenly 
a s the beam is flexible, then the load on the Springs will be determined more on the 


: area. In the latter i important 
te case, the deformation of the brace bays becomes less i 
'wwctlons and the system can be modelled as a flexible beam on rigid pnts - sd 


Rigid beam with three 


Flexible beam with three 
qual spring Supports 


equal rigid supports 


— 


352 STRUCTURAL STEEL FOR CANADIAN BUILDINGS 


| Pe eon metal deck are generally regarded as rigid 4; 
that consist of metal deck only are often Tegarded as A sine Sauces b While gi 
lations. In Teality, some metal deck diaphragms may calculate out to be ti + w thout j yg atm 
de be bays is tess critical in brace bays designed with capacity desins  °® “str tion of fa 
one brace bay will lead to increased deflection without failure, and this tics es tha 
a redistribution of force to lighter loaded brace bays. The use of state-of-the, Fection wi lead 
as ETABS will provide methods for taking account of the flexibility of the dag bre buter Programs suey 
done in small buildings. Flexible diaphragms often have forces distributed mi » but thig is feldom, 
Tibutary areas with modifications based on judgement. This ig One aspect of strachamy tthe basis of 
many grey areas Sninecting with 
EXAMPLE— DETERMINE SEISMIC LOAD OF A ROOF DIAPHRAGM 

Bnoring at this time the effect of eccentricity, determine the Seismic load di 
the roof diaphragm for the two-storey 40m 990 brace bay building as den oe to the 


Caleolted Forcn = 44 EN 40m = 121 titi 


| Geary 


[asaya 
VY win 


aR IN/ 2 
242N 


Solution: 
‘The load on the Toof has been found to be 484kN. 


Figure 20.2, Seismic load Perpendicular to long side of roof diagram 


484in kN 
F, on 
Colratoed (40m) 12.1 m 
Taking the load and divide by the diaphragm dimension get: 
Result: 


‘The calenlated factored force perpendicular to the long side of the Giaphragm is 12.1kNim. The resulting 
diaphragm shear ix 242KN / 22 5m = 10.8kN/m 


tem to transmit the lateral forces to the 
where capacity design will not be 


EXAMPLE — DETERMINE FACTORED WIND LOAD 
Determine the factored wind loadin; 


'g acting on the roof diaphragm of the sample building. Pe. 
exposed terrain and a 05m high parapet. (For forces use NBCC commentary Figure 1-7 with a roof slope 
of © degrees.) 
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SIGN OF DIAPHRAGMS FOR STEEL BUILDING: 
DE: 


—(-0.55) =13 

4: CC, = 0.75 —¢ = 
a ab aes =13)* (0.5m + 45m/2) *(Load Factor 
“ph 20% of calculated factored seismic shear force) 


Figo rea 
, mparison to the factored seismic loading. 
is calculated as it provides a direct a sill ctie and designed for seismic 
wind loading bey not govern and the diaphragm 
pe teorore! ind force 


Factored Wind load = 2.4 kon 


Ve-2.4kNim * 40m 
12 AN 


Figure 20.3. Factored wind loading 


DIAPHRAGM 
20.3 CODE REQUIREMENTS FOR FORCES ON THE 


8.15 Design 
q under Clause 4.1, 5 ore 
a has three separate clauses on diaphragms und ed for the governing 
The NBCC 2010 Seer eee the requirement that the diaphragm be design’ 
Provisions. Clause 4.1.8,15.1 has freq! 
the following two loads: 


load capacity 
i to reflect the lateral Te 
1) forces due to loads ... applied to the singh changes in tens in these ements 
4 the SFRS, and accounting for discontinuities hear divided by N for the a 
2 . ini um. corte corresponding to the design —— Jewels of multi-storey 
: This later requirement will govern diaphragm a! asedenpanattor 
. i , irements for g sal 
4,1.8.15.2 was added t0 give Special Te tne potential of rectig 
a iiticnct ductility. There are two types of nes aaphee Cs 
to exhibit som o iately detail ; Pea engine mi 
this requirement, wood eS a pp tees diaphragm to — an eee 4 ci isting 
4.128.152 and 3 we are eT ayo at coasidering the Overs 
forces corresponding to RaRo = 2: 
system provided: ne 
0 The building is less than 4 storeys high the applicable referenced a 
The diaphragm is detailed according to ——- 
© The ~~ 
ductile petit. hords and connections 10 ae esd Kr ‘ 
. i or 
” Barone io leaner of the capacity deelgn frees tha 
lesign 


design standards to exhibit 


In S16 the requirement that the diaphragie NT 7¢6) which requis tat phn : 
force resisting system is covered in a 2 Diss z seiamic force resisting 


system, 


S16 does not 
unless the building in ase oo Of ductile di 
3 ing is desi haphra, DESIGN OF DIAP! 
Tequirements that a ag Ps “Conventional Co Teduce fo, NRAGMS FOR STEEL BUILDINGS 365 
mnie os t 4 Use for the Canine =15*13. = sas f idereg in dj . ons after the Northridge earthquake indicated that there were bi " 
Netile. The commentary contained in i” gm out force for dig 7 \ — jong before it showed up in the field. mes ee 
The failure of ste] ss in the Cisc Handbo t be such tt: Claage come Diaphragms — The research that has investigated diaphragms se paieeis 
een the indivi diaphragms is ides that the one 27 1) Ducts the diaphragm will behave ina much more ductile iy ve the yield limit has 
individual dec! typically con ; : own tha Al = 4 é Tanner if they are . 
ture. Diaphragms desi K sheets and between th ‘rolled by failure of Buitdancg. “4 see! frame using powder activated pins or self-tapping screws and i they a . 
testing to be ductile ened and constructed ia le deck sheets and the the Onneetiony the deck seams by screws. connected 
constructi can be designed usi B Connections thay po Potting 
ductile =n ‘hile those diaphragms - B the factored forces cal — a 
side-lap pa be designed using forces gumnestions that oo for alan ABRIEF HISTORY OF SEISMIC DESIGN 
Oot shown aden, or MESPOt Welded connections aE RAR, wT at SHOWN 205 Oe DIAPHRAGMS IN CANADA 
i ductile be! ections co, = 13. Button. 
dia hay; mMmont N-pun : 
nna designs for more ete, ur under cyclic loading ed used for Steel ek be wp 192005 roof decks used as diaphragms were welded to the supporting steel woth pode weld andthe 
(2003), Tremble: Tesponse is ung ¢ investi ve ae connected to each other by “button punching” which involved a crimping of the lap at 
thin steel deck ag A ee al. (2004), and Hilti™ ¢ “igi Test results sation into ides of the sheets. The system was reasonably easy to fabricate and tables of deck Posen 
pred sidelaps can es and 0.911mm) with > Suggest that diaphragms by Bama tis vnfactored shears were easily available from the deck manufactures In 2005 tests performed at 
bearing and tearin, of te Some inelastic ep bg frame fi wt a Polytechnique showed that under dynamic Joading that overloaded the deck capacity the deck sheets 
Patten re Steel deck sheets at Pert ne through pale = ca come apart and the welds between the deck and the supporting steel would fracture. This resulted 
al., 2002) although id fabricated, can also sustain ef ‘asteners. Welded connecti tngand ian failure of the diaphragm — the seismic loads from the inertia of the roof weight as the building moved 
In flowchart fone 's approach ig Benerally less ‘stic deformation ‘ons with could no longer get to the brace bays and there was no longer lateral support for the compression flange 
ae aii : me! of the roof beams. Also in 2005 a new edition of the National Building Code introduced requirements 


for higher shears and emphasized that the diaphragm should remain clastic, This was a perfect storm for 
the deck industry — not only were the loads increasing but there was concern that the traditional methods 
to provide the resistance were no longer effective. A period of rapid research followed in both university 
inclities in Canada as well as the private facilities of Hilti™ in both the United States and Liectenstein, 
The result of this research was the development of side-lap screws and pins to connect the deck to the sup- 
porting material. While there were some initial issues with this fastening the pins and the side-lap screws 
improved to the point that by 2010 the use of mechanical fastening for roof deck was coasidered to be 
essential in high seismic risk areas and new construction instead of using button punched decks was std 
using side-lap screws and welding was restricted to only occasional use on |.22mm aed | 52mm thicl 

roof deck. One improvement that came from continued testing and field studies was the use of screws 
instead of pins at the deck locations where the end laps had extra layers of deck that had fo rye a) 
tothe supporting steel. Another improvement was the use of better capacity side-lap screws be a 
improve the shear capacity of the deck. Designers were now requiring thicket prehae sil ce 
the deck was being fastened to and deck pins had greater shank diameters $0 that thicker 


Design and detail di 
forces of 15°) eae 10 deliver RR, 


7 design ofan R,=15 system Dot able to damage the pins. 
PHIL ECK 
Over th OSOPHY 2001 To PREeeHRAGM 20.8 INCREASING THE DIAPHRAGM FORCES 
he TO ACCOUNT FOR CAPACITY DESIGN 


. steel 
vance the 1994 edition of the 
The current S16 code seismic requirements have changed considerably a that systems dest ee 


Oe  .,.,,—————EEEEeeEeEeE———— 
8 
a 
og 
m 
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m 
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o 
v 
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m 
Zz 
4 
° 
a) 
o 


m, 

1) Brittle (1) the traditional Petite. earch into practice. Two types of diaphragms have standard. $16 now firmly adopts the philosopby of capacity design req) ree 712 eequires that for 
diaphragms ~ Recent research om 8 age and (2) the “ductile” pie ae of 2 or greater be detailed such that this yan oie S the over strength forces of (BE 
are very brittle and re to the steel frame u, mir puiee e behaviour of deck panels has shown that shang ‘ana Ry of 2 or greater have their diaphragms desig) a ae 
tearing away from the pont PONY to overloadin ¢ welds and button punched atthe side-aps © eee angen : of 2 oF greater as it is desired thal with the Ee 
lets go. This is disturt Welds and the deck sheets ra ideos of the tests show the deck material the 2a aya aie to systems with an me sear he Fe tater needed v3 ae et 
type of diaphragms j ing for most sgnersie? Secon at the seams as the button punching oF other yieldin el _ to the seismic ae ant Figesrathe Raye ‘ed 
welds or button pune their inventory, fects uildings who have many examples of this systems will id eT ements of the seismic fore ie we canic force resisting ie Rol 20 grea 
evidence of PI ing will behave in a Badh ‘arch shows that diaphragms with either puddle to the force y be designed for the capacity ae te Ry of | 5 system 

Problems but we should le manner. It should be noted that there is no field S corresponding to Ry = 1.3. Showing can be 


iby the flowchart in Figure 20-5. 
Note that for the Ry of 2 or greater systems 
Used if the diaphragm is detailed as a “ductile” diaphragm: A 


here is no reductio 
: is reflects 


a a> 


design ta 
detail, : 

A " 

there is ongoi S€ of a limitin NarBe 0 joe is 
re B Value of th, eth in 

building designed and detailed to Ry = 2.0, which might ech oe is toe ein 598 
hall and comply with the minimum Ry of 2.9 for these St Tes tee : « Wishes de ) 
esigners are advocating that the diaphragm forces Should be bale i: Still t0 Use Uesign ay 
while others are Proposing that Rys] forces be used, y) OTTeSpo igo 
S15 


Calculate forces oq 
daphragm ignonng 
over-suength of 


Diaphragny? 


Yes No Yes 


Desegn and detail 
_— and deta dzaphragm to deliver 
tapleagm to 
rag am Corresponding 
forces of | 3 Ry*Rel 3715 
RRA 95 


M two-storey brace building, dete; 


Tmine the factored force perpendicular to the ee 
"agm including effects of Overstrength of the SERS, Compare this to the limiting 
of load for RuR, = 13. The braces have a pushover capacity of 481KN. 
Solution: 
The design fo; 
to be 290kN, 


7 in found 
Fees in the brace bays at the Toof level includin g the effect of eccentricity nae be 1.66 
¢ The pushover Capacity of the brace bay is found using capacity design princip 

times the applied forces. The force at th, 

effective for 


= 481kN. The 
© Toof at each brace bay is therefore 1.66*290kN 
Ce On the diaphragm at br, 


166 * 290 KN = 


1.66 * 299 Wi = 481k 
481kN 


Figure 20.6. Free body diagram showing capacity of the SFRS 
igui Oo. 


load on the diaphragm is computed at RgR, = 1.3 and is found as Using a linear ratio 
af ign lo ; ; 
The limiting a to the appropriate RyR,, values as follows 
of the calcula’ a 


—— = 36 3kNim 
RgR,=1.3 


* 
Load perpendicular to long side = W, = 12.1kN/m 


i ed for 
si forces calculated on the diaphragm increased fo 
iti i y able to design for the pha oe 
teeta _Amecabaitig other systems where there is not a well-defined yielding mechani 
the the sy 4 ms W 
ee cicstagens to design for the limiting forces. 
may be mi 


20.7 DIAPHRAGM CONNECTORS 


col ions W: ve an influence 
There are two. s of diaphr: i nections will ha’ ie , 

. i to consider and these , 
type: iaphragm connections ; 

ie viour and ere of the diaphragm to shear loads. The first connection to co nsider is the 
on the behaviour and resis 


i f thi Ss d whil ther is the con- 
struts while the other i 
f diaphragm to the beams, joists, chord angles and drag 
onnection of the 
ection between diaphragm sheets. 


cting the sheets to beams, joists, 
tions for conne 
ion: There are at least four op! : : 
Sheet to support connection: T ; atcha eae 
chord angles and drag struts. These connections ee sume Reet ae have aon eee 
B) Puddle welds Wially ten ee i tressed. Tests have show b ddle welds to 
will behave in a brittle manner if the deck is oie Sana lave siaperd sing ea pe 
i i versals. While some «til the preferred con oer 
aR. ~ ete ie the use of puddle welds is seal exist on roof decks using 
rain oe tage ~ ek aaa to determine if weld prol nA 
for floor decks. Testin Re oe: 
i dition o| 
and 1.52mm material. ity is enhanced by the addi vhwiched deck and the 
vhere the puddle weld capacity i ce of the washer, the san 
ae oe ts idis th aaa between the inner face ol 1] in tests but has p 
1 eld is there! 
eaiates hoax This fastening system has er for connecting deck to bar 
. . 3 ni - rs c sehen 
With workers in field installations and is now ing system. Pins used fo s that the deck is being 
in pi ing a der actuated fastening sy The frame members | steed including 
a ve IM 19 or X-EDNK22 pins. ect deck t0 Seg oy ENPH2-21 Lis 
Joists are the Hilti™ X-EDN , 5 ysed to conn 7-21 LIS or E a 
fastened to can be 3mm to 9.5mm thick. Pins m are the ENP2-21 with contract 
dy fe fe i a thickness of greater than per The procedure is ae installation to be 
edge angles aving 3 tand-up tool. have shown 
eC s are installed with a s' Field tests 
eq i take place in wet weather. 


4 le welding. 
almost twice as fast as the traditional pudd 


b 


roved to be unpopular 


c 
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d) 


1) 


3) 


20.8 


a) 


20.9 


side and one connector in each sh 
the number of connectors per si 
9 pins (two at each side of the 
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Sheet to sheet connection: There are at least three options for connectin 


The shear capacity 
following factors: 


The designer will specify the num! 
structure. 


ions that are Proposed, dependin : 
ed fasteners include two types of connections - 8 On the 
zi aca that the deck is being connected to. These are shown in Table 20.1 Thicke 


Table 20.1. Screw types for different base material thicknesses 


Base Material | Screw Type Remarks 
Thickness 
3mm toS3mm_ | #12-14 with #3 drill point Suitable for cold roll 


led joist chords 
ot rolled Chords, 
Suitable for connections to beam 

flanges but may require Pre-drilling, 


and thinner gauge h 


| 6mm or more #12-24 with #5 drill point 


g the sheets to each Other 

together using a hand-operateq 
ell if the deck Overstressed, This 
button Punching to connect roof 


Button punching in which the side-laps of the deck are synched 
tool. Recent tests have shown that this system does not work w: 
wnier is unaware of any design firms in Vancouver still using 
deck sheets together. 


Side-lap welding is not very common in o1 


ur area and has field difficulties especially for thin 
sheets. 


SHEAR CAPACITY OF THE DIAPHRAGM 
of the deck is determined from tables or computer programs that take into account the 


The type of connection at the Sides of the deck (button 
The spacing of the connection at the sides of the sheets 


The type of the connectors between the deck flutes and the supporting members (puddle welds, 
pins or screws) 

The spacing of connectors between flutes and the supporting members 

The centre-to-centre Spacing of the supporting members 

The gauge (thickness) of the deck 

The deck profile (3-inch or 15-inch) 

Buckling of the deck, which is 
The resistance factor (®) used, 
the fastening system used 


punching, side-lap screws or seam welds) 


Principally a problem for lighter thinner decks at longer spans 
These should be appropriate for the current version of $136 and 


DECK TO STRUCTURE CONNECTION PATTERNS 


ber of connectors that are placed between the deck and the ce 
@ connector at each side of the sheet and every second flute to two at ad 
eet. The pattems are usually described as being the width of the ee ies 
‘upport. For example, a 36/9 pattem means the sheet is 36-inch wide an ec: 
sheet and one at each flute). Figure 20.7 show typical connector patterns. 


This can Tange from 


y, VY 
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1 24/6 | Figure 20,7, Typical deck 
, Connector patterns 


Sourc e: Ada ed from jm 
? Tae) pt the Hilti 
ON eatin nns 36/: 


Diaphragm Program 
mmm 


: T tT 389 | 


, etal deck diaphragms tables are published by the deck manufactures for their deck 
The shear capacity of calculated from computer programs such as the Hilti™ proms program. The 

4 the CSSBI or can Sat on the Tri-Services method which takes into account various failure methods 
an e Das 


capacities ee tances computed by the Tri-Services method are then reduced by the $136 resistance 
e 
of the deck. 


factors shown in Table 20.2. 
2. Safety factors and resistance factors for diaphragms 
20.2. 


Table TABLE DS pe 
‘actors and Resistance Factors for O 
Satety Limit State 
far Connechon Related 
Type or Connection og 
Combinations Type 
Including, 
Earthyuake 
Wind 


[ All Other 


ismi i is reduces to the resistance factors 
For Canadians using Limit States Design (LSD) and seismic loading, this red 
as shown in Table 20.3. 


a 20.3. Resistance factors Connection Related Panel Buckling 


05 | 075 


| 
=a 


diaphragm 
s used to calculate diap 

vom Table 20:3. These resistance 
make sure 


Decks connected by welds or button punching or both. 


06 | 
and at side-laps by screws. 


Decks connected to the frame by screws or pins | 


e . : iter 
The resistance factors to be used are often an input in the Pe pti sors 
Capacity and should be checked to see that they are matching 


+t is important to 

ix 3) and itis impo 
factors have changed three times in the past seven years ini factors built in. 
that the tables or 


dete! 
tate of the art for : 
The Hilti 


ose ” s change 
shear capacities with updates to the program as standards chang 


mportance © 9 08 ison of various 
: ce ch asteners used. 
ilti™ program and it is possible to produce chal pacing and the type of f 


s| T S| 
changing the thickness of the deck, the fastene 
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A sample deck shear factored resistance chart is shown in Figure 20.8. 


38mm x 0.91mm Deck ENP-19 in 36/9 pattern 
SLC Side lap screws at three spacings 


(¥adues from HiNNe Prots Program Sept 2015) Figure 20. f 
Capacity 38mm a k Sheay 


5 lec) 
various fa St at 
ener sno: 
Pacing. 


Factored Sheer Capacity (kts/m) 


1900 1500 2000 2500 
Support Spacing (mm) 


3000 


The deck capacity chart in Figure 20.8 shows that the Spacing of the deck Supports has a signif 

on the deck shear capacity as does the spacing of the Side-lap screwing. While the joist or being effet 
is usually controlled hy vertical load factors it is worth noting that greater joist Spacing will Bom 
diaphragm capacity, At high values of shear and long spans the deck buckling restricts the shear ae the 
of the diaphragm this is particularly true for 38mm deck and is demonstrated in the Capacity feta 
Figure 20.8 with the sharp dip down in shear Capacity when the 38x0,91 deck with Side-lap pattie, 
150mm o/c reaches a span of 2.5m. The deck buckling has less effect on the deck fastened at 300mm ole 
as the shear capacity is limited by the shear transfer mechanisms at the side of the sh 

ing the shears that lead to buckling. For a roof deck Supported at 2000mm on 


eets and is not cary. 
Centre we get a capacity of 

22.6kN/m with a sidelap connector Spacing of 300mm and 31.0 kN/m with 

of 150mm. 


a sidelap connector Spacing 

Examining the effect of 38mm deck thickness i 
the more effective it is at Tesisting shear but the effe 
with the shear resistance of 1.22mm and 1.52mm de 
76mm at various thicknesses as is done in Figure 2! 
lower than for 38mm deck. This effect is especiall 
Spacing would be for a 38mm x 0.91 deck support 


of 23.5kN/m while for 76mm x 0.91 d 
of 12.6kN/m. 


n Figure 20.9, we can see that, the thicker the deck, 
ct is less pronounced after the deck reaches 122mm 
cks being very similar. Plotting the shear Capacity for 
‘0.10 shows that the shear capacity for 76mm deck is 
'y pronounced if we look at what the expected support 
‘ed at 1800mm o/c we have a factored shear resistance 
leck supported at 2500mm o/c we have a factored shear resistance 


38mm Deck ENP-19 in 36/9 pattern 
SLC Side lap screws at 300mm 


{valves trom Hite: Profts Program - sept 2015) 


Figure 20.9. Deck shear 
capacity 38mm deck at 
various thicknesses. 


1000 1800 


2000 2500 3000 
Support Spacing (mm) 


76mm Deck ENP-19 in 24/6 pattern 
SLC Side lap screws at 300mm 


values from Mit! Profs Program - Sepr 2015) 


1000 1500 2000 2s00 3000 
Support Spacing (mm) 
Since 2004 an extensive research program has been trying to address the j 


~~ © ISSUE Of shear dia 
Pointing recent tests and cane ron, 
Ck capacity has improved and the decane 
S are not occurring from thermal loadi piss 
construction. ins i 

The use of side-lap screws and pins is beneficial not only from the Sandpoint of the 
deck system but also because of the increased factored 


cyclic loading and while some of the early findings were disa 
= the latest deck fasteners have demonstrated that de 
forming in a more ductile manner and connector failure 


: ductitity of the 
shear resistance of the deck when usi 
fasteners, ee 
This is illustrated in Figure 20.11, where four types of fastenin, 
AS 5 Braelos g have been used 
The greatest capacity is achieved with Hilti™ Ping and Side-lap screws, while iakene se 
show reduced capacity depending on the type of fastener and the Spacing of the deck sup] 8 WE 
part of this is due to the different resistance factors that are used for the button Punchin; eiaid i 
opposed to the pins and side-lap screws. : —— 
38mm Deck Structural Fasteners in 36/9 
Sidelap Fasteners at 300mm 
[Values trom Hil Profis Program 
380 — asin Figure 20.11. 
Comparison of deck 
mechanical and 
traditional fasteners 
tees EPN-19 in 36/9 & 
auc 
>= 3/4 Puddle weld 
asic 
12 oF 14 dell, 
serew & SLC 
% = + «3/4 Puddle weld 
= & button punch 


saad 2000 2500 


3000 
Support Spacing {mm} 
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EXAMPLE — DETERMINE NECESSARY DETAILS FOR ROOF 
Continuing the example presented earlier, determine if the 38 x0.91 deck 
button punching, puddle welding, and other details necessary. Joists sup 
at 1.8m o/c. 


DIAPHRAGM 
iS sufficient 


Porting the deck ie the 
ATE Supported 


Solution: 
‘The diaphragm shear found earlier was determined to be a factored force 


of 
width of 225m this gives 481kN / 225m = 21.3kN/m. “SIKN withthe dept 


Figure 20.12. Selection of Deck for applied shear. Deck fastened 
with SLC at 300 o/c and ENP-19 in 36-9 pattern 


Examining Figure 20.12 it can be seen that with a support spacing of 1.8m the required shear capacity of 
21.3kN/m is achieved with a 38 x 0.91 mm deck with Hilti™ Pins in a 36-9 pattem and side-lap screws 
at 300mm on centre. Any increase in the shear would require going to 38 x 1.22 deck or by reducing the 
spacing of the screws at the side-laps. Diaphragm options are listed in Table 20.4. 
Table 20.4. Diaphragm options 
RoRo DIAPHRAGM CONTROLLED | DIAPHRAGM 
SHEAR BY 
Brace Bay ignoring eccentricity 10.8 kN/m N/A 
and over-strength 


Grace Bay including eccentricity | 3.0x1.3=3.9 12.9 kN/m 


Capacity design 


4 kKN/m 
a ° for brace bay 


3.0x1.3=3.9 


Capacity design 
for brace bay 


21.4 kN/m 


i CONDITION RoRo 
Teqed eed Independent of 


system. 


Masonry OF Tilt-Up Ductile Diaphragm 
—— designed for 
1.5x1.3=1.95 


ry or Tit-Up Traditional —/ Diaphragm 


feaphragm designed for 
1.0x1.3=1.3 


20.10 MOMENT CAPACITY OF THE DIAPHRAGM 


The moment capacity of the diaphragm depends only on the 
itself is not considered to take part in resisting the diaphrag 
series of bends that are trying to straighten out and in the oth 
having only a series of puddle welds at panel edges to connect tension. The moment in ies of segments 


Capacity of the chords, The metal i 
m moments, In one Gieited tunes 
fer direction the deck is a seri : 
divided by the distance between the chords results in the design force ii hords, can ‘: 
be selected and detailed. In particular connections in the dain ote be eat passa 
the forces expected between joints in the chords. Angles are usually used as dies dee cae 
are edge beams they can be the diaphragm chords providing the following two conditions are Satisfied. 
1) The deck diaphragm must sit directly on the beam not be i i 
: Separated by a series of joist seats and 
2) The beams taust be detailed for the force expected when they act as diaphragm cc including 
appropriate moment / axial interaction and calling up of the forces to be used in connection design. 


EXAMPLE — DETERMINE THE MAXIMUM BENDING 
Ting the MOMENT AND SHEAR ON THE DIAPHRAGM 

Aled example and using the seismic force of 24.1kN/m acting on the roof diaphragm 
Papeadicalar to the long side of the building, determine the maximum bending moment and shear on the 


Solution: 
ttismic , 
213, force has been determined to be 24.1kN/m, giving the free body diagram shown in Figure 


=o 


1.66 * 290 yay 


481GN = 1.66 * 290 N= 401EN 


224m 


Figure 20.13. Free body diagram 
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Maximum Shear = (40m /2) * 24.1kN /m = 481KN (in our case with only two 
Se AR Se RS: St Gin Rectory UR fa ep Wo he ahve ion ce 
roof level). tener 


Maximum Moment = wL?/8 = (24.1kN/m)*(40m)? / 8 = 4820kNm 


EXAMPLE— DESIGN DIAPHRAGM CHORDS 
Continuing the example presented earlier, design the diaphragm chords for the roof. 
Solution: : 

The diaphragm moment found earlier is 4820kNm. Diaphra; 
diaphragm moment by the distance between chords. 


4820kNm 
225m 


gm chord forces are found by dividing ‘ 


G=T= = 219kN 


Assuming an angle with F, = 300 MPa and assuming that the deck 
the angle against buckling we can determine the area required: 


And the adjacent wall fully sppor, 


ZISKN 
BO 6 105 pre fp? 2 

Area Required @=05)*(F, = 300000EN Tm?) 10° ran? {mm = 81 Lon 

This corresponds to an L76x76x6.4 with Area = 920mm. If the edge angle was attached toa tilt-up panel 
it might be assumed that there was sufficient restraint to prevent buckling and the area needed for tension 
is sufficient for compression. If the edge angle is not restrained consider compression capacity and aavams 
deck restrains angle in one direction. 


176x76x6.4 r= 23.6mm kL/t = 0.9 * 1800 / 23.6mm = 68.6 
For 300 MPa C, / A= 188 MPa 
Aveg = 219KN / 188,000kN/m? = 1165 mm? Use L.76x76x7.9 (A = 1150 mm?) 


For tilt-up buildings the detail for attaching the chord angle to the embeds of tilt-up panels calls for a 6mm 
weld so we should at least have an angle of thickness that exceeds this. Note that for deflection contral or 
detailing reasons chord angles are often larger than is necessary purely from a strength standpoint. This 
makes it harder for the diaphragm to become the yielding element in the system. 


20.11 CAPACITY OF DECK-TO-FRAME CONNECTORS, 
INCLUDING PUDDLE WELDS, SCREWS, AND PINS 


jue for 
If we are connecting the deck to other elements to transfer shear force, then pepe deck 
the capacity of the puddle welds and #14 screws. The values given by vee values given ae 
details are widely used in the design community as there is little other guidance. TI hee 
pounds and for allowable (unfactored) design. These are converted to kN and multipli 
of 15 in Table 20.5. 


5. Capacity of various deck-to-trame connect 
Puddle weld | #12 or A14 


tebe 


i 
os = 
ere The values for puddle welds and screws are 


1995 revision to the 1991 VicWest® Steei Deck ~ Shear 
The values for the Hilti™ connections are taken from the 
System 2009 North American supplement to their 


8 Set Out in the Februar 
Diaphragm Design Manual 
Hild™ Steel Dect F, ing 
2008 technical guide 


LE~DETERMINE CONNECTION SPACING 


the required spacing of the connection of the 0.91mm deck at the bulking Presented carlier determine 
wing Hilti™ X-EDN-19 fasteners. 


lution: 
= diaphragm shear force adjacent to the 22.5m side chord 
(225m = 21.4kN/m. Using the 0.91mm deck we find th, 
MD | fastener 916, - Say, 150mm. 

21AKN/ m 
The pins will be placed at 150mm at diaphragm edges. This Spacing is quite tight and requi about twi 
as many pin fasteners as welds. Even if the calculated Spacing is greater 5 iia, aera 
would wse a minimum edge fastener spacing of 300mm unless calculations showed a sigtver pact sis 
required. The CSSBI recommends that even in low shear situations the Perimeter fasteners should be 
spaced at no more than 900mm on centre. 


angle was found carlier to be.481kN 
at pin connections are fequired at 


20.12 VARYING THE DECK TO STRUCTURE 
CONNECTIONS AND SIDE-LAP CONNECTIONS 
Aawehave determined the spac 


tess, Thi i 
es Procedure 'S not recommended by the CSSBI for the following reasons: 
ce to building eccentricities and oth 
re ha more loading than expected. Research at the University of Alberta bas shown that 
Gita, Orce diagram is not linear as we move away from the support but is more of a parabola 
aay al value at the end of the diaphragm not decreasing as fast as a linear distribution 
2 The varying f 
rying of fastener and din, i and fleid 
i ene Puddle welding pattems adds complexity to the construction 
Whe dog, 
ENT dec} it 
Intded areas Jpeg overrule the foregoing and use different fastener and welding patterns on lighter 
®) Do not 885 oa the following should be observed: 


WY a ke : P 9 
°) Be ‘ey plan that Clearly shows where the different fastener and puddle welding areas exist 


ative in the cut-off of closer spaced fasteners and fasteners such that partial loading 
“ies can be accounted for. 


—YS—(‘“ TZ 
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20.13 DECK DIAPHRAGM DEFLECTIONS pical conditions exist with most diaphragms that it is 


. ‘ F 5 pical details on the drawings at tender time his {0 have some tyes 
‘The diaphragm deflection must comprise two parts the bending deflection from the axial ghowing the EA tails will be obtained without extra Contractor trical detatp, 
the diaphragm chords and a shear deflestion from the deck. Fora simple span dec thsi ce spd te desired de “MEF compro any cd 
following formula: the age: the checting 
A = SWE. , GoxL!2) Waere Lis the span of the diaphragm, RAGMS FOR TILT-uP B 
“34EL G'x10° 99.15 DIAPH UILDINGS 
= average shear in the diaphragm between the support and midspan. tee] deck diaphragms in tilt-up type buildings is common j ’ 
Gavg = , pport pan at covet mainland. The higher forces that ioet come with aa inching seisncrepicas 
The deck deflections for the roof deck of the two-storey 40m x 22.5m building are covered in such 88 hragm develop the capacity of the force resisting system ai 2005 and the a ons 
sala Se ei of tilt-up structures. Tilt-up structures designed in accordance sane’, etiam challenges tn 
As with all seismic deflections the deflections of deck are computed with the computed seismic rl ‘5.and an R, of 1.3. In previous codes the R-value assigned Pe have been given an 
and then multiplied by RaR,/Is to give a realistic estimate of the deflections. For our 40m x 23 ieee ally of 1.5 it is difficult to find a yielding mechanism that produces Often 2.0. Using an R of 
phragm the computed diaphragm deflections are 49mm due to bending and 62mm from shear for a total of diaphragm less than the normal bail-out values specified in $16 of RR, = he forces on the roof 
111mm. For normal importance building this is close to the limit of 0.025h, = 0.025*4500mm = 113mm, Sample connections for a deck diaphragm chord to embed Plates in the til 
Due to the shear capacity of the deck system and the deflection of the diaphragm it is desirabie to Figure 20.15. These conditions occur where the tilt-up panel marks the og rid Panels are detailed in 
have diaphragms that have low aspect ratios. A diaphragm that is almost Square (aspect ratio of 1.0 t weld requires that the chord angle is at least 6.4mm. The detail shows weld bet diaphragm, The 6am, 
1.5) will be much easier to design than one that is getting very rectangular with an aspect ratio of 15 to the sngle to be continuous across the full width of the embed plate, Sample the embed plate and 
3.0. The CSSBI recommendations depend on the type of walls and the rigidity of the diaphragm. CSSBy to tilt-up panels are shown in Figure 20.16. diaphragm ehord connections 


Tecommends # maximum aspect ratio of 2 for flexible diaphragms with masonry walls to a maxi 
5 for rigid diaphragms with flexible walls. ee 


Sometimes situations arise where the length of a diaphragm is much greater than its width, This leads Figure 20.15. Connection of 


to quite slender diaphragms with a high aspect ratio (length / width). If calculations for diaphragm shear ie pat when the diaphragm 
and deflection are executed it will often be found that diaphragms with an aspect ratio of 3 or paler ae tie 
difficult to justify. In such cases it would be worthwhile considering adding angle or flat-bar lacing to pes rw aati 
convert the diaphragm into a horizontal truss to carry shear loads. showing the the detail 
: connection of the 
diaphragm is given at left 
20.14 FINALLY, CALL UP THE DIAPHRAGM ' 


REQUIREMENTS ON DRAWINGS 
A very important final step is making sure that the diaphragm detailing required is called up on drawings 
as shown in Figure 20.14. This would include: 


The deck thickness ~ the diaphragm design process might have required an increase in the deck 
thickness. 


* The type of connector and fastener pattern between the deck and the supporting members. 

° The type of side-lap connector and the spacing of side-lap connectors. 

* The perimeter chord angle and that it be continuous — a splice detail is also recommended. Figure 20.16. Sample 

© The spacing of deck connectors between drag struts and perimeter angles parallel to the direction diaphragm chord connections to 
of the deck flutes. tilt-up panels 


L 76x76x8.0 Cont. Edge Angle 
for splice. See detail. 


38x0.91 Galvanized metal roof 
| diaphragm. Fasten to supports with 
iH Driven Pins (See general notes) it 
36/9 pattern. When deck is perallel ‘ 
| to edge angle fasten to perimeter 


angles with driven pins at 100mm 
ofc, Fasten side laps with #12-14 
self-tapping screw with #1 drill 
point at 100mm o/c. 


Figure 20.14. Galvanized metal roof. diaphragm detailing 
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20.16 ROOF DIAPHRAGM CHORD SPLICE 


With the exception of very small roofs, the edge angles will be formed from shorter segments 

chords to be spiced. A typical note is to require the diaphragms tobe spliced for fll strength, peat 
lead to varying results depending on the interpretation by the contractor of what constitutes ful this cay 
A clearer option isto include a detail such the one shown in Figure 20.17. This detail gives din tt 
how to splice the chords and would have to be modified depending on the force in the chord — 


FOR OZE 


— TYPICAL PERIMETER ANGLE SPLICE 


Figure 20.17. Typical detail requiring diaphragms to be spliced for full Strength 


20.17 CONNECTION OF THE DIAPHRAGM 
CHORD TO A HIGH FLUTE OF THE DECK 


Another detail that is useful to have on the drawings is one that gives a solution to connecting the roof 
deck to the chords in the case where the deck flute is high at the location of the diaphragm chord. Just as it 
is important that the beam web be connected to the flange, the deck must be connected to the diaphragm 
chords. Part of the reason to show this detail is to make it desirable to the contractor to lay out the deck 
in a way that this detail does not have to occur. One solution to this problem is shown in Figure 20.18. 


6) 50-3200 
ADD L5SuiBEx82 
CONT, WHERE REFER TO PLAN 
HIGH FLUTE MBETS 4 
PERI AME FOR OZE 


HIGH RIE CLOSURE DETAIL 


Figure 20.18. Diaphragm chord detail 


20.18 SHEAR LUG DETAILS 


Shear lugs are required where the deck has been separated from the beams at the top of brace bays bY 25 
seats. Shear lugs bring the load from the deck to the level of the top of the brace bay and gener yeh 
of bent plates welded to the beam below and to either the deck or chord angles. The shear ae ae ae 
joist seats from trying to carry the shear force — something they are not very capable of ag 2 pee 
buildings these details would be necessary where a beam extends out from a wall to act mm ; ‘ 
shear collector (see the figures on diaphragm with re-entrant comers discussed later in this chapter 


oo ee 
1. shown in Figure 20.19 are for deck fastening wi 1° 
‘th to these details would be modified to show i = Laps Titty 
i i ne be 
88 coming fattened 


a) 
Figure 20.19. Typical details for shear Jag connectors 


20.19 PROBLEMS WITH REAL DIAPHRAGMS — 


Real diaphragms are often not purely rectangular and on one {evel i 
clevation, indentations that interrupt diaphragm chords and have thle ba — conn Py 
problems and some possible solutions. examine & few of these 


20.20 INTERRUPTING DIAPHRAGM CHORDS 


The diaphragm chords must provide a continuous path for the forces from the diaphragea espcnne anid 
that the diaphragm can span from one brace bay to the next. Unfortunately the building froma muy, mxgnine, 
a bite out of the side of the diaphragm to accommodate an entrance feature or loading dack. Unfortunately’ 
when this occurs the diaphragm chords are often interrupted. The seriousness of this situation can be seen 
in Figure 20.20, which shows a beam and mechanical duct. Obviously the bottom flange of the beam 
cannot be cut to accommodate the mechanical duct and another satisfactory structural solation must be 
found. Note that a similar situation may get overlooked in diaphragm design. : 


f the mechanical engineer tsked to pats 
mechanical Juct here would you allow 
cutting of the bottom flange of the benes? 


Figure 20.20. Beam cut by a mechanical duct in an wnaccepesble mer 
reitation Of the missing section of the diaphragm chord may be addressed in different ways- 
, le Solutions include: 
md in plane trusses to transfer the chord forces around the opesing #8 OFF. 5 
'S situation can become tricky especially if the tendency of the im plane trusses 


— 


(i an a an] 


et 


APH. 
AGMS For Tere an 
t Os 


DIAPHRAGMS WITH RE-ENTRANT CoRNEns m 


roofs that are not rectangular will often have 
ie 20.23. These corners prove to have undesin bom 
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are taken into account. The reduced distance between the diaphragm chords must also be 

into account when computing the force in these chords. taken -. 
° Examine if the diaphragm chord can run through providing only an opening at the ‘ = 

edge rather than at the roof edge. The diaphragm chord that does run through will be ear the roof ess care is made to detail the comer bars ‘raring behaviour onde, ea 


f 2 to carry the force 
in the gap and must be designed to carry the compression force through this unsu viel eae oad ghould be of sufficient length that the deck connecting to 4 4 itt set 
* Review with the architect if the section in the roof must be removed. Pported length, eng eTtreasey, 


‘Two solutions for a diaphragm with a interrupted chord are shown in Figure 20.21. < 


a) 


\ Saar b) 
owe Toso Figure 2023. Typical re-entrant corners for roof diaphragms that are ot rectangular 
Figure 2021. Two solutions for a diaphragm with a interrupted chord 
20.23 CANTILEVERED DIAPHRAGMS 
L D , 
| 20.21 STEPPED DIAPHRAGMS Diaphragms that are cantilevered can be a problem from the standpoint of deflection at the tip and chord 
Stepped diaphragms can often cause a problem as there must be a way for the forces from each diaphragm forces at the root of the cantilever. Design the cantilever deck using the principles demonstrated eartier. 
to be transmitted to shear resisting elements. In the diagram shown in Figure 20.22, the roof is stepped Care should be taken in developing the chord forces, 
with a lower roof at the front of the building. There are brace bays going to the ground only at the front 
and rear walls. 
A method must be provided to get the diaphragm shear forces from the upper diaphragm to the lower 20.24 FLOOR DECK DIAPHRAGMS 
diaphragm and to make the chords continuous. Figure 20.22 shows these elements being added. From a — ‘" a 4 
structural engineering standpoint it would be more efficient to have a brace bay at the diaphragm step but 2 sh for floor deck diaphragms are similar to those for roof diaphragms, there mast be chords 
this may conflict with the building function and not be possible. icigles ean ut Sometimes these chords are formed from reinforcing stel inthe deck bat the 
soon como Poaciples requiring continuity still apply. The shear of the diaphragm can be computed from coscrete 
' 7 =n for V. and V, using the reinforcement in the concrete on the deck. I is desirable to wee Nelion 
a tsa ow #8 00 collectors and drag struts to provide a more positive transfer of shear loads from the devi wv 
2 en! ‘ horde fet. Nelson Studs should be used to transfer shear from the deck cocrets th dephmngm 
essai 2] Stords if composite type deck has not been used. 
ra | 
| 20. 
\ Jl. q . 25 DEFLECTION OF ROOF DECK DIAPHRAGMS 
“necessary ‘ r ‘ 
Rau, The ‘0 consider both the bending deflection of the diaphragm and the shear defection ofthe dia- 
: ——— The conn e eins deflection of the diaphragm is a function of axial shortening of the chord members per 
we, Fe. Geek diaphrag se Stear deflection requires consideration of the fastening and prt 
—=— teat (Same include a factor F the flexibility factor that is used in as rigs 
Figure 2022. Stepped diaphragm showing the structure necessary to provide a complete load path Of inertia of the oan n Our beam analogy the deflection due to bending can be found 


fe cons ubout the centre of the diaphragm but the flexibility factor determines the shear 


A —Ee—— 


ee 
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deflection. As with beams that have depth approximately equal to the span the shear deflection can me 
significant portion of the total deflection. 


For a simple span diaphragm uniformly loaded such as our example the deflection can be 


Calculated 
as follows: 
a (iP) 
An SWE 4 fal 2) 
384EI G' x10 


Where L is the span of the diaphragm 


avg = average shear in the diaphragm between the support and the centreline and is illustrated in 
Figure 20.24. 


Figure 20.24. Average shear in the diaphragm between the Support and the centreline 
G' is the shear flexibility of the deck and is computed as follows: 


Cee 
K,+0.X(D, | Span)+ 3K, Span) 


‘The coefficients can be found in the Steel Deck Institute Manual and those that are variables are output 
as part of the Hilti™ Program. 


The values are as follows: 


K, is obtained from the Hilti™ program and may be converted from imperial to metric units by 
multiplying by 3.387. For 38x0.91 deck side-lap fastened at 150mm o/c with joists spaced at 
1800mm o/c, the value of K, = 0.290 x 3.387 = 0.982 


K, is dependent on the deck thickness as shown in Table 20.6. 


Table 20.6. K, factor for deck deflection calculation 


|, are ee) 


tit 


DESION oF DIAPHRAGM FOR Steg, ii 
Li) 


ILDINGs 3 
ion of deck profile but for all roof decks = 3,7g 
guise —_. . 
ag constant, which is a function of the i Patiorn nad 
piste wa eiues are shown in Table 20.7, (0 deck thictams, was mg 
of mere 


EXAMPLE— COMPUTE G' ' 
Compute G’ for a 38mm x 0.91mm deck fastened with a 36/9 pattem with Supporting joists at 1800 
ofc. 


K, 
oe WY 
K,+03D,, /Span)+ XK, (Span) 


191KN / mm 
* 3.78 + 03(30m / 1.8m) + 10.982m" (1 Bm) 


@ 
G 


191kN/mm _ 191kN/ mm 


On 37845453 1408 


= 13. 564N / mm 


Result: 
G' = 13.56kN/mm = 13,570kN/m 


EXAMPLE— DETERMINE DEFLECTION 


Continuing our 40m x 22.5m roof deck example, determine the deflection under calculated seismic boad- 
ing of 12.1kN/m computed at RR, = 3.9. 


Solution: 
The deflection of the deck ig expressed by the following equation: 
4 
a SWE Geq(L/2) 
SMEI G'z10° 


> ea 1s taken as E for steel times the moment of inertia computed as ZAd? where A is the area 
With a rectan 8m chord and d is the distance from the centre of gravity of the diaphragm. In most cases 
Hepes = diaphragm with equal area diaphragm chords this will reduce to: 
(2*Chord Area) * (Diaphragm Width / 2° 
HI= 200 x LOKN/m? * 2% 


(1150 * 10-4m?)*(11.25m)? = 58.22 x 10%Nm? 
Cis the shear 


38x09) Stiffness of the deck diaphragm for shear and provides the shear deflectina ealoaleticn wish 
BA eae Ported at 1800mm o/c and connected all flutes and side-lap screwed at 150marole tha 
Btves Ky = 0.290/ft. Converting this to metric we get: Ky = 0.95 /m 
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G' = 0.0136kN/m (see earlier calculation) pT E R 2 1 


at rt 2) 242k H 
acy sare a , FEW FINAL THOUGHTS 


Sea ~ “Width _of _ Diaphragm 


1 3(22.1KN /m\40m)" 4 5.38kN /m* (40m) 
384*58.22x10° kN/m’ —(0.0136KN / mx10° 


A=0013m+0.016m =0.029m = 29mm 


These are the deflections under the SFRS capacity forces for the deck alone, This deflect 
added ion of the brace bays to give the t i . On should 
all sei = siete rir tiny was ta uaaiete Of the roof relative to the ground = ctures is constantly evolving and 7 
aati os buildi sats Clause 4.1.8.13(3) by Seti v! aan on the structure must be need The design of str A designer phn not only ice 88 We Strive to build More dramatic 
4 W Lek plying the calculated deflecti jent structures. y the Weak link i i 
a realistic value for the anticipated deflection. flections by RAR Ve to give “ip also for innovation and economy. Advances in cating tave alowed - 
~ RR =39 ; ; complex buildings faster and more efficiently, but also pose challenges when anche us ie design more 
= (2970n) ase pT lle (Bending = 49 mm while shear = 62mm) for more than stodgy rectangular building designs. architects Owner ak 
{hoa . 
At the same time, codes and standards seem to be constantly getting raore veaneal 
Testrictive and Tequire 


. increasingly more understanding to implement. The best recent examp would 

Stroy! ohewrasirinteryendoer te mae = ¢ deflection at the Middle of the see. rere car i lfesabens of Clause 27. $16.1-84 included no separate pe ae - <a ; 

diaphragm. pl ion ie SFRS and the deflection Of the floor smother lateral load and the concept of capacity design was not considered. Ten me 

As a non-post-disaster building the maximum deflection permitted b ildi outa seismic clause of nine-and-a-half pages long covering five structural oysens Tas ce 

0.025*h, = 0.025*4500mm = 113mm. Assuming that the deflection of ch y the building code would te $i6-14 Clause 27 has grown to 29 pages and contains rules that must be foliowed for eleca rns 

are about equal our roof diaphragm is stiff enough but only just. If ei rs poe cca eee Se bei Frou #6 cvicis tet caee LN ome rrr cn 
red nea : ‘ 3 i. sary, lection could be design, as well as the increased knowledge that comes with full- : ‘ 

luced by increasing the size of the diaphragm chords or increasing the thickness of the deck Material, and sessed studies following each earthquake in rere ve re ie frm slings 
: area. ofa thet 
limit states design. In the early 1970s, 


“calculator, pencil, " buildings 
| . the most pleasing and satisfying vioteasional pl pla aed 
It is hoped that after readi 
Principles of structural s 
ia ©. You have seen that 
fon, BRing @ series of sim 
iin columns, and the lat 
8 that meets code req 


1 Iris also hoped that y 
and degj 


ing and using this book you will have a better insight into the design process 
tee design, including aspects that facilitate fabrication and erection of the 
building structural design is a holistic experience that considers more than 
ple span beams. Any building is a series of parts—the horizontal floor sys- 
eral system—and these parts must all interact in harmony to form a complete 
lutrements and satisfies your client. 
: Ou will continue to learn and advance your knowledge and skills as codes, 
be gnigcant bien, Practice evolves, The one certainty in the structural design field is that there will 
Peformance- base “a in design practices in the future, in the same way that there have been in the past 
*Pectat Sper design, in which the owner of the building has a greater say in his or her 
tied design will also cn’ SPONSE, is likely to be one of those changes. Advancements ia computer 
ianattaing of hoy ihe the way we do our work, but there will always be a need for 2 fundamental 
SAlculations and wn 78° 80 together and behave, and for engineers wo have the ability to do rapid 


who can innovatively determine where the design could be i 
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REFERENCES FOR STEEL DESIGN 


Canadian Institute of Steel Construction Handbook of Steel Construction, lth edition 
Canadian Institate of Steel Construction, 2016. This book is fundamental for wei fs b: 
Canada and is essential for designing steel structures in Canada. Bain 
» The CiSC Handbook contains the steel standard, referred to as $16-14. 
standard that will soon be recognized in all of Canada, including British 
will be the reference code for the book. 

> The CiSC Handbook also includes commentary on S16. 
As a new steel handbook comes out every five years there is a temptation to use an Outdated 
version. However these earlier editions of the handbook contain earlier versions of the Code 
and the tables do not fully reflect the present steels or Code requirements. 
The latest edition of the CISC Handbook is available at most university bookstores, The 
handbook can also be ordered from the CISC website. 

Part 4 of National Building Code of Canada 2015, issued by the Associate Committee on the 
National Building Code, National Research Council of Canada, Ottawa, 2015. Alternatively, 
Part 4 of the 2017 British Columbia Building Code (not yet published) or Part 4 of the 2017 
Vancouver Building Bylaw (not yet published) are essentially identical, even if they do ute 
annoying typefaces and page layout. Most structural design is done with reference to only Part 4 
of the Building Code. 

Supplement to the National Building Code of Canada 2015. The supplement is a good reference 
to have to understand Code loadings and should be required reading for every practising stroctuml 
engineer. The Supplement was published for NBCC 2015 in 2017. é 
GL. Kulak and G.Y. Grondin. Limit States Design in Structural Steel, 9th edition. Canadien 
Institute of Steel Construction, 2011. (This is a good reference on many of the code vertical 
design issues with worked examples. The 9th edition uses $16-09 and NBCC 2010 as its reference 
codes.) Updates and corrections to this reference can be found on the CISC website. : 
Manufacturers’ literature such as from VicWest® on deck properties and Open Web Steel We 
manufacturer's design tables. This material is available through the internet by visiting 
manufacturer's website. . z 4 can be 
Web resources: The CISC website at cisc-icca.ca gives some technical information <a Code: 
used to order their own publications as well as some of the publications referenced ia 

CISC also makes some software available through their website. 

More information about steel sustainability can be found in the following references: 

> The Stee} Recycling Institute website at recycle-steel.org. ee 

» ClSC has an excellent section on their website on sustainability including links are 


: aspects of oa at 
> The World Stee! Association dedicates a portion of their website to green PS 
its production. 


This is the ste) 
Columbia, and this 
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2000 edition of Atlantic Monthly magazine had a 


, THe At pit ships under Third World conditions which 


brought attent 
A ntal issues associated with breaking up ships in “a ion to the safety and 


; : : loping nations. The articte j 

available online on the Atlantic Monthly website but a quick search > 
20 “avat “ship breaking” will bring up several sources try Wikipedia for aif tack gromea 
aod list of sources. 


aences FOR SECTION CLASS AND UNBRACED BEAMS 


AEF! Institute of Steel Construction Handbook of Stee! 
. san institute of Steel Construction, 2015. 
«on class requirements for members given in Clause 11.1, the 

, a ie handbook has an excellent table and illustrated figures. 

Section class for members in bending is given in Table 5-1. 

Fart 4 of National Building Code of Canada 2015 (NBCC) issued by the Associate Committee on 
gee onal Building Code, National Research Council of Canada, Ottawa 2015. The Building 
Code gives snow loading criteria. (As an altemative, Part 4 of the ‘Vancouver Building Bylaw or 
British Columbia Building Code would be equally appropriate.) = 
a tiser’s Guide - NBCC 2015 Structural Commentaries (Part 4 of Division B) Canadien Commission 

on Building and Fire Codes (NRC) 2015, The commentary also has an excellent background to 
the seismic provisions in the Code along with additional information and explanation on seismic 
design and load factors that will be of use to structural designers. 

+ Designing Roofs for Rain Loads. October 1995, Part 4 Committee of the Association of 

Professional Engineers and Geologists of British Columbia. Hard to find this reference now; 
however, much of its material has been included in this book. 


Construction, 11th edition. Toronto: 


Commentary to $16 that is 


REFERENCES FOR FRAMING OF STEEL STRUCTURES 


* Canadian Institute of Steel Construction Handbook of Steel Construction, 1\th edition. Toronto: 
Canadian Institute of Steel Construction, 2015. This will be necessary for the beam tables and 
code references. 
Part 4 of National Building Code of Canada 2015 (NBCC ) issued by the Associate Committee on 
the National Building Code, National Research Council of Canada, Ottawa, 2015. The Building 
Code gives snow loading criteria. (Alternatively, Part 4 of the Vancouver Building Bylaw or 
British Columbia Building Code would be equally appropriate.) Design loadings for floors can 
be found in Part 4. 
User's Guide - NBCC 2015 Structural Commentaries (Part 4 of Division B). National Research 
Council of Cansda, Ottawa, 2016. The Structural Commentaries used to be the only source for 
Snow and wind load information but this is now included directly in the NBCC 2015. 


REFERENCES FOR DECK DESIGN 


‘ eae 
Canad Institute of Steel Construction Handbook of Steel Construction, \\th edition. pee 
deck a Institute Of Stee! Construction, 2015, contains some information on 
Alea 6 including a rough guide to profiles in the CISC Code of standard practice. This —_ 
(CSS ors Bist of available zinc coatings and a list of Canadian Sheet Stect Building 

+ Den) Publications, 
Can 5 and Construction of Composite Floor Systems by E. Chien and J. Keith Ritchie (Toronto: 

Tnstitute of shh oe This is a good reference for floor construction 


—_ SS 


378 STRUCTURAL STEEL FOR CANADIAN BUILDINGS 


and Chapter | covers several items conceming composite deck. Many of the to, is 
subsequent chapters of this reference will be Tore appropriate to a discussion of COVeTEd inthe 
» Most designers refer to the manufacturer’s literature when designing steel Pri te beans, 
that produce design information for their deck products include VicWest®, Mercy ‘ctttens 
Canadian Metal Rolling Mills, and Canam. In addition the deck manufacturers X Metals, 
background information if requested; for example, VicWest® has a composite deck ees Provide 
that contains formulas, details and examples. Deck capacity charts from VicWesi® at Trang 
on their website. 2VBilable 
© The Canadian Sheet Steel Building Institute (CSSB1) produces several Useful 
decking. These are available through their website (cssbi.ca), several for fect 3 09 
particular, the following documents are of use: load, Ip 
> CSSBI Standard for sheet steel roof deck (CSSBI 10M-06), September 2006 
» CSSBI Standard for composite steel deck (CSSBI 12M-06), September 2006 
> CSSBI Criteria for the design of composite slabs (CSSB1 $3-03), September 2003 
© VicWest® has a website that includes deck charts for download. The site can be found at V; 
com; portions of VicWest® tables are reproduced in this book, and the use of aut an 
educational purposes is acknowledged and appreciated. for 
. ComSlab® is now a product of Bailey Metal Products and information can be found on the : 
Metal Products website under “Products.” Bailey 


REFERENCES FOR LIMIT STATES DESIGN 


* National Building Code of Canada 2015. Ottawa: National Research Council of Canada, 2015, 
* Commentary A, Limit States Design. In User's Guide — NBCC 2015 Structural Commentaries 
3rd edition. Ottawa: National Research Council of Canada, 2016. # 
© Canadian Institute of Steel Construction Handbook of Steel Construction, 11th edition, Toronto: 
Canadian Institute of Steel Construction, 2015. 
> Clause 9 of S16 covers stability of structures and members (this has been brought forward 
from its original position of Clause 20 in $16.1-94 to emphasize its importance), 
GL. Kulak and G.Y. Grondin. Limit States Design in Structural Steel, 9th edition. Toronto: 
Canadian Institute of Stee] Construction, 2011. In particular, for limit state design: 
> There is an example of the design of a cantilever gitder system roof in accordance with 
NBCC 2010. The effect of companion action wind is considered with the snow load, for 
consideration of the stability of the cantilever girder the reader is referred to work by Keanedy 
and Egsa (referenced below). 
There is a discussion and example of frame stability under wind loading, inclnding the effect 
of wind load and notional loads. 
Guide to Stability Design Criteria for Metal Structures, 5th edition. Edited by Theodore Galamiog: 
John Wiley & Sons, 1998. In particular, for information on cantilever beam stability, see: 
» There is a discussion of cantilever beam systems and the effect of the tip and root restraint oo 
the overall lateral stability of the beam. 
> ‘The book shows bow to calculate the stability of the interior beam. 
Guide to Stability Design Criteria for Metal Structures, 6th edition, Edited by Ronald D. a 
John Wiley & Sons, 2010. This edition is referenced in S16 but is a lot more complex © 
through than the 5th edition and leaves out some of the aspects of cantilever beams that Ae 
covered in the 5th edition. For example, using the 6th edition, it is not possible to pee 
critical moment for a cantilever that did not have both top and flanges supported at the A 
Roof Framing with Cantilever (Gerber) Girders and Open Web Steel Joists. peer 
Institute of Steel Construction, July 1989. This was published in response to the agh you 
Save-On Foods roof failure but unfortunately the booklet is no longer in publication th 
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xed away in many engineering offices. Two 


very important 
oa 10 reproduced as part of this text. Pages from the 
jon 


aah and Hesham S. Essa. Distortlonal Buckling of Stee! Beams, April | 
Laue od ent of Civil Engineering Structural Engineering R od p 
oT iversity ae theory of the cantilevered framing system and also the 33 full-scale tests that 
» COVA ne as part of the study. In particular, Chapter 7 “Design procedures for laterally 
were done © Fas” will be of use in design. 
wnsu Rating. 
e g16 annex ® oye F, Alfawakhiri, G.S. Frater. Fire Facts 
Ge R. 


waiD, for Steel Buildings, \st 


+ RG. Toronto: Canadian Institute of Steel Construction, April 2006. This publication is a free 
3 4 from the CISC website. 
poF down! 


erenences FOR AXIALLY LOADED MEMBERS 
R 


Institute of Steel Construction Handbook of Steel Construction, 11th edition. Toronto: 
Canadian Institute of Steel Construction, 2015. This book contains several references and aids 
for the design of columns: : . 2 
, Clause 13 and the commentary to Clause 13 cover the design of axial members, including 

beam-columns. 
, Clause 25 covers base plates. . 
) The green pages of the CISC Handbook offer column capacity tables for design for wide- 
flange columns and HSS columns. 
+ Column base plates are covered in their own section of the CISC Handbook. 
» ‘There is a good example of beam-column calculation. 
» S16 is used as a reference to axial capacity of single angle braces. 
GL. Kulak and G.Y. Grondin. Limit States Design in Structural Steel, %h edition. Toronto: 
Canadian Institute of Steel Construction, 2011. (Chapter 8 is a good reference on beam-columns, 
including worked examples according to $16-09. Chapter 4 covers members with axial force 
without bending. Section 3.2 covers tension members.) 


REFERENCES FOR OPEN WEB STEEL JOISTS 


‘ Canadian Institute of Steel Construction Handbook of Steel Construction, \\th edition. Toronto: 
Canadian Institute of Steel Construction, 2015. 
* Clause 16 Open-Web Steel Joists, including commentary. In User’s Guide - NBCC 2015 Structural 
J Commentaries, 3rd edition. Ottawa: National Research Council of Canada, 2016. 
oe literature produced by the manufacturers of Open Web Steel Joists, including span 
other material. This material is available on the manufacturers websites but it may be 
necessary to register to obtain access to technical information. 


REFER; 
: ENCES FOR HOLLOW STRUCTURAL STEEL TRUSSES 
Canadian Institute of Stee! Co; 


lide, 2nd editi 
inthe teat Hon. Willowdale, Ontario: Canadian Institute of Steel Consiructioa, 1997. This 
Ussiin of Hiss Tesource for designing HSS trusses and every engineer who is doing production 
trusses should have a copy of this book available. 
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REFERENCES FOR CONNECTION DESIGN 


‘The main reference for connection design in Canada is the Canadian Insti 
Handbook of Stee! Construction, 10th edition. Toronto: Canadian Taste of ee! Ohta 
2015, including the following: Construction 
>» General information on connections, including worked examples, is given i 
yellow pages in the middle of the section make this information easier to ae Part 3, The 
Code requirements for bolted and welded connections are given in Clause 13 ‘ a 
2 14, 


Clause 21 covers connections. 
Clause 22 covers bolting details. 
Clause 23 covers structural joints using a variety bolts. 
Clause 24 covers welding. 
Additional information and requirements on welding can be found in CSA Specificag 
03 (R2008) Welded Steel Construction (Metal Arc Welding), cation Ws5. 
>» Beam load tables (blue pages) in the C/SC Handbook are used to . 
design forces. determine the Connection 
>» Many of the responsibilities for structural steel erection are laid out j 
Standard Practice for Structural Steel which is contained in the CISC Handnoce SC Code of 
> Information on welding, including weld symbols, is given in the handbook. 
> Information on bolts, including dimensions and clearances, is given in the handbook 
GL. Kulak and G.Y. Grondin. Limit States Design in Structural Steel. 9th edition. Toro . 
Canadian Institute of Steel Construction, 2011, including the following: ee 
>» Chapter 9 covers connections. 
‘The American Institute of Stee} Construction (AISC) has information on connection design in their 
handbooks and website but it should be noted that these should be regarded only as a 
source of information. All structural steel for use in Canada must be detailed to the Canadian code, 
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National Building Code of Canada 2015, issued by the Associate Committee on the National 
Building Code, National Research Council of Canada, Ottawa, 2015. Clause 4.1.8 (Live Loads 
due to Earthquakes). (This is not just a suggested reference. This is a must-have document if doing 
seismic design in Canada.) 
Supplement to the National Building Code of Canada 2015. (Structural Commentaries - 
Commentary J covers seismic design while commentary L covers the application of NBCC 
4 to the structural evaluation and upgrading of existing structures.) This document is only 
less important than the Code itself, 
Canadian Institute of Steel Construction Handbook of Steel Construction, 11th edition, Toronto: 
Canadian Institute of Steel Construction, 2015. The CISC Handbook contains no specific ¥ 
examples on seismic design but it does contain S16 and the commentary on S16, both of which 0 
fundamental to seismic design. $16 Clause 27 covers seismic design. Several changes are made 
to Clause 27 with each edition of $16 and it is important to have the current version. 
Canadian Sheet Stee! Building Institute (CSSBI), Design of Steel Deck Diaphragms, 314 a 
January 2006. This manual can be purchased for $50 from the CSSBI website at cssbi.com. 
tables use @ = 0.5, which is acceptable for decks fastened with puddle welds or bution A 
but is overly conservative for decks fastened with mechanical fasteners and side-lap screws 
there decks now use @ = 0.6. 

aes on No. 219, 
University of Alberta Department of Civil Engineering Structural Engineering Report 
Seismic Evaluation of Stee! Buildings with Concentrically Braced Frames by Manoj S- 
and DJ. Laurie Kennedy. 
A basic background on earthquakes and their effects can be found in many excellent 
including those from the following sites: 


website, 
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os canada website at earthquakescanada nrean.gc.ca/ 
, ee at earthquake.usgs.g0v/ i 
yas # ral Emergency Management Association) at fema.gov/ 

mn sn uake behaviour and effects can be found in Earthquakes by Bruce A, Bolt. 
good PR, Freeman & Company, 1999. 
ew York“: scales and Tsunamis on the West Coast by John Ciague, Chris Yorath, Richard 
At Risk Earti b Turner. Vancouver: Tricouni Press, 2006. This 200-page book is a good 

ff a om seismic conditions in coastal British Columbia written by local geologists. The 
peck gO riystrated. : 
pook is 0S DE Deck diaphragm program is downloadable from their website provided you 
1 eed ‘This program is very useful for determining the shear capacity of metal roof deck 
pave register” 
diaphragms. bert Tremblay, Constantine Christopoulos, Bryan Folz, and Didier Pettinga. 
Fs an uae Engineering and Structural Dynamics, 3rd edition. Montreal: Presses 
Blements onales Polytechnique, 2013. This is an excellent background to earthquake analysis and 

ots of helpful examples and illustrations on how to do both the analysis of the forces 


ae of the elements in steel, concrete and wood. 


REFERENCES FOR DECK DIAPHRAGM TESTING 
+ Tremblay, R.,C-A. Rogers, E. Martin, W. Yang, W. (2004). “Analysis, testing, and design of steel 


roof deck diaphragms for ductile earthquake resistance.” Journal of Earthquake Engineering, 
45), 775-816. - : 

Essa, H.S., R. Tremblay, C-A. Rogers. (2003). “Behaviour of roof deck diaphragms under 
quasistatic cyclic loading.” Journal of Structural Engineering, ASCE, 12% 12), 1658-66. 

Rogers, C-A.,R. Tremblay. (2003). “Inelastic seismic response of side-lap fasteners for stee! roof 
deck diaphragms.” Journal of Structural Engineering, ASCE, 129(12), 1637-46. 

Rogers, C.A., R. Tremblay. (2003). “Inelastic seismic response of frame fasteners for steel roof 
deck diaphragms.” Journal of Structural Engineering, ASCE, 12% 12), 1647-57. 

Franquet, J..R. Massarelli, K. Shrestha, R. Tremblay, and C.A. Rogers. (2010). “Dynamic Tests of 
0.76mm and 0.91mm Steel deck diaphragms for single-storey buildings.” Proceedings of 9th U.S. 
National and 10th Canadian Conference on Earthquake Engineering, July 25-29, 2010 Toronto, 
Canada, Paper 1008. 

Rogers, Colin A... and Robert Tremblay. (2010). “Impact of Diaphragm Behavior on the seismic 

design of Low-Rise Steel Buildings.” Engineering Journal AISC, Ist Quarter 2010. 


REFERENCES FOR SEISMIC SYSTEMS 


= Institute of Steel Construction Handbook of Steel Construction, 1th edition, Toroatc: 
; Institute of Steel Construction, 2015. 
ici oe Ro specific numerical examples in the CISC Handbook that relate directly to seismic 
a =H eal the tables we have been using in static deaign still apply and design 
compre ‘or a loads in Canada without the current CISC Handbook would be beyond 
> $16 Clause 27 vo 
Section of the 
Standard, 


> See also 
the reqedn MENIAL in the CISC Handbook, which is a fundamental part of waderstanding 
With the Coua tm clauses in the Code and the commentary, shook be readin conjencton 


vers seismic design. The seismic section of $16 is the most rapidly changing 
Standard and care should be taken to use the most up-to-date version of the 
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National Building Code of Canada 2015, Clause 4.1.8 (Live Loads due to Earth 

the Associate Committee on the National Building Code, National Research rakes) Lane by 
Ottawa, 2015. Counc of Canna” 
User’s Guide - NBCC 2015 Structural Commentaries (Part 4 of Division B y 
J, refers to seismic loading. In particular, see the sections in the commen nm B), Commentary 
force reduction factors and the equivalent static loading that we use for aie Covering SrRe 
buildings. TG JOW-tise stent 
Tremblay, R., M. Bruneau, R. Driver, A. Metten, CJ. Montgomery, and C ALR, 
Design of Steel Structures in Accordance with CSA S16-09. ings soBers 

and 10th Canadian Conference on Earthquake Engineering. July 25-29, 2019 .S. 

M. Bruneau, C.-M. Uang, and A. Whittaker. Ductile Design of Steel Stru bike + Canada, 
1998, 500 Pages. Second edition 2011. This is a great reference a 


on the desi 
discussions on philosophy of steel structures for seismic design, design of g 


'w Hill, 
several Worked tel with 


photographs illustrating what can go wrong if the systems are not detailed well Cxamples ang 
REFERENCES FOR BRACE BAYS 
° El-Tayem, A.A.,and S.C. Goel. “Effective Length Factor for the Desi of X-Braci 
AISC Engineering Journal (1986), 1st Quarter. 41-45, &n Of X-Bracing Systems” 


Korol, R.M. “Shear Lag in Slotted HSS Tension Members.” 
Engineering (1996), 23: 1350-54. 

Picard, A., and D. Beaulieu. “Design of Diagonal Cross Bracin: 
AISC Engineering Journal (1987), 3rd Quarter: 122-26. 


” Canadian Journal of Civit 


88. Part 1: Theoretical Study” 


REFERENCES FOR MOMENT FRAMES 


Canadian Institute of Steel Construction Handbook of Stee! Construction, 1\th edition, Toronto: 
Canadian Institute of Steel Construction, 2015. y 

> Some information on moment connections is given in Chapter 3 on connections, 

» $16 Clause 27 covers seismic design. 

» $16 Annex J Ductile Moment Resisting Connections. In earlier editions of the code this 
contained considerable material but this has been moved into the body of $16 and references 
the CISC guidebook on moment connections. 

Canadian Institute of Steel Construction. Moment Connections for Seismic Applications. 2015. 
This is the second edition of this guidebook and it takes advantage of several innovations and 
converts to Canadian codes much of the work on moment connections done by AISC. This 
publication can be downloaded for $40 from the CISC website. ‘ 

National Building Code of Canada 2015, Clause 4.1.8 (Live Loads due to Earthquakes), issued 9, 

the Associate Committee on the National Building Code, National Research Council of Canada, 

Ottawa, 2015. J 

User's Guide - NBCC 2015 Structural Commentaries (Part 4 of Division B), Commentary’ 

covers seismic design. semic Design 

USS. Federal Emergency Management Agency. FEMA-350 Recommended aa ate 

Criteria for New Steel Moment-Frame Buildings. June 2000. This publication is avane®™ 

free download from the FEMA website, FEMA-355 State of the Art report on Connecit 

was published in 2000. The report can also be found by going through the FEMA 8 (a 

finding Recommended Seismic Design Criteria for New Steel Moment-Prame Building®. 

FEMA reports are available for download over the Internet. FEMA has done pes distribution 

at researching seismic issues and distributing the information to engineers. Their 

of their research publications to Canadian engineers is very generous. 
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Zhang, Lo-Wu Lu, and John Fisher. Development Of Seismic Gui: 

Pa mucie, sme M are Connections. ATLSS Report No. 04-13. June ‘Abi Ravens 
~_ + Large Structural Systems (ATLSS) Engineering Research Center, Lehigh 

fechn0i08Y fOr 1 pA. Available in PDF format from AISC website, 

iver titute of Steel Construction (AISC). Prequalified Connections for Special and 

Americal eae el Moment Frames for Seismic Applications. ANSI/AISC 358. December 13, 

ial on the AISC website. 


COMPOSITE BEAMS 


san {nstitute of Steel Construction Handbook of Steel Construction, 11th edition. Toronto: 
‘an Institate of Steel Construct on, 2015. 
6 Clause 17 covers composite beams along with the commentary. 
» Sil 5.20 to 5-67 contains a discussion of composite beams, tables on shear capacities of 
> tre enads, worked examples and tables to make some aspects of composite beam design more 


a H covers shrinkage of concrete in composite beams. ‘ 
a Chien and J. Keith Ritchie. Design and Construction of Composite Floor Systems. Toronto: 
anadian Institute of Steel Construction, 1984. . ’ ; 
> This is a good reference covering many aspects of composite floor design but is getting hard 


find. 
GE Kank and G.Y. Grondin. Limit States Design in Structural Steel, %th edition. Toronto: 
Canadian Institute of Steel Construction, 2011. 
> Chapter 6 covers composite beams, including worked examples. 


REFERENCES FOR VIBRATION ANALYSIS 


. 


Canadian Institute of Steel Construction Handbook of Steel Construction, 11th edition. Toronto: 

Canatian Institute of Steel Construction, 2015. 

» $16 Annex E covers floor vibration. This appendix used to be several pages long with 
formulas and charts but now mostly provides good references. 

Thomas Murray, David Allen, and Eric Ungar. Floor Vibrations Due to Human Activity, AISC- 

CISC Steel Design Guide Series Number 11, 1997 (Revised October 2003). 

> This is good reference, including worked examples. The spreadsheet examples given in the 
text were developed based on the examples in this reference. 

NBCC 2015 Structural Commentaries (Part 4) 

» Commentary A covers serviceability issues including floor vibrations. 

Two good web Teferences profile London's Millennium Bridge and its swaying, including the 

Tesearch and solution. The project website af Arup Engineers discusses the challenges arvolved 

is the design, including oscillation, at arup.com/MillenniumBridge. You can watch the bridge 

wobble and read an in-depth report on the project on the BBC News website by clicking on 

aber ig a the navigation buttons at the top of the home privet ap to 

ve by year.” The Millennium Bridge speci can ord 
Under the headin g Ok" a gh asic 
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